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Preface

Civil engineering is closely related to people’s life, and the quality of civil engineering directly affects people’s life and personal safety and affects the development
of society to a great extent. Therefore, it is very necessary to analyze the development status of civil engineering, to improve the problems existing in the
development of civil engineering.
This book contains the proceedings of the 8th International Conference on Civil
Engineering (ICCE 2021) which was held on December 5, 2021, as a hybrid
conference (both physically and online via Zoom) at Nanchang Institute of
Technology in Nanchang, China. The conference is hosted by Nanchang Institute of
Technology and Civil Engineering Academy of Jiangxi Province, co-organized by
Journal of Rock and Soil Mechanics, Key Laboratory for Safety of Water
Conservancy and Civil Engineering Infrastructure in Jiangxi Province, Key
Laboratory of Sichuan Province for Road Engineering, Southwest Jiaotong
University. More than 150 participants were able to exchange knowledge and
discuss the latest developments at the conference. The book contains 139
peer-reviewed papers, selected from more than 300 submissions and ranging from
the theoretical and conceptual to strongly pragmatic and addressing industrial best
practice.
The book shares practical experiences and enlightening ideas from civil engineering and will be of interest to researchers and practitioners of civil engineering
everywhere.
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Particle Morphology Effect on the Soil Pore
Structure
M. Ali Maroof1 , Danial Rezazadeh Eidgahee2 , and Ahmad Mahboubi3(B)
1 Shahid Beheshti University, Tehran, Iran
2 Faculty of Civil Engineering, Semnan University, Semnan, Iran
3 Faculty of Civil, Water and Environmental Engineering, Shahid Beheshti University, Tehran,

Iran
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Abstract. The soil fabric can be expressed as a network model. Granular media
voids connectivity and constriction size distribution may lead to movement of
air, fluids, and solids in the soil, and therefore affect the chemical, physical and
mechanical properties of soils. Understanding the soil voids areas and their interconnection might be helpful in understanding different phenomena such as transport in porous media, water retention, fluid flow in the soil, soil contamination,
internal erosion, suffusion, and filtration. In addition, specifying the soil voids
interconnectivity can help researchers and practical engineers to provide the best
rehabilitation and remediation approaches. The pore network was investigated
in the current study, assuming the soil particles to be similar to discrete spheres
and particles with different shapes. Also, based on the modelling techniques, the
profiles of pore connectivity and constriction size distribution were assessed.
Keywords: Soil structure · Soil fabric · Pore network model · Constriction size
distribution · Particle shape

1 Introduction
The porous medium can be considered as the interconnected networks of bonds and
nodes. The nodes represent the pores, and bonds show constriction between these pores.
Fatt [1] pioneered to use of two-dimensional square and regular networks, including
cross-sectional pipes with various radii, to describe the stone pore structure [1]. The
physics of air and fluid flow and soil mass transport can be simulated using the network
model [2]. Network modelling is one of the methods that can be recruited to estimate
the transport in porous media [1–5], fluid flow in porous media and permeability [6, 7]
and the amount and size of eroded particles from soil skeleton [7–11]. A pore network
should specify the geometric characteristics and topology of porous media. In order to
conduct an accurate simulation of the porous media, the nature of the convergence and
divergence of pore distribution, multiple connectedness of pore space, and pore size
distribution should be considered [12]. In practice, a network model can be created by
average connectedness (coordination number), pore size distribution, and pore length
© The Author(s) 2022
G. Feng (Ed.): ICCE 2021, LNCE 213, pp. 1–10, 2022.
https://doi.org/10.1007/978-981-19-1260-3_1
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distribution [3]. The regular networks, such as those comprised of square shapes or
honeycomb forms, cannot describe irregular soils and rock structures due to those real
amorphous and tortuous structures. By changing the length or removing some of the
constrictions, a network similar to the actual soil structure voids can be created. Voronoi
and Kylie lattice are two examples of these networks. Based on the network configuration
and the coordination number, different networks can be generated. Figure 1 illustrates
some examples of two-dimensional networks of soil and rock pore structures, bonds, and
nodes which are equivalent to the soil pores and the paths of their connectedness in these
networks, respectively. The coordination number (Cn) can describe this relationship,
which represents the bonds connected to each node [2].

Fig. 1. Examples of the bi-dimensional networks, (a) square network, Cn = 4, (b) rectangle
network, Cn = 6, (c) irregular network, Cn = 3, (d) hexahedral network, Cn = 3, (e) Voronoi
lattice, Cn = 4, (f) intercept square network, Cn = 8, (g) Kylie lattice (simple graph), Cn = 3, (h)
Bethe lattice, Cn = 3, (g) cubic network, Cn = 6. [3, 13–16]

The shape of the pores can be spherical, cylindrical, incomplete conical, crossed,
bubble-shaped, similar to concrete pores, or flat such as mica or clay. However, pores
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mostly have irregular shapes [17]. Pore geometry and its tortuosity and topology play a
significant role in the structure of porous media [18]. The coordination number can be
considered as the main feature of network topology. A network model should determine
the mean of the coordination number, the topology of pore connectivity on the microscopic scale, and its distribution [14, 19]. The coordination number of the different
proposed networks ranges from 1 to 26. Raoof and Hassanizadeh [19] proposed a threedimensional cube network, in which each pore has 13 outputs in different directions, and
its coordination number is 26. The network models can be divided into quasi-static and
dynamic displacement types [20]. Quasi-static models create a capillary pressure in the
network and calculate the final static position of fluid-liquid interfaces. An inflow rate
is usually applied in dynamic models, which relates the transient pressure and interface
position.
In order to describe each network element, some parameters such as radius, shape
factor, volume, area, and length should be determined [21, 22]. It is difficult to measure
and calculate these parameters due to the complexity and amorphous of the porous
medium; however, these parameters are calculated for mono-spheres [23, 24]. Regular
and irregular models of the proposed pore network for simulating soil structure are shown
in Table 1. Some of these models were suggested to mimic fluid flow in porous media;
the model of the proposed network tube of Fatt [1], the ball and tube network model of
Chandler et al. [25], Raoof and Hassanizadeh [19], Indraratna & Vafai [8], Kovacs [7],
conical pore and tube Network Model of Toledo et al. [2].
Primary constrictions for fluid flow are through the pore throats, where pores interconnect with each other. In sediments, the dimension of the two interconnected pores
might specify the constriction size or the pore thought size (dthroat ) is typically half of the
pore dimension (dpore ). The following geometric relations apply to a simple cubic packing of monosized spheres: dpore = 0.73dgrain , dthroat = 0.41dgrain and dthroat = 0.56dpore . So
the correlation between k-and-dpore can be extended to k-and-dthroat , applying an appropriate correction factor [30]. In the diagenetically altered, and sedimentary structures,
the pore and constriction size ratio may deviate apparently from dthroat ≈ 0.5dpore [31];
thus, considerations must be taken into account for the constriction size. For example, the
hydraulic conductivity of carbonates can be associated with the square of the maximum
constriction size (max[dthroat ]2 ) and maintain the quadratic relation in Hagen-Pouseuille
[30]. The soil porosity relies on different parameters, including packing density, the
extent of the particle size distribution (polydisperse cases versus monodisperse ones),
the particles shape, and cementation conditions. Three-dimensional pore space networks
of the particles were obtained through direct imaging, usually through computed tomography, micro-CT, use of a probabilistic method to produce a synthetic three-dimensional
structure that obtains its properties from two-dimensional thin sections, and the simulation of particle packing by using geological processes such as sedimentation and
compaction [32]. In the next section, a review of the previous studies including sedimentation method, analytical method, numerical method and experimental methods are
presented. Additionally, CT scan image and replica technique are implemented in the
current research on the pore soil structure characterization.
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Table 1. Pore structure network model

model
tridimensi
onal parallel

Schematic of pore
network

Pore
network
model

Reference

network

Reference

Pore
Schematic of pore network

One[7,

dimensional

8]

- parallel

-

tubes

tubes
bidimensi
onal –

tri[25]

ball and

dimensional

[1]

– tubular

tube
tridimensi
onal –

One[29]

ball and

dimensional

[27,

- parallel

28]

tubes

tube

tri-

bi-

dimensi

dimensional

onal –

[19]

– conical

ball and

pore and

tube

tube

[30]

2 Methodologies
2.1 Sedimentation Method
Sherard et al. [33] estimated the diameter of the flow channels by collecting the suspended
particles in the water passing through the samples. Kenney et al. [9] also determined
the diameter of the particles passing through the filter by the dry-vibration method.
This method is effective for sand filters. Soria et al. [34] evaluated the performance of
a filter with the same materials and variable thickness. In this method, base materials
were suspended in the filter with a constant head, and passed particles were collected
and graded [10, 11]. The diameter of the passing particles might indicate the distance of
the particles moving within the filter, based on which Soria et al. [34] recommended a
method for specifying the constriction size distribution (CSD).
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2.2 Analytical Method
In the analytical method, CSD can be calculated by using PSD. A more realistic structure
of the pores can be estimated by considering the relative density and using a probabilistic
pattern for particles arrangement [35]. In this case, soil particles are often assumed as
spheres. Spherical particles can be considered due to the simplicity and applicability
of the calculations and modelling of a large number of particles. Silveira [36] provided
a model of spherical particle placement in the densest and loosest state and estimated
the size of the eroded particles from the filter. Soil porosity depends on several factors,
including density, particle size distribution, shape, and cementation [37]. By simulating
the soil with equal size spherical and geometric calculations, soil porosity, n, range
between 0.26 and 0.48 based on the arrangement of the particles.
2.3 Numerical Method
Uniform spheres packing has been commonly studied in conditions of random loose and
dense packing. However, due to a significant increase in the computation power recently,
modelling of more complicated and, simultaneously, realistic particles have become
widespread. Thus, large packs of irregular particles can be modelled and analyzed.
Utilizing the discrete element method (DEM), the samples with different porosity can
be constructed, and the pore network and soil structure are examined [38]. However,
creating samples with various shapes in the DEM method is rather difficult. Using the
clustering and clumped forms, it would be possible to create various complicated particle
shapes by putting spherical particles into a group.
2.4 Experimental and Imaging Techniques
Mercury porosimetry is one of the most common methods for measuring the pore structure of porous materials. This method only characterizes the pore size distribution connected to the mercury reservoir and does not measure the closed pore. This method is
usually used to measure pore sizes of 3 nm to 100 µm [3]. The gas absorption method is
another approach, which works based on surface absorption and pore surface measurements. This method measures lesser pore size ranges compared with mercury porosimetry [39]. Larger pores of porous media can be measured using 3D imaging or replica
technique, by which the results are transferable to finer soils because of the similarity of
structure and shape of grains [40]. The samples’ three-dimensional imaging can be implemented using a 3D laser scan or micro CT scan (µCT). µCT is a non-destructive method
that can determine pore space topology and the skeleton using computed tomography
[5]. In addition, nuclear magnetic resonance can be used to quantify the pore structure
[41]. Also, three-dimensional images of pores can be created by using statistical reconstruction of two-dimensional images of the thin section of the sample. Several 2D view
images of cross-sections from a 3D image can also be produced (as shown in Fig. 2).
These images show pore space topology, pore-connectivity, and porosity of samples.
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Fig. 2. CT scanning 3D image and cross-sectional 2D images, (R: right, L: left, T: top, B: bottom)

3 Experiments Using Replica Technique
In order to make a model of the coarse-grained pore structure, the liquid resin with high
elastic properties enters into the pore until it is saturated. When the resin is hardened,
the particles can be removed from the elastic structure, and thus a trace remains from the
pore structure. It can also be submerged with resin, slurry, or ceramic powder, deposited
in the fluid or immersed in the paste [40]. Sherard et al. [33] filled gravel pores with
molten wax and cut the sample after the wax was hardened to examine the channel pores
of the gravel.
Following the mentioned pore network modelling using replica technique, an imprint
of the pore space for four uniformly graded gravel includes Spherical, Angular, Subangular, and flaky particles, replicated as shown in Fig. 3. Patterns or imprints of the pore
network and individual pores show pore geometry, pore number per volume, pore size
distribution, and constrictions number per pore (coordination number).

4 Result and Discussion
The acquired results indicated that the particles sphericity or roundness reduction might
lead to mean pore length decrease, the tortuosity increase, and constriction sizes reduction [10]. In the case of dealing with flaky and elongated particle samples, the particle
arrangement had a higher contribution to pore size distribution than that of specimens
with rounded or crushed grains. In these samples, grains’ flatness and orientation affected
the pores network, whether the grains are placed on their largest, medium, and smallest
face or oriented.
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Fig. 3. Pore space imprint for various particle shape

The average coordination number, pores connection and constriction size distribution, pore length, and the tortuosity coefficient should be determined for soil structure
description. These parameters are measured using three methods: computed tomography, modeling by discrete element method, and laboratory tests. The shape of most soil
particles can be simulated with spherical, pyramidal, cubical, and flaky particles. The
soil structure was evaluated by assuming that particles were spherical, rounded, angular
(cubical, pyramidal), and flaky [42]. Analytical methods examined the soil structure for
spherical particles of different sizes and densities. Nevertheless, the structure of soils with
hetero-shaped particles is complex. Determining pore size distribution becomes impossible by increasing the coefficient of uniformity of the soil (Cu) and density changes.
However, by probabilistic methods, an equivalent soil structure can be estimated.
For monospherical particles, the coordination number is between 6 and 12, and the
centres of the layers vary between 1.41 and 2.0 times the radius of the particles. The length
of the path is a function of the diameter of the particles. In addition, porosity is 25.55 and
47.64 for the densest and loose conditions, respectively. Regarding spherical particles
with two-size, three-size, and four-size, both the sample density and the arrangement
of particles are essential. The pore network of these materials is similar to spherical
particles, although the probability of the placement of the particles near each other
makes it impossible to calculate the soil structure accurately. As the angularity of the
particles increases, the irregularity of the soil structure and the tortuosity path increase. In
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addition, the probability of such phenomena as particle bridging and particle breakage in
high-pressure increases. Specific surface area (SSA) and shape coefficients differences in
flaky specimens can be associated with variations in particle thickness, where thickness
increase leads grains SSA to be reduced.
On the other hand, gravity plays another role in packing flaky particles than elongated
particles, mainly due to the centre of mass finding lower energy states more easily [43].
The arrangement of the particles in these types of soils plays the most significant role in
the pore structure. The placement of the particles on the largest, medium, smaller side
or its inclined placement greatly influences the pore network.

5 Conclusion
An imprint of pore space of four uniformly graded gravel includes spherical, angular,
subangular, and flaky particle produced, and pore geometry has been evaluated. The
analytical method usually can be used for spherical particles, for natural soils, analytical
methods should consider and qualify the angularity elongation and roughness of grains.
In the current study pore structure of granular soils and methods to visualize, analyze, simulate and describe the structure of porous media by assuming the soil particle
similar to the discrete sphere and particles with different shapes have been presented and
discussed. Further, pore network and constriction size distribution were studied using
experimental replica technique, and CT-Scan imaging.
An imprint of pore space of four uniformly graded gravel includes spherical, angular,
subangular, and flaky particle produced, and pore geometry has been evaluated. Imprints
of the pore network and individual pores show pore geometry, pore number per volume,
pore size distribution, and constrictions number per pore (coordination number). As the
sphericity of the particles decrease, the irregularity of the soil pore structure and the
tortuosity path increase.

References
1. Fatt, I.: The network model of porous media, III. Dynamic properties of networks with tube
radius distribution. Trans. Am. Inst. Min. Met. Pet. Eng. 207, 164–177 (1956)
2. Berkowitz, B., Ewing, R.P.: Percolation theory and network modeling applications in soil
physics. Surv. Geophys. 19, 23–72 (1998)
3. Sahimi, M.: Flow and Transport in Porous Media and Fractured Rocks. (2011)
4. Blunt, M.J.: Flow in porous media pore-network models and multiphase flow. Curr. Opin.
Colloid Interface Sci. 6, 197–207 (2001)
5. Mostaghimi, P.: Transport phenomena modelled on pore-space images. PhD thesis, Imp. Coll.
London (2012)
6. Witt, K., Brauns, J.: Permeability-anisotropy due to particle shape. J. Geotech. Eng. 109,
1181–1187 (1983)
7. Kovács, G.: Seepage Hydraulics. Elsevier Scientific Pub. Co., New York (1981)
8. Indraratna, B., Vafai, F.: Analytical model for particle migration within base soil-filter system.
J. Geotech. Geoenviron. Eng. 123, 100–109 (1997)
9. Kenney, T.C., Chahal, R., Chiu, E., Ofoegbu, G.I., Omange, G.N., Ume, C.A.: Controlling
constriction sizes of granular filters. Can. Geotech. J. 22, 32–43 (1985)

Particle Morphology Effect on the Soil Pore Structure

9

10. Maroof, M.A., Mahboubi, A., Noorzad, A.: Effects of grain morphology on suffusion susceptibility of cohesionless soils. Granular Matter 23(1), 1–20 (2021). https://doi.org/10.1007/
s10035-020-01075-1
11. Maroof, M.A., Mahboubi, A., Noorzad, A.: Particle shape effect on internal instability of
cohesionless soils. In: Rice, J., Liu, X., McIlroy, M., Sasanakul, I., and Xiao, M. (Eds) Proceedings of the 10th International Conference on Scour and Erosion (ICSE-10), Arlington,
Virginia, USA, 18–21 October 2021, pp. 1–12 (2021)
12. Thauvin, F., Mohanty, K.: Network modeling of non-Darcy flow through porous media.
Transp. Porous Media. 31, 19–37 (1998)
13. Berkowitz, B., Ewing, R.P.: Percolation Theory and Network Modeling, pp. 23–72 (1998)
14. Chatzis, I., Dullien, F.A.L.: Modelling pore structure by 2-D and 3-D networks with
applicationto sandstones. J. Can. Pet. Technol. 16, 97–108 (1977)
15. Joekar-Niasar, V., Hassanizadeh, S.M.: Analysis of fundamentals of two-phase flow in porous
media using dynamic pore-network models: A review. Crit. Rev. Environ. Sci. Technol. 42,
1895–1976 (2012)
16. Pozrikidis, C.: Creeping flow in two-dimensional channels. J. Fluid Mech. 180, 495 (1987)
17. Dullien, F.A.L., Batra, V.K.: Determination of the structure of porous media. Ind. Eng. Chem.
62, 25–53 (1970)
18. Ghanbarian, B., Hunt, A.G., Ewing, R.P., Sahimi, M.: Tortuosity in porous media: A critical
review. Soil Sci. Soc. Am. J. 77, 1461–1477 (2013)
19. Raoof, A., Hassanizadeh, M.: A new method for generating pore-network models of porous
media. Transp. Porous Media. 81, 391–407 (2010)
20. Celia, M., Reeves, P., Ferrand, L.: Recent advances in pore scale models for multiphase flow
in porous media. Rev. Geophys. 33, 1049–1057 (1995)
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Abstract. Since the demand for accelerated construction is increasing these years,
much attention has been paid to accelerated bridge construction (ABC) methods.
The self-propelled modular transporters (SPMTs) are widely utilised in the ABC
method as a versatile transport carrier. However, since the limitation of the SPMTs
method, several structural system conversions will happen during truss installation,
and tensile stress will potentially appear at the upper chord of the truss. Moreover, it
is worth noticing the dynamic effects caused by utilising SPMTs to lift the truss can
enlarge the impact of tensile stress. As one type of prestressing, beams prestressed
with external tendons can effectively reduce the tensile stress. In order to reduce
the impact of cracks caused by tensile stress, the feasibility of adopting temporary
external pre-stressing tendons is discussed combined with the simulation results
of MIDAS in this research.
Keywords: Spmts · Tensile stress · Accelerated bridge construction · Midas ·
External pre-stressing

1 Introduction
In recent years, the development of land in urban areas has increased rapidly with
the development of the economy [1]. Consequently, the development of urban regions
directly leads to an increase in commuter time. For example, the average commute time
increased by 10.5% from 2000 to 2015 for the Seoul Metropolitan Area. Therefore,
since the traffic pressure is increasing in cities at the present stage, the most significant
problem has transformed into minimising the adverse impact of construction on urban
traffic.
As a counterpart measure, the accelerated bridge construction (ABC) method has
been developed to reduce traffic disruption [2]. ABC method is a novel method, which
could reduce traffic and construction period, to expedite bridge construction by utilising
new technologies and advanced management methods. In the US, the ABC method has
© The Author(s) 2022
G. Feng (Ed.): ICCE 2021, LNCE 213, pp. 11–17, 2022.
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been utilised as a powerful tool for reducing the social and economic costs of the possible
closure to repair, rehabilitate and replace more than 150,000 bridges [3].
The self-propelled modular transporters (SPMTs) method is an important component
of ABC methods. SPMTs is computer-controlled multiple platforms that can pivot, lift,
and carry large, heavy loads of many types. Currently, SPMTs has already been applied in
a series of bridge construction projects. In the past ten years, more than 100 bridges have
been moved by SPMT in the US [4]. Furthermore, the State of Utah in the United States
has listed the SPMT method as the recommended construction method and formulated
relevant regulations with the SPMT as the core part [5].
However, as a lifting installation method, the SPMTs method also has some limitations. Previous studies proved that the trusses could not be lifted from beam-ends.
It is not difficult to foresee that the structural system of the truss will convert several
times during installation. Moreover, since SPMTs is one kind of crane, dynamic effects
should also be considered. Thus, tensile stress is potentially appearing at the upper chord
of the truss at this stage considering the compressive pre-stress is often applied at the
web members and lower chord of the trusses in general designs. Due to the low tensile
strength of concrete, cracks will appear on the surface of concrete structure even when
the tensile force is not very large [6]. When the structure cracks, the concrete at the crack
section will completely withdraw from the work. Also, suppose cracks are not properly
sealed. In that case, it can increase the risk of corrosion because cracks will undermine
bridge appearance, increase maintenance and repair costs, and decrease bridge riding
quality and smoothness [7].
Researchers from Tongji University have pointed out that the use of external prestressing tendons can reduce the tensile stress of the upper flange of the beam and
improve the crack resistance of the beam under a negative bending moment [8]. This
research will utilise MIDAS to simulate the whole truss installation process to explore
the impact of tensile stress. The feasibility and economic efficiency of adopting external
pre-stressing tendons will also be discussed according to MIDAS results.

2 Methodology
2.1 Problem Description
Previous studies are utilising finite element simulation to analyse the internal force
of bridge structures. In this research, the internal force of both truss and SPMTs will
be analysed by using a similar approach. Simultaneously, the study will combine the
dynamic effects with the internal force obtained from the analysis results of MIDAS to
calculate the tensile stress caused by structure system conversions during installation.
In the research, a simply supported truss will be designed to simulate the whole
process of installation. The design process of the truss will follow GB 50010–2010
Code and GB 50017–2017 Code. The length L of the truss will be 32 m, and the height
H will be 4 m. The cross-section of the truss member is rectangular, and its area is bh,
where b is width and h is height. Simultaneously, the study assumes that the support
between the truss and SPMTs is point support, and the body of SPMTs will be regarded
as a rigid body. The research will regard truss as a plane structure, and the following
assumptions will be used during analysing: 1. All members are connected only at their
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ends by frictionless hinges; 2. The axis of each bar in the truss is straight, and the axis
passes through the centre of the hinge; 3. The external load on the truss acts on the node
and is located in the plane of the truss.
For optimisation measures, the research will start from preventing tensile stress to
determine the details of the measures and relevant costs. Then, the economic efficiency
of the measures will be discussed.
2.2 Design Variables

Table 1. Description of truss members.
Parameter

Value

Length of truss

L = 32 m

Height of truss

H =4m

Cross-section width of the truss members

b = 400 mm

Cross-section height of the truss members

h = 600 mm

Area of truss members cross-section

A = 240000 mm2

Area of longitudinal tension steel reinforcement

As = 2454 mm2

Area of shear reinforcement within spacing s

Av = 314 mm2

Table 2. Description of design parameters.
Parameter

Value

Rationale

The elasticity modulus of steel

E s = 2.06 × 105 MPa
E c = 3.45 × 104 MPa
ρ s = 7850 kg/m3
ρ c = 2400 kg/m3

GB 50017–2017 Code

Poisson’s ratio of steel

μs = 0.3

GB 50017–2017 Code

Poisson’s ratio of concrete

μc = 0.2

GB 50010–2010 Code

Concrete cover (includes a radius of
longitudinal tension reinforcement)

d’ = 65 mm

The study of Yeo and Gabbai

Longitudinal spacing of shear
reinforcement

s = 150 mm

External pre-stressing tendons
tensile strength

f t = 1860 MPa

The elasticity modulus of concrete
The specific mass of steel
The specific mass of concrete

GB50010–2010 Code
The study of Yeo and Gabbai

JTG 3362–2018 Code

Table 1 lists the description and value of the truss member. In this study, the size
of the web member and chord member is consistent. Thus, width b and height h are
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two fixed parameters. Since MIDAS will be utilised to analyse the internal force of
structure system conversions during installation, the parameters of steel and concrete in
Table 2 will be regarded as design parameters [9]. Also, the research will not consider
the discrete case, where the steel reinforcement positions and the selection of steel and
concrete are invariant.
2.3 Methods for Improvement
The external pre-stressing tendons will be adopted to decrease the tensile stress caused by
structure system conversions. Preventing from producing tensile stress in truss members
will be taken as design principles of external pre-stressing tendons. In this study, the 1
× 7 steel strands whose tensile strength f t is 1860 MPa will be utilised as temporary
external pre-stressing tendons during installation, as shown in Table 2. It will calculate
the area of external pre-stressing tendons combined with the analysis results of MIDAS.
σt =

Ft
A

(1)

Equation (1) represents the tensile stress during installation and the required area of
external pre-stressing tendons. σ t is the tensile stress in truss members, and F t is the
maximum tensile force obtained by MIDAS simulation considering dynamic effects.
Furthermore, dynamic effects will also be considered in this study. According to GB
3811–2008-T Code, the dynamic effects are taken as the dynamic coefficient multiplying
the tensile stress caused by self-weight effect of the concrete structure, as shown in
Eq. (2). σ dt is the tensile stress of the upper chord of the truss considering dynamic effects,
and ϕ 1 is a dynamic coefficient that can be taken as 1.5 for hoisting and transportation.
σdt = σt × ϕ1
Ap =

σdt
ft

(2)
(3)

Finally, the required area of external pre-stressing tendons can be obtained from
Eq. (3), in which Ap is the required area of external pre-stressing tendons. And the
expected cost of the improvement measures can be considered by Eq. (4). P is the total
cost of the improvement measures, mp is the required weight of steel strands, is the unit
price of steel strands, and Pc is the unit price of strand cable pre-stressed anchor.
P = mp × Pp + 2 × Pc

(4)

3 Results
According to Table 1 and Table 2, the study simulates the whole truss installation process
by utilising SPMTs. Figure 1 (a), (b) and (c) show the results of internal force analysed
by MIDAS. It can be obtained that the structural system has been converted two times
during the whole installation. It is worth noting that the maximum tensile force, 294.4
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kN, appears at the upper chord of the truss during lifting when the structure is a cantilever
truss. Thus, combined with Eq. (1), it can obtain that σ t is 1.23 MPa.
Since SPMTs is one kind of crane, the dynamic effects need to be considered during
lifting. According to Eq. (2), the maximum tensile stress of the upper chord can be
regarded as 1.85 MPa. Considering the design value of axial tensile strength of concrete
f td is 1.83 MPa in China GB 50017–2017, it is reasonable to believe the crack can appear
during lifting and can decrease the effective cross-sectional area.

Fig. 1. Internal force of the truss: (a) lifting; (b) installing; (c) completion (kN, negative value
represents compression).

In order to reduce the impact, it is necessary to adopt external pre-stressing tendons.
Combined with Eq. (3), one 1 × 7 steel strand is required if it considers that no tensile
stress appears at the upper chord of the truss. Moreover, if it ignores the labour cost,
according to the current market price, the total cost P can be obtained as 26.46 dollars
per truss by Eq. (4).

4 Conclusions
Since the limitation of the SPMTs method, the trusses cannot be lifted from beamends. Therefore, two structural system conversions will happen during installation. In
this study, a new improvement measure for lifting simply supported trusses by utilising
SPMTs is explored.
Combined with Table 1 and Table 2, the research simulates the whole process of
installation of a simply supported truss by utilising MIDAS. The simulation results in
Fig. 1 illustrate that tensile stress is easy to appear at the upper chord of the trusses
during lifting. Furthermore, the calculation shows that the maximum tensile stress of the
upper chord is 1.85 MPa considering the dynamic effects. It exceeds the design value
of axial tensile strength of concrete, which is 1.83 MPa, in GB 50010–2010 Code. The
upper chord of the truss is relatively fragile, considering the compressive pre-stress is
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often applied at the web members and lower chord of the trusses in general designs.
Thus, adopting one 1 × 7 steel strand as a temporary external pre-stressing tendon is
reasonable to reduce tensile stress. Moreover, the materials cost of this improvement
measure can be obtained as 26.46 dollars per truss by Eq. (4). Due to the potential
damage and maintenance cost caused by cracks, it will be helpful to reduce tensile stress
by adopting temporary external pre-stressing tendons in practice.
Nowadays, ABC is becoming more popular, and SPMTs are utilised more often in
construction. This research shows the rough idea of the improvement measure during
lifting trusses by using SPMTs. It can obtain from the research that the dynamic effects
have a considerable impact on the internal force of the structures. For further study,
it can consider exploring the impacts of different lifting velocities on dynamic effects.
It can also research the influence of offering additional constraints, which potentially
could reduce accelerations, on dynamic effects. Furthermore, improving the structure of
SPMTs would be another interesting future research direction. It can be considered to
add a detachable component to the SPMTs to improve the internal force distribution of
the trusses during installation.
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Abstract. One of the main element in the network is the intersection which consider as the critical points because there are many conflict in this element. The
capability and quality of operation of an intersection was assessed to provide a
better understanding of the network’s traffic efficiency. In Baghdad city, the capital of/Iraq the majority of the intersections are operated under the congestion
status and with level of service F, therefore theses intersection are consider as
high spot point of delay in the network of Baghdad city. In this study we selected
Al-Ameria signalized intersection as a case study to represent the delay problem
in the intersections in Baghdad. The intersection is located in the west of Bagdad
city, this intersection realizes a huge traffic, and there are a lot of tourist attractions
near to the study area. The aim of this research is to enhance traffic operations,
improve the level of service and decrease the delay in Al-Ameria signalized intersection by examine four suggested alternative. Special teams with a special tools
are collected traffic and geometric data for the intersection. HCS 2010 program
are used in this study to measure the delay and evaluate the level of service in each
approach and for the hall of the intersection. The result of this study show that
the intersection is operated under the breakdown condition with level of service
F for all approaches. The results highlighted that the fourth alternative is the best
suitable suggestion to enhance the level of service for the intersection. The fourth
alternative recommended to construct a flyover from the North bound towards the
South bound the level of service improve from F to C for the base year and for the
target year.
Keywords: Signalized intersection · Delay · Level of service · HCS

1 Introduction
The intersection can be consider as one of the significant part of the network due to the
conflict that will be happened at this point and may be leads to many problems such as
traffic congestion, traffic accidents. According to Eastern Asia Society for Transportation
Studies, there are two types of intersections grade and grade separated. At the same time
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the intersections can be classified as signalized and unsignalized due to the type of
control [1]. Traffic capacity, the key items that are used to determine traffic activity
in the intersection are the volume to capability ratio, deviation, and quality of service
[2]. The capacity of intersection can be defined as the maximum number vehicles that
can move through a given section during one hour under the dominant conditions, the
capacity for the intersection is measured for the lane group (for all lanes in the approach)
[3]. The volume to capacity ratio refer to the degree of saturation of the intersection
which refer to the ability of the intersection to operate the traffic demand under best
condition. Any intersection with volume to capacity ratio less than 0.85 is consider as
an ideal condition for the intersection and the traffic volume for this intersection will not
expected any congestion and delay. On the other hand, any intersection with volume to
capacity ratio more than 1.0, the intersection will operate with unstable condition and
the traffic volume in the intersection will expected more delay and there will be queuing
in all approaches [4]. Delay can be consider as an adequate indicator to assess the traffic
operation for the intersection [5]. Based on the HCM 2010 the delay can be define as the
“the additional travel time experienced by a driver, passenger, or pedestrian”. The delay
of the intersection can be classified into: uniform delay, incremental delay and initial
queue delay [2].
The average control delay can be calculated according to the Eq. 1:
d = d1 + d2 + d3

(1)

Where:
d1 : is uniform control delay,
d2 : is incremental delay, and.
d3 : is initial queue delay.
The uniform control delay is:
d1 =

0.5C(1 − g/C)2
(2)
1 − [min(1, X )g/C]

Where
C: is cycle length in seconds and g is the lane group’s efficient green period (second).
X: represents the lane group’s v/c ratio.
The incremental latency is as follows:



8KIX
d2 = 900T (X − 1) + (X − 1)2 +
(3)
cT
Where:
T: analysis period duration (hour),
K: signal controller mode-dependent delay adjustment factor,
I: upstream filtering/metering adjustment factor.
c: lane group potential (veh/hr),
X: lane group v/c ratio.
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The initial queue delay is:
d3 =

3600
vT


tA Qb +Q2e −Qeo +

2
Qe2 +Qeo
2cA

−

Qb2
2cA

Qe = Qb + tA (v − cA )
If v ≥ cA then: Qeo = T (v − cA )
tA = T
Qe0 = 0.0 · veh
If v < cA then:
tA = Qb /(cA − v) ≤ T



(4)

Where:
T: is the analysis period’s time in hours,
v: the request flow rate in vehicles per hour, and.
tA: is the adjustment period for unmet demand during the analysis period (hour),
cA: average potential of lane category (veh/h),
Qb: denotes the initial queue at the start of the analysis period (veh),
Qe: denotes the initial queue at the end of the analysis period (veh),
Qeo: denotes the initial queue at the end of the analysis period when cA > cA and
Qb = 0.0 (veh).
To evaluate the quality of the any part in the transportation network the traffic engineers used the term level of service (LOS) which is represented the delay that occur in
the traffic stream that used this part of the network [6]. According to HCM 2010 the LOS
can be defined as “a quantitative stratification of a performance measure or measures
that represent the quality of service”. The LOS of intersection can be classified into six
level centered on the normal intersection delay from A to F The LOS for a signalized
intersection is shown in Table 1.
Table 1. LOS criteria for signalized intersection [2]
LOS

Average delay sec/veh

A

≤10

B

10–20

C

20–35

D

35–55

E

55–80

F

More than 80

2 Previous Studies
The HCS software has been used in several studies to evaluate and improve the LOS
for signalized intersections in various Iraqi cities. HCS 2000 was used to assess the
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Al-Thawra signalized intersection in Al-Hilla district, Iraq. The intersection operates
with a 263.7 s/veh F LOS delay. The analysis proposed building a flyover to boost the
LOS; as a result, the LOS would be C with a latency of 22.8 s/veh [7]. Karim used
HCS 2000 in 2011 to assess the Al-Quds signalized intersection in Baghdad, Iraq. With
an average delay of 328.7 s per vehicle, the intersection was found to fit with LOS F.
By inserting one lane for each approach, the intersection’s LOS improves to C, with
an average delay of 34.6 s per vehicle [8]. Another research used HCS 2000 to assess
the AL-Mustansiriyah Intersection in Baghdad, Iraq. The best idea for improving the
LOS in this intersection was to construct a flyover between Al-Mustansiriyah University
Street and Al-Talibia Street, according to the study [9]. In addition, the LOS for the ALKafa’at signalized intersection in AL-kut district, Iraq, is evaluated using HCS 2000.
The current LOS for this intersection is F, with an average delay of 102.8 s per vehicle;
but, according to this report, adding more lanes for the right turn would increase the LOS
to D, with an average delay of 38.1 s per vehicle [10]. HCS 2010 was used to test the
LOS for the Al-Furqan intersection in Al-Fallujah district, Iraq. The operational review
for this intersection indicates that the intersection operates at LOS F with an average
delay of 105.2 s per vehicle. This study recommended that traffic from the west bound
be avoided in order to increase the LOS from C, which has an average pause of 34.5 s
per vehicle [11].

3 Objectives of the Study
The main objectives in this study are:
• Establish the peak hour for Al-Amreia intersection, which is consider as the highest
traffic volume in all approaches.
• Evaluate the current LOS at the Al-Amreia intersection with both approaches.
• Suggestion different proposals to improve the LOS at Al-Amreia intersection.
• Evaluation the LOS for all suggested proposals for all approaches at Al-Amreia
intersection.
• Selections the best propsal to improve the LOS at Al-Amreia intersection for the base
and target year

4 Study Area
Baghdad is the capital of Iraq; it considers as one of the congested cities in the world
because the huge number of vehicles that using the network in this city especially after
2003. All intersections in Baghdad city are operated under breakdown condition with
LOS F. For this reason, one of the congested intersection are selected in this study.
Al-Amreia intersection is selected as a case study for these reasons:
• Al-Amreia intersection connects the traffic volume that are coming from the West
provinces to Baghdad city.
• This intersection has high traffic volumes in all approaches
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• There are many attraction locations (residential, educational and commercial) close
to the study area.
Figure 1 represented Al-Amreia intersection and the boundary area of the selected
intersection study.

Fig. 1. Satellite image for Al-Amreia intersection in Bagdad city, Iraq [open street]

5 Methodology
To obtain the LOS for Al-Amreia intersection this study will follow the methodology
that describe in HCM 2010. Figure 2 shows the main steps that must be follow to obtain
the LOS which is the primary output.

Evaluation the Level of Service of Signalized Intersection

23

Fig. 2. Signalized intersection methodology

6 Data Collection
To evaluate the traffic operation at Al-Amreia intersection in terms of LOS a field data
survey is made by special teams these data including traffic and geometric data. The
measurements of these data are made manually on working days (Monday to Thursday)
at January 2021 to spot the peak hours.
6.1 Traffic Volumes
Traffic data survey is made for Al-Amreia intersection at the workdays from (6:00 am
to 7:00 pm) during the 2nd week on January 2021, the traffic volume is counted in each
approach for the three movement (left, through and right) and the highest number of
traffic volume during the survey time was highlighted as peak hour. The traffic volume
flow is classified into two categories:
• Passenger vehicles: Any vehicle contains four tires only.
• Heavy vehicles: Any vehicle contains more than four tires.
Table 2 shows the traffic volume at Al-Amreia intersection for each approach
according to their movement form (6:00 am to 7:00 pm).
While Table 3 shows the Heavy vehicles percentage at Al-Amreia intersection.
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Table 2. One-hour traffic level at the Al-Amreia intersection for both approaches

Time (hr)

EB (Al-Khadra)

WB (Abu
Ghareeb)

NB (AlGhazalia)

RT

TH

LT

RT

TH

RT

TH

LT

RT

TH

6–7 am

150

250

120

50

240

55

30

220

400

110

200

50

7–8 am

250

520

442

32

320

92

30

230

490

170

320

120

8–9 am

240

540

480

36

280

180

25

232

480

240

320

240

9-10 am

260

400

616

28

320

184

24

344

300

160

260

60

10–11 am

260

432

640

12

160

100

28

268

420

140

172

80

11–12 pm

256

380

800

28

408

200

20

400

548

184

304

56

12–1 pm

560

360

624

80

620

304

32

356

524

152

428

120

1–2 pm

360

320

480

84

440

320

40

488

500

180

400

152

2–3 pm

600

316

908

100

584

300

60

660

664

240

756

120

3–4 pm

465

250

682

82

456

250

74

582

574

272

290

78

4–5 pm

240

200

660

60

360

160

60

400

528

240

240

48

5–6 pm

120

256

408

70

278

160

32

288

273

220

400

55

6–7 pm

88

200

256

65

220

130

25

320

389

250

534

53

LT

SB (Al-Amreia)
LT

Table 3. Heavy vehicles percentage at Al-Amreia intersection.
Approach
EB (Al-Khadra)
WB (Abu Ghareeb)

% Heavy vehicles
7
12

NB (Al-Ghazalia)

9

SB (Al-Amreia)

6

6.2 Saturation Flow Rate
One of the main effective parameter on the capacity of intersection is the saturation flow
rate. To calculate this parameter for Al-Amreia intersection. The software HCS 2010 is
employed. The calculated saturation flow for each approach at Al-Amreia intersection
is shown in Table 4.
6.3 Existing Geometric Design
It is important to determine the number of lanes and the direction of each movement
when evaluating the quality of operation (LOS) at the Al-Amreia intersection. Figure 3
illustrates the intersection’s current geometric layout.
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Table 4. Saturation flow rate calculated at Al-Amreia intersection.
Approach

Movement

Saturation flow rate (vphg)

EB (Al-Khadra)

RT

1615

TH

5187

LT

1805

RT

1733

TH

5033

LT

1723

RT

1499

TH

5123

LT

1902

RT

1644

TH

4944

LT

1899

WB (Abu Ghareeb)

NB (Al- Ghazalia)

SB (Al-Amreia)

Fig. 3. Existing geometric design of Al-Amreia intersection
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7 Analysis and Results
7.1 Peak Hour Volumes
The following findings were drawn from the site inspection and traffic analysis:

Traﬃc Volume

• The peak hour at the Al-Amreia intersection is between 2:00 and 3:00 p.m. At this
hour, the overall traffic volume at the Al-Amreia intersection was 5038 pc/h (see
Fig. 4).

6000
5000
4000
3000
2000
1000
0

5308
3016 3293 2956 2712

4160 3764
3584

1875

4055
3196

2560 2530

Time (hr)
Fig. 4. Distribution of traffic volume at Al-Amreia intersection from 6:00 a.m to 7:00 p.m.

7.2 Peak Hour Factor (PHF)
According to HCM 2010, the PHF can be described as the ratio of total volume to the
hour’s maximum 15-min rate of flow. The following table summarizes the PHF values
for both routes to the Al-Amreia intersection (Table 5).
7.3 Existing LOS
To assess the current LOS HSC 2010 software, it is implemented. The LOS at the base
year was determined to be LOS (F), as seen in Table 6.
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Table 5. Peak hour factor at Al-Amreia intersection.
Approach

Movement

PHF

EB

RT

0.88

TH

0.91

LT

0.89

RT

0.95

TH

0.94

LT

0.87

RT

0.88

TH

0.95

LT

0.87

RT

0.90

TH

0.93

LT

0.91

WB

NB

SB

Table 6. Existing LOS at Al-Amreia intersection
Approach

Average delay sec/veh

LOS

EB (Al-Khadra)

216.3

F

WB (Abu Ghareeb)

102.4

F

NB (Al-Ghazalia)

128.6

F

SB (Al-Amreia)

107.3

F

Intersection

138.7

F

8 Proposals Design Alternative
8.1 First Proposal: Change the Cycle Length and Green Time for All Approaches
The first proposal that will be adopted it to change the cycle length form 90 s to 120 s.
In addition, it will increase the green time for the congested direction approaches (EB
(Al-Khadra) and SB (Al-Amreia)) in the intersection, it is found from the results shown
in Table 7 that the change the cycle length and green time for all, the intersection
became operational as a result of these methods (LOS F). As a result, this plan is not
recommended for operational improvement, and another one must be adopted.
8.2 Second Proposal: Increase Number of Lanes
The second plan to enhance the intersection’s LOS proposed increasing the amount of
lanes on both approaches by removing parking in the approach lanes. It is found from the
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Table 7. LOS at Al-Amreia intersection within first proposal

Approach

Average delay sec/veh

LOS

EB (Al-Khadra)

172.2

F

WB (Abu Ghareeb)

92.4

F

NB (Al-Ghazalia)

89.3

F

SB (Al-Amreia)

91.8

F

111.4

F

Intersection

results shown in Table 8 that the increase the number of operation lanes at all approaches
caused the intersection to work (LOS F). As a result, this plan is not recommended for
operational improvement, and another one must be adopted.
Table 8. LOS at Al-Amreia intersection within second proposal
Approach

Average Delay sec/veh

EB (Al-Khadra)

LOS

145.7

F

WB (Abu Ghareeb)

83.7

F

NB (Al- Ghazalia)

75.6

E

SB (Al-Amreia)

81.8

F

Intersection

96.7

F

8.3 Third Proposal: Underground from East Bound Towards West Bound
The third proposal to improve the LOS for the intersection suggested to increase the
number of lanes in all approaches by eliminating the parking in the execution of underground along EB (Al-Khadra) towards WB (Abu Ghareeb). It is found from the results
shown in Table 8 that the increase the number of operation lanes at all approaches made
the intersection operate on (LOS D). Therefore, this proposal is not recommended to
improve the operation and it is necessary to adopt another proposal (Table 9).
8.4 Fourth Proposal: Fly Over from North Bound Towards South Bound
The fourth proposal is to execute a flyover that connects NB (Al- Ghazalia) towards SB
(Al-Amreia), while the intersection is kept operating with four legs. It is clear from the
results that were shown in Table 10 that the LOS was (C). Also the execution of this
proposal will not make any improvement on the LOS, therefore; the fourth proposal was
adopted.
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Table 9. LOS at Al-Amreia intersection within third proposal
Approach

Average delay sec/veh

LOS

EB (Al-Khadra)

30.7

C

WB (Abu Ghareeb)

29.1

C

NB (Al-Ghazalia)

53.7

D

SB (Al-Amreia)

49.7

D

Intersection

40.8

D

Table 10. LOS at Al-Amreia intersection within third proposal
Approach

Average delay sec/veh

LOS

EB (Al-Khadra)

34.3

C

WB (Abu Ghareeb)

27.5

C

NB (Al-Ghazalia)

20.5

C

SB (Al-Amreia)

21.2

C

Intersection

25.9

C

9 Analysis of Forecasted Traffic Data
The HCS software is used to analyze forecasted data (after 20 years at a 2% annual
growth rate) through power, pause, and LOS calculations for all approaches and the
entire intersection. For the intended year. According to the data gathered, the LOS in the
target year would be LOS (C), as seen in Table 11.
Table 11. LOS at Al-Amreia intersection within third proposal
Approach

Average delay sec/veh

LOS

EB (Al-Khadra)

46.0

D

WB (Abu Ghareeb)

30.5

C

NB (Al-Ghazalia)

22.3

C

SB (Al-Amreia)

26.3

C

Intersection

31.3

C

10 Conclusions
From the results that obtained from the analysis for Al-Amreia intersection it can be
concluded that the existing LOS F with average delay 138.7 s/veh. The study suggested
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four proposals to improve the LOS for the intersection, it is concluded that the fourth
proposal which is construct a flyover from NB (Al-Ghazalia) towards SB (Al-Amreia),
the proposal reflects the best solution to improve the LOS for the intersection on base
and target year. The intersection will operate at C LOS with average delay 25.9 s/veh
for base year, while for target year the intersection will operate at C LOS with average
delay 31.3 s/veh.
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Abstract. Reinforced concrete is one of the most common materials in construction and knowledge of the behavior of reinforced concrete with lateral reinforcement has been one of the important topics in researches. Due to the high cost
of laboratory studies, researchers have tried to develop numerical methods with
the help of relationships obtained from analytical researches as well as various
programs including finite element codes. In most studies, moment-curvature diagrams in reinforced concrete with confined cores have been significant in studying
the behavior and performance of reinforced concrete sections. In this research,
using analytical relations and applying MATLAB program, a suitable algorithm
for calculating the moment-curvature in reinforced concrete columns with lateral reinforcement is presented. In this algorithm, the famous Mander and Kent
and Park models are used and a method for eliminating the non-confined concrete
cover during the analysis is proposed. Finally, the moment-curvature was obtained
for 4 sections of reinforced concrete and compared with the KSU-RC program,
which show a good agreement.
Keywords: Reinforced concrete · Moment curvature · Numerical analysis

1 Introduction
With the development of the industrial community, structures are becoming larger and
more complex, and safety and serviceability assessment requires the development of
accurate and reliable methods for their analysis. Laboratory methods that may be subjected to static and dynamic loads are introduced to ensure the strength of structures
against earthquakes. But it is important to note that laboratory methods require high
costs and may provide little information. In concrete structures, due to the brittle behavior of concrete and its early rupture in loading, the analysis of its behavior is more
complicated than steel. And it is usually a little difficult to analytically study the composite behavior of two completely different materials such as concrete and steel and the
time-dependent changes of the two materials and the effects between the two materials,
and researchers are still working on these topics. Due to the development of computers
and numerical methods and a clear explanation of the properties of materials, numerical
methods are widely used among researchers today. Reinforced concrete is one of the
most widely used structural materials today. One of the suitable methods for the safety
© The Author(s) 2022
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of structures or members of reinforced concrete against seismic loads is to increase their
ductility. In addition to ductility, other very important parameters such as strength, stiffness, are obtained from the moment-curvature curve and the relationships between them.
This curve examines the behavior of reinforced concrete structures under the effect of
bending. In the moment-curvature curve, there are three important points related to the
cracking of the reinforced concrete section, the yield of tensile rebars and finally the
failure of the compressive concrete. This area of the curve indicates the ductile behavior
of a flexural reinforced concrete beam, and the lower the cross-sectional tensile rebars
leads to the greater the ductility in the beam behavior as well as the moment-curvature
curve.
So far, various methods have been proposed to analyze the ductile behavior of reinforced concrete beams. It is important to consider the tensile effects of concrete and steel
correctly. In this regard, a simple algorithm and formula to calculate the relationship
between tensile reinforcement and flexibility of reinforced concrete beams Presented [1,
2].
Also, the amount of tensile reinforcement for a beam with the ratio of compressive
to tensile reinforcement and the desired ductility is obtained. In an experimental study,
15 laboratory beams have been studied experimentally and theoretically [3] The experiments are divided into 5 groups, each group to study a factor in the behavior of the beam,
including strength, maximum deformation and type of failure.
Another group of researchers presented experimental relationships to determine the
capacity for elastic and final deformation. [4] These relationships are based on parameters
such as final strength, ductility of steel and shear slenderness. In another numerical study,
Mohemmi and Broujerdian [5], proposed an indirect method for considering the bondslip interaction between rebars and concrete in analysis of reinforced concrete frames. In
this study in order to accurately evaluate the nonlinear behavior of RC frames, a reduction
factor has been considered and demonstrated well agreement between numerical analysis
and experimental data.
In this research, after presenting Mander et al. [6] and Kent and Park [7] strain stress
models, the relationships used to calculate the forces, which are generated from rebars
and concrete in the tensile and compressive areas are presented and then an algorithm for
calculating the moment-curvature graph is presented. Also, in the process of obtaining
the moment-curvature graph, the cover of sections has been gradually removed due
to cracking of unreinforced concrete. In this research 4 rectangular reinforced concrete
sections are used to obtain moment-curvature graph, for this purpose MATLAB program
has been used and the analysis of reinforced concrete sections has been done gradually
by increasing the strain in concrete compressive fiber. Finally, for validation, the results
of numerical analysis are compared with the KSU-RC program and there is a good
compatibility between the results of this research and the output obtained from the
program.
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2 Stress-Strain Models for Confined Concrete
2.1 Mander, Priestly, Park 1988
In this section, the relations developed by for the stress strain curve of confined concrete
are presented. Figure 1 shows the strain stress curve for confined and non-confined
concrete [6], as can be seen the use of stirrup, hoop and spiral increase the compressive
stress and ultimate compressive strain as well. Clearly it is important to have accurate
information concerning the complete stress-strain curve of confined concrete in order
to conduct reliable moment-curvature analysis to assess the ductility available from
columns with various arrangements of transverse reinforcement.

Fig. 1. Strain stress curve for confined and unconfined concrete by Mander, J., Priestley, M. &
Park, R., 1988 [6]

Equations 1 to 7 show the relationships proposed by Mander et al. [6]. To calculate
the strain stress curve for confined concrete. Equations 8 to 11 are used to calculate
the confined stress for circular and 12 to 16 for rectangular sections. As well as Fig. 2
shows the confined core for circular and also Fig. 3 shows the confined core related to
rectangular sections, these figures are taken from Mander et al., study [6].
fc =

fcc x r
r − 1 + xr

(1)

Where f’cc is compressive strength of confined concrete
εc
εcc

 

fcc
= εc0 1 + 5  − 1
fc0
x=

εcc

(2)
(3)
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Ec
Ec − Esec


Ec = 5000 fc0
r=

Esec =

fcc
εcc

(4)
(5)
(6)

where εc , is longitudinal compressive concrete strain that is assumed, εc0 = 0.002


7.94f1
f1


−
2
fcc = fc0 −1.254 + 2.254 1 +
(7)


fc0
fc0
f’1 = lateral confining stresses
1
ke ρs fyh
2

f1 =

ke =

ke =

1−

2

s
2ds

1 − ρcc
1−

s
2ds

1 − ρcc
ρs =

(8)

for circular hoops

(9)

for circular spirals

(10)

4Asp
Asp π ds
=
π 2
ds s
4 ds s

(11)

ps = ratio of the volume of transverse confining steel to the volume of confined concrete
core.
f1x = ke ρsx fyh
ρsx =

Asx
sdc

f1y = ke ρsy fyh



(13)
(14)

Asy
sbc

(15)

(f1x )2 + (f1y )2

(16)

ρsy =
f1 =

(12)

where Asx and Asy = the total area of transverse bars running in the x and.
y directions and ke = 0.75
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Fig. 2. Confined core for circular sections by Mander, J., Priestley, M. & Park, R., 1988 [6]

2.2 Kent and Park Model
In this section, the Kent and Park model [7] is presented, as seen in Fig. 4 in this model
confined concrete sustain more ultimate strain than unconfined concrete based on Kent,
D. C, and Park, R. (1971) model [7], but according to the relationships of this compressive
stress model, there is no change in its compressive stress.
In this model the ascending branch is represented by Eq. (17).


2εc
εc 2
(17)
−
σc = fc
0.002
0.002
The post-peak branch was assumed to be a straight line whose slope was defined
primarily as a function of concrete strength, Eqs. (18–20)
σc = fc [1 − Z(εc − 0.002)]
ε50u =

3 + 0.0285fc
14.2fc − 1000

(18)
(19)

b
3
ρs
(20)
4
s
where; σ = Concrete stress; b = big size of the core concrete (area inside the stirrup),
s = stirrup spacing, ρs = stirrup percent density.
ε50h =
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Fig. 3. Confined core for rectangular sections by Mander, J., Priestley, M. & Park, R., 1988 [6].

Fig. 4. Stress strain curved for confined and unconfined concrete based on Kent, D. C, and Park,
R. (1971) model [7]
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3 Calculation of Moment and Curvature
To calculate the moment-curvature curve, we need to calculate the forces in the section
that these forces must be calculated step by step with increasing strain and after establishing the tensile and compressive balance in the section, the total moment and curvature
are obtained in each step.
It should be noted that the concrete used in the cover is crushed due to not being
reinforced at a strain of 0.003 and must be removed from the calculation stage. The
subject is included in the analysis. Equations 21 to 29 show how to calculate the forces
related to concrete and reinforcements in section and finally the moment and the corresponding curvature as well. Figure 5 shows the forces for concrete and reinforcements
for a section with tensile and compressive rebars.

Fig. 5. Concrete and reinforcements forces for a section with compressive and tensile reinforcement

εc =

εca
×y
kd
kd

Ac =

fc (y) dy

(21)
(22)

0

 kd
C=

0

fc (y) × y dy
 kd
0 fc (y) dy

(23)

CC = Ac × b

(24)

TS = As × E × εs

(25)

CS = As × E × εs

(26)

P = CC + CS − TS

(27)
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M = CC × (d − kd + C) + CS × (d − dp)
φ=

εca
kd

(28)
(29)

εca = Concrete Strain that is assumed
kd = Depth of Narural Axis must be assumed
b = width of sec tion
Ac = Stress Area of Concrete
C = Centroid of concrete force
CC = Concrete force
CS = Compressive rebars force
TS = Tensile rebars force
P = Equilibrium of forces (must be zero)
M = Moment
φ = Curvature
Figure 1 illustrates the calculation of moment-curvature algorithm. In this diagram,
first the input data including the compressive strength of unconfined concrete, section
depth, section width, area of reinforcement, etc. are given. Then fc and the final strain
of the confined concrete are calculated according to the Kent Park and Mander models.
And then the balance of forces in the cross section must be checked. If there is balance
between tensile and compressive forces then the moment and curvature are calculated.
This process should be continued with a gradual increase in compressive strain until the
section fails. It should be noted that due to the unconfined concrete cover, this part of the
section should be gradually removed from the section after reaching the fracture strain
of concrete. These steps are given in full in the algorithm.
As it is noted in previous sections and shown in Fig. 6 algorithm, due to nonconfinement of concrete cover it must be eliminated during the analysis. Concrete cover
is eliminated when strain in concrete compressive fiber reaches approximately to 0.003.
Figure 7 depicts the elimination of concrete cover that leads to depth of section decrease
due to experiencing strain upper than 0.003.

4 KSU-RC Software
KSU_RC is a program for analyzing the behavior of reinforced concrete columns, the
first version of which has been created and updated by Esmaeily as USC_RC (2002)
[8] and then by Esmaeily as KSU_RC (2007) [9]. The current version has the ability of
performance analysis under changes in lateral and vertical load patterns but can only be
used for rectangular, circular and hollow sections. Shir Mohammadi [10] updated the
ksu version in 2015, which was part of his doctoral dissertation.
Rohleder [11] had a research also led to the current version of KSU-RC, which
underwent many changes compared to the original version. The program is based on
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Fig. 7. Gradual elimination of non-confined concrete cover

analytical models of material behavior under monotonic and cyclic loading, all sections
can be triangulated by each sectional element following the behavioral model of strain
stress based on its deformation. Elements can be defined as both confined and unconfined.

5 Result and Discussion
Figure 8 demonstrates rectangular reinforced concrete sections used in this research
in order to calculate moment-curvature diagram. It should be noted that compressive
strength of unconfined concrete and the reinforcement yielding strength are assumed;
Fc = 22 N/mm2 assumed; Fy = 400 N/mm2 respectively.
In this section the result of Moment-Curvature for Mander and Kent-Park models
which were created by MATLAB are compared with KSU-RC software.
As can be seen in Fig. 1, 2, 3 and 4, the moment-curvature diagram for the 4 sections
are shown. First, the relationship between moment and curvature is linear, and with
increasing curvature, the moment also increases. And then after cracking the concrete
in the tensile zone, the moment-curvature relationship gradually becomes non-linear to
reach the peak point and maximum moment. Then, by increasing the amount of curvature
and strain in the concrete compressive fiber, the concrete cover that is not confined is
gradually cracked and removed from the section. And we will have a gradual decrease in
strength and bending moment. Then, with increasing strain in the compressive farthest
wire, the curvature also increases and the tensile rebars reach the yielding point and
experience a large deformation without increasing the strength (due to the elastoplastic
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Fig. 8. Reinforced concrete sections used in this study

behavior used in this research for reinforcement) and this causes a large increase in
curvature and Keep the amount of moment in section constant. The increase in curvature
continues until the concrete reaches its ultimate strain and the section fails.
Figure 9, 10, 11 and 12 show the moment-curvature diagrams for the Kent-Park and
Mander models developed in the MATLAB program and the Mander model obtained
from the KSU-RC program. This comparison shows that the algorithm proposed in
this research to calculate the moment-curvature diagram in confined reinforced concrete
sections has a suitable agreement with the KSU-RC reinforced concrete sections analysis
program and the part related to concrete cover is removal during analysis with increasing
strain well considered in concrete.
Using this algorithm can be used to analyze larger reinforced concrete structures,
while similar KSU-RC programs are usually used to analyze a section.
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6 Conclusion
Experimental tests are the most accurate methods for analyzing reinforced concrete structures in linear and non-linear zones, and reinforced concrete structures have a complex
behavior due to nonlinear behavior and cracking of concrete in tension, and researchers
still study on the methods of analysis of these structures. But doing laboratory research
requires a lot of time and money, and also it is not possible to test a 3D full-scale structure
in a model laboratory. For this reason, the use of numerical methods has been developed
due to high accuracy and reasonable cost reduction. In this research, an algorithm is
proposed to analyze and obtain the moment-curvature diagram in reinforced concrete
sections. In this algorithm, Mander and Kent-Park models are used to calculate the bending moment, and step by step, by increasing the strain in the section compressive fiber,
the moment and the corresponding curvature are obtained. The important point about this
algorithm is that due to the lack of confinement in concrete cover, this part is gradually
eliminated from the section at a strain above 0.003, which is very important in gradually
reducing the RC sectional strength. Finally, the moment-curvature diagram obtained for
four reinforced concrete sections numerically, is compared with the moment-curvature
diagram obtained from non-linear analysis software of reinforced concrete structures
KSU-RC and shows high accuracy. It is also possible to extend this algorithm to the
structure and analyze larger frames and structures.
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Abstract. TH Port is in offshore of Cua Lo estuary, Nghe An Province, Vietnam.
In master plan from 2021 to 2030 and vision to 2050 years, an offshore breakwater
will be built to protect the harbour basin of the port. This paper will be investigated
the influence of the offshore breakwater on the hydrodynamics changes by a couple
numerical model. The results indicated that the hydrodynamic regime control
by the presence of offshore breakwater in monsoon and storm conditions and
the offshore breakwater plays an important role in protection of TH port in NE
monsoon and storm waves conditions and the presence of breakwater induced
circulations in front of two estuaries and the mid area of Cua Lo beach.
Keywords: Hydrodynamic · Wave · Breakwater · Numerical model · TH port

1 Introduction
Estuary plays in an important role in the human life. There are 22 cities within the
32 largest cities in the world are in estuaries. Many estuaries are important centres
of transportation and international commerce. Because of their great commercial and
recreational importance, estuaries are often utilized excessively by a burgeoning coastal
population. Approximately 60% of the world population now resides near the estuaries.
The regulation work and dredge or the combination of these two can be useful in
stabilizing the navigation channel position, diverting water flow, blocking sediment, and
minimizing the back-siltation. These methods have been widely used in the estuarine
navigation channels over the world. In case of high intensity of back siltation, offshore
port will be considered. In 1884, France began regulation work in the Seine Estuary. Two
jetties are built along the bank having 60 km length. The distance between two jetties
ranges from 300 to 500 m. This work continued until 1980 with a 9 km submerged
breakwater constructed in the old North jetty and a dredging volume of 2.5 million
cubic meters. The 10.6 m channel depth is designed for vessels 35,000 DWT to reach
Rouen. In 1863, for the regulation of Rhine River for Rotterdam Port in Netherland,
© The Author(s) 2022
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two jetties were constructed in two banks of the Rhine River. Other examples are the
Columbia Estuary, southwest channel of Mississippi Estuary in America and Mersey
Estuary in United Kingdom [1].
Lacroix et al., used numerical model to simulate investigated the effect of geotextile
submerged breakwater on hydrodynamics in La Capte beach, France. The results shown
that the presence of the breakwaters has changed the current at La Capte beach in the
positive direction, and the significant wave height and current speed have been reduced
to acceptable levels [2].
Many estuaries have been investigated by numerical and physical models, as it is
very common to calibrate and validate these two methods by each other. It does not
save cost or time, but may increase the effect and development speed of the navigation
channel research [1]. Nguyen and Zheng proposed four regulation schemes for Dinh
An estuary and used numerical model to investigated and analysed with respect to the
behaviour of each scheme to improve the water depth in the navigation channel [3].
In this study, the influence of the offshore breakwater in TH port of Cua Lo estuary
on hydrodynamics and wave transformation will be investigated by a couple numerical
model.

2 Study Area and Methodology
2.1 Description of Study Area
TH port is in offshore of Cua Lo estuary, Nghe An Province, Vietnam. It is the most
important estuary in Nghe An province. Cua Lo estuary will become a modern key
project of special significance in economic development not only for Nghe An but also
for Laos and north-eastern of Thailand. The existing port includes six berths for mooring
vessel of 10,000 to 20,000 DWT. Based on the master plan period from 2021 to 2030
and vision 2050, there are three navigation channels to three ports such as ➀ Cua Lo
port, ➁ DKC port and ➂ TH port, and an offshore breakwater will be constructed in the
northern of Cua Lo estuary (Fig. 1).
There are two ports of Vissai Nghe An in the north of Cua Lo estuary. It is a specialized
mooring area with a general port and a container in which the general ports and containers
for vessel of 30,000–50,000 DWT and up to 100,000 DWT, and international passenger
vessel of between 3,000 and 5,000 seats, when conditions permit); Specialized wharves
for export of cement, clinker, coal for vessel of 70,000- 100,000 DWT of international
routes, specialized wharves for coal importation, additives, cement, clinker, vessel of up
to 30,000 DWT in domestic and international; Specialized ports specialized in importing
liquid petrol, oil, asphalt and petroleum products for vessels of up to 50,000 DWT and
wharfs for 5,000 DWT [4, 5].
The TH port (number 3 in Fig. 2) is a priority project for construction for mooring
vessel of 100,000 DWT and an offshore breakwater will be built to protect wave impact
on the port and ensure the safety operation. The offshore breakwater was proposed by
TEDIPORT with 2520 m length and crest level of 6.5 m (Chart Datum).
Wind data was collected from Hon Ngu Island station from 1962 to 2020 with interval
time of 3 h. The analysis result shows that offshore wind included two major seasons
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Fig. 1. Study area

are NE monsoon and SE monsoon. The maximum speed of 56 m/s occurred in NNE
direction on October 1st, 1964.Wind rose is plotted in Fig. 2, and indicated that the
main wind direction for N direction with frequency of 25.85%, for NE direction with
frequency of 7.51% in the winter and changes to be S direction with frequency of 8.75%,
SE direction with frequency of 9.25% in the summer [4, 6].
Tidal in coastal of Cua Lo estuary is semi-diurnal with tidal ranges from 1.0 to
3.59 m [7]. Before Nghi Quang Dam was built, Cam River flow has significant in the
formation and existence of tidal creeks in front of Cua Lo port, now with the presence
of Nghi Quang Dam the effect of river flow can be ignored. The observation data from
TEDIPORRT in December 2016 show that nearshore current speed of 0.65 m/s with
NW direction in the NE monsoon [4, 6].
Nearshore wave depends on the offshore wind, the domination wave in NE monsoon
are NE & N waves with the average signification wave height ranges from 0.7 to 1.0 m.
In SE monsoon, wave prevailing in SE and SW directions. During storm NANCY (May
18, 1982) significant wave height was recorded of 6.0 m. The frequency of waves occurs
as following NE waves of 18.4%, N wave of 15.42%, SE wave of 7.59% and SW wave of
5.16%, respectively [4]. Wave rose plotted in Fig. 4 is result of offshore wave collected
from NOAA at the location of 1900N, 106015’ E from 1997 to 2016. The maximum
wave height observer reached to 4.5 m in NE direction [4, 6].
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Fig. 2. Wind rose in Hon Ngu Island station

2.2 Methodology
To investigate the influence of offshore breakwater of TH port in the hydrodynamic of
Cua Lo estuary based on the two dimensions couple numerical model in a larger coastal
area between Cua Lo and Cua Hoi estuaries. The couple model consists of Mike 21HD
and Mike 21 SW models, these models were calibrated and verified of by Nguyen et al.
(2021).
Mike 21 HD model used a study domain showed in Fig. 3. Study domain with two
river boundaries are Cam and Lam rivers. Cam River boundary is far from the Cua Lo
estuary about 2 km and Lam River boundary is far from Cua Hoi about 3.5 km. Two
river boundaries are near to estuary and subjected to tidal regime. Therefore, tidal levels
were used in these boundaries.
Mike 21 SW model used fully spectral formulation with stationary mode. A spectralform empirical formula was used in initial conditions type. A wave fetch of 160 km and
the maximum peak frequency was 0.4 Hz were setup for the JONSWAP fetch growth
expression. Other JONSWAP’s parameters used the default values. Offshore boundaries
were applied timeseries wave data obtained from NOOA, and storm wave with return
period of 50 years collected from TEDIPORT (2016) was used in simulation of storm
scenario.
Six scenarios of simulation will be carried out in which three scenarios simulate the
natural condition and three scenarios simulate with the presence of offshore breakwater
in climates condition such as NE monsoon, SE monsoon and storm with return period
of 50 years. The results will be used to analysis the hydrodynamics and wave features
in the Cua Lo estuary.
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Fig. 3. Study domain

3 Results and Discussion
3.1 Hydrodynamic Features
In NE monsoon, during the flood tidal the current in the nearshore flow from north to
south. However, in offshore due to the presence of offshore breakwater two circulations
appeared, one occurred in the southwest of the breakwater and one in mid of coastal zone
between two estuaries. The current behind the breakwater very small with the maximum
speed reached to 0.08 m/s only. In Cua Lo estuary, the maximum flood current speed of
0.15 m/s is smaller than in Cua Hoi estuary of 0.35 m/s. The longshore current in the
northern of Cua Lo is larger than in the estuary and Cua Lo beach. The current speed in
Cua Hoi estuary reaches to 0.35 m/s (Fig. 4).
During the ebb tidal, the ebb current from Cua Lo estuary flow to the north while in
Cua Hoi estuary still existing of the flood current. This phenomena is similarity with the
result in the natural condition without offshore breakwater [6]. The current speed in the
harbour basin of TH port is a bit smaller than other water areas. Longshore current from
Lan Chau rocky headland to the south jetty in Cua Lo estuary and from the north jetty
of Cua Lo estuary to the north very small only ranges from 0.02 to 0.05 m/s. The result
also indicated that Hon Ngu Island take an important role for distribution of current field
in the Cua Lo coastal and also Cua Lo estuary, the presence of Hon Ngu Island induced
decreasing of offshore current during ebb tidal (Fig. 5).
In SE monsoon during the flood tidal, the currents in the nearshore flow from the
south to the north. The maximum ebb current speed in Cua Lo estuary is 0.41 m/s larger
than in Cua Hoi estuary of 0.33 m/s. Longshore current along the coastal of Cua Lo
beach ranges from 0.05 to 0.1 m/s (Fig. 6).

Assessment of the Influence of TH Port’s Breakwater

51

Fig. 4. Flood tidal current field in NE monsoon

Fig. 5. Ebb tidal current field in NE monsoon

During the ebb tidal, the nearshore currents also flow from the north to the south.
A circulation appeared behind the offshore breakwater. Longshore current a bit higher
than in flood tidal. The maximum ebb current speed in Cua Lo estuary is 0.25 m/s larger
than in Cua Hoi estuary of 0.12 m/s (Fig. 7).
In the storm with return period of 50 years, during the flood tidal, the currents in the
nearshore flow from the south to the north. The maximum ebb current speed in Cua Lo
estuary is 0.41 m/s larger than in Cua Hoi estuary of 0.33 m/s (Fig. 8). During the ebb
tidal, the nearshore currents also flow from the north to the south. The maximum ebb
current speed in Cua Lo estuary is 0.25 m/s larger than in Cua Hoi estuary of 0.12 m/s
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Fig. 6. Flood tidal current field in SE monsoon

Fig. 7. Ebb tidal current field in SE monsoon

(Fig. 9). In both flood and ebb tidal regime the circulation occurred behind the offshore
breakwater, in mid of coastal between two estuaries and in front of Cua Hoi estuary.
The simulation results indicated that the new navigation channel and offshore breakwater induced a complicated coastal current in the study area with many coastal circulations. These circulations will be induced unpredictable sediment transportation and can
affect the stability of the navigation channels in the study area.
3.2 Wave Field
During NE monsoon, the NE wave was blocked by offshore breakwater and wave height
in front of the gap between two jetties of Cua Lo estuary ranges from 1.2 to 1.4 m and
reduced in the south of estuary and Lan Chau rocky headland. The coastal to Cua Lo
estuary the wave height ranges from 0.8 to 1.2 m and increasing in the southern part.
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Fig. 8. Flood tidal current field in the storm with return period of 50 years

Fig. 9. Ebb tidal current field in the storm with return period of 50 years

This result also indicated that the offshore breakwater has not taken significant in wave
height distribution in Cua Hoi estuary in NE monsoon (Fig. 10).
During SE monsoon, the NE wave was blocked by both of Hon Ngu Island and
offshore breakwater. However, the present of the offshore breakwater has not taken
significance in wave height distribution in Cua Lo estuary while Hon Ngu Island plays
an important role in reducing wave height in Cua Lo beach and estuary during the SE
monsoon. The wave height in front of the gap between two jetties of Cua Lo estuary
ranges from 1.2 to 1.4 m and reduced in the south of estuary and Lan Chau rocky
headland. The coastal to Cua Lo estuary the wave height ranges from 0.4 to 0.8 m, and
in Cua Hoi ranges from 0.8 to 1.0 m (Fig. 11).
In the storm condition, the present of the offshore breakwater take an important part
in reducing the significant wave height in Cua Lo estuary and a half part of coastal area
between two estuaries. The Hon Ngu Island also plays an important role in reducing
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Fig. 10. Wave heigh in NE monsoon

Fig. 11. Wave heigh in SE monsoon

wave height in Cua Hoi estuary. The wave height in front of the gap between two jetties
of Cua Lo estuary ranges from 2.0 to 2.4 m and reduced in the south of estuary and Lan
Chau rocky headland. The coastal to Cua Lo estuary the wave height ranges from 1.0 to
1.3 m, and in Cua Hoi ranges from 1.4 to 1.8 m (Fig. 12).
Table 1 presented the comparison wave height before (N-BR) and after (W-BR)
construction of the offshore breakwater in four locations as show in Fig. 12. The results
showed that in the Cua Lo estuary (location t1) the wave height reduced from 22.46 to
32.47%; the Cua Lo beach (location t2) the wave height decreased from 2.26 to 16.22%;
the wave height behind the offshore breakwater reduced from 77.36 to 95.74% and in
the Cua Hoi estuary from 4.48 to 10.95%.
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Fig. 12. Wave heigh in the storm with return period of 50 years
Table 1. Comparison wave height before (N-BR) and after (W-BR) construction of the offshore
breakwater
Locations Maximum wave height (m)
NE monsoon

SE monsoon

Storm

N-BR W-BR Difference N-BR W-BR Difference N-BR W-BR Difference
(%)
(%)
(%)
t1

1.87

1.38

26.20

1.54

1.04

32.47

3.23

t2

1.78

1.58

11.24

1.33

t3

2.07

0.27

86.96

1.59

t4

1.65

1.54

6.67

1.23

2.44

24.46

1.30

2.26

3.76

3.15

16.22

0.36

77.36

3.76

0.16

95.74

1.17

4.88

2.1

1.87

10.95

4 Conclusions
1. Offshore breakwater plays an important role in protecting the TH port in both of
northeast monsoon and storm conditions.
2. Circulation occurs in both of Cua Lo and Cua Hoi estuaries and in the mid coastal
area during storm.
3. The presence of offshore breakwater has good protecting of the TH port from wave
impact. However, it may induce sedimentation in existing navigation channels to
Cua Lo port due to the complex of hydrodynamic regime induce by the breakwater.
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Abstract. Cold-formed steel members with perforations have been commonly
applied to meet the demands for technical installations. The design of the perforated members was regulated in Specification AISI S100-16 using the Direct
Strength Method (DSM). This method is based on elastic buckling analyses to
predict the capacities of cold-formed steel members. The determination of elastic
buckling loads is compulsory for the application of the DSM method in the design
and has been presented in the Specification. The specification regulations are only
applied for symmetrical and evenly spaced holes. The paper, therefore, investigates the effects of unsymmetrical, unevenly spaced and eccentric holes on the
elastic global buckling loads of perforated channel members using finite element
analyses. The effect of symmetrical and evenly web holes on the elastic global
buckling loads of cold-formed steel channel members in comparison with those
of gross section members is also investigated.
Keywords: Hole locations · Elastic global buckling loads · Cold-formed steel
channel members · Perforations

1 Introduction
Web holes are found in a variety of cold-formed steel members to allow technical services
to pass through. These holes are commonly pre-punched in the webs of channel or Zed
sections that have significant impacts on the stability and capacity of this type of structural
member. The design of the cold-formed steel members with holes was also included in
the Specification AISI S100-16 [1] using the Direct Strength Method (DSM). The DSM
method can provide the sectional and member capacities based on the elastic buckling
loads. The determination of the elastic buckling loads, therefore, is mandatory for the
design of perforated members.
A large number of studies on the cold-formed steel members with perforations have
been available in literature. An experimental program presented in [2] investigated the
strength of stub columns with circular holes to illustrate the strength decreasing with the
increasing of hole diameter. The influences of circular, slotted and rectangular web holes
© The Author(s) 2022
G. Feng (Ed.): ICCE 2021, LNCE 213, pp. 57–69, 2022.
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on the strengths of stub columns were also investigated by many studies [3–5]. A variety
of studies carried out by Moen and Schafer [6–13] to study the stability and capacity
of cold-formed steel members with holes. These studies were the base to propose a
simple method to determine the elastic sectional and global buckling loads of perforated
members and the DSM design formulae for the design of perforated members. These
proposals were then included in the Specification AISI S100-16 [1]. In order to support
the elastic buckling analyses of perforated sections, a simple hole module was developed
by the American Iron and Steel Institute [14] to perform the elastic buckling analysis
and obtain the elastic buckling loads of perforated sections that can be used for the
DSM design. Moen and Yu [15, 16] studied the elastic buckling analysis of cold-formed
members with edge-stiffened holes. These previous studies were aimed to investigate the
stability and the capacities of perforated members with symmetrical and evenly spaced
holes whereas studies on asymmetric and unevenly web holes remain scarce.
The influences of hole locations on the capacities of stub columns were reported in
[17–19] and the effects of hole lengths on the behaviors of compression elements were
studied in [20]. Ortiz-Colberg [2] carried out 25 intermediate column tests and pointed
out that the column strengths were not impacted by a single hole along the length of the
column tests. Moen and Schafer [6] investigate the effects of the locations of a single hole
on the elastic buckling of an intermediate column length. Their research demonstrated
that the locations of the single hole have a minimal impact on the elastic buckling loads
of the investigated columns. The influence of unsymmetrical and unevenly web holes
of the elastic buckling loads of long perforated members are not reported. This paper,
therefore, investigates the effects of unevenly spaced and/or unsymmetrical web holes
or eccentric web holes on the elastic global buckling loads of long perforated members
under compression or bending using finite element analyses. The finite element models
used for this investigation were verified against test results as presented in Pham et al.
[21, 22]. Also, the influence of symmetrical and evenly web holes on the elastic global
buckling loads of cold-formed steel channel members in comparison with those of gross
section members according to the specification AISI S100-16 [1] is included.

2 Finite Element Models for Buckling Analyses
Material properties are used for the investigation including Young’s modulus E =
203400 MPa and Poisson’s constant µ = 0.3. The finite element models for buckling
analyses were developed and validated against the test results as fully reported in Pham
et al. [21, 22] including compression and bending models.
In terms of compression models, two model configurations were constructed with
the variations of end boundary conditions to obtain different global buckling modes.
The first configuration allows the specimens to freely rotating about the minor axis
to achieve the flexural buckling mode whereas the free rotation about the major axis
was used for the second configuration to obtain the flexural-torsional buckling mode.
Warping displacements were prevented at two ends for both two configurations. These
configuration models are illustrated in Fig. 1 and Fig. 2. The effective lengths, therefore,
were taken as Lx = Lz = 0.5 L; Ly = L and Ly = Lz = 0.5L; Lx = L for the first and
second configurations respectively, where L is the member length. The lateral load was
applied at the centroid of one end section.
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In terms of the bending model, the web of each end section was contacted with three
points through the shear centre of the section. The model configuration was developed
with simple supports and free warping displacements, as illustrated in Fig. 3. The effective lengths were taken as Lx = Ly = Lz = L, where L is the member length. Vertical
loads were applied at the shear centres (see loading points in Fig. 3) of the section.

Fig. 1. The flexural buckling model under compression

x
Centroid
y

Centroid

y

Fig. 2. The flexural-torsional buckling model under compression

Applied load

Shear centre shaft

Applied load
Shear centre shaft

Fig. 3. The flexural-torsional buckling model under bending
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3 Effects of Symmetrical and Evenly Spaced Web Holes
on the Elastic Global Buckling Loads of Cold-Formed Steel
Channel Members
The global buckling loads of perforated members can be determined using the “weighted
average” method as regulated in AISI S100-16 [1]. The elastic global buckling loads of a
column include the flexural or flexural-torsional buckling loads as presented in Eqs. (1)
and (2), whereas the global buckling moment of a flexural member is determined as in
Eq. (3).
The elastic flexural buckling load of a compressive member:
Pcre =

π 2 EIy,avg
(Ky L)2

(1)

The elastic flexural-torsional buckling load of a compressive member:



1
(Pex + Pt ) − (Pex + Pt )2 − 4βPex Pt
Pcre =
2β
The elastic flexural-torsional buckling moment of a flexural member:



π
π 2 ECw,net
Mcre =
EIy,avg GJavg +
Ky L
(Kt L)2
where
Pex

(2)

(3)



π 2 EIx,avg
1
π 2 ECw,net
GJavg +
=
; Pt = 2
(Kx L)2
ro,avg
(Kt L)2

I x,avg , I y,avg , J avg , r o,avg are the section properties determined using the “weighted
average” method as regulated in AISI S100-16, as follows:
Ig Lg + Inet Lnet
Jg Lg + Jnet Lnet
; Javg =
; ro,avg =
Iavg =
L
L

Aavg =


2
2
xo,avg
+ yo,avg
+

Ix,avg + Iy,avg
Aavg

Ag Lg + Anet Lnet
xo,g Lg + xo,net Lnet
yo,g Lg + yo,net Lnet
; xo,avg =
; yo,avg =
L
L
L

(I g , J g , Ag , L g , x o,g , yo,g ) and (I net , J net , Anet , L net , x o,net , yo,net ) are properties of the
gross section and the net section respectively.
C w,net is the net warping constant of an assumed section with the assumed depth of
the hole (hhole* ) determined in Eq. (4), where hhole is the actual depth of the hole and D
is the depth of the section.


1
hhole 0,2
(4)
hhole∗ = hhole + (D − hhole )
2
D
The C20015 section is selected for this investigation with the nominal dimensions
including D = 203 mm, B = 76 mm, L = 19.5 mm, t = 1.5 mm, as demonstrated in
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Fig. 4. The investigated member has a length of 2.5 m and 05 symmetrical and evenly
spaced web holes with the hole depth hhole varying from 0.2 to 0.8 times of the section
depth and the hole length varying from 0.5 to 2 times of the section depth. The spacing
between these web holes are illustrated in Fig. 5. The loads and boundary conditions have
been presented in Sect. 2. The elastic global buckling loads of the perforated members
are determined using the “weight average” method and plotted into the graphs in Figs. 6,
7 and 8 in comparison with those of gross section members.

y
B

L
r

hhole

t
D

x

Fig. 4. Nomenclature and
nominal dimensions for C20015
section

Fig. 5. The locations of symmetrical and evenly spaced
web holes

Fig. 6. Flexural buckling loads under compression (Pcre,F is the flexural buckling load; Pcre,h
and Pcre,nh are elastic global buckling loads of the gross section and the net section.)

The investigated results show that the elastic global buckling loads decrease as the
hole sizes increase, relative to the web depth. The relationship between buckling loads
and the hole lengths is linear, interpolation then can be used to determine the buckling
loads of the intermediate points between the specific points of the hole lengths.
The web holes were found to have the most significant impacts on the flexuraltorsional buckling loads under compression with the reduction of nearly 50% compared
to those of the gross section, whereas these reduction values are about 30% for both
the flexural mode due to compression and the flexural-torsional buckling mode under
bending.
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Fig. 7. Flexural-torsional buckling loads under compression (Pcre,FT is the flexural-torsional
buckling load; Pcre,h and Pcre,nh are elastic global buckling loads of the gross section and the net
section.)

Fig. 8. Flexural-torsional buckling moments under bending (M cre,FT is the flexural-torsional
buckling moment; M cre,h and M cre,nh are elastic global buckling loads of the gross section and
the net section.)

Fig. 9. The original model - Model 0

The variation of hole lengths has insignificant impacts on the elastic global buckling
loads if the hole depths are small (see hhole /D = 0.2 in the graphs) with the small slopes
of the relationship lines. In terms of the large hole depths (see hhole /D = 0.8 in the
graphs), these slopes significantly increase to demonstrate the noticeable influences of
the hole lengths on the elastic global buckling loads.
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Fig. 11. Model 3 – Symmetrical and eccentric
holes

4 Effects of Web Hole Locations on the Elastic Global Buckling
Loads of Perforated Channel Members
The investigated section is the C20030 section with the nominal dimensions including
D = 203; B = 76; L = 19.5; t = 3, and the nomenclature of this section is illustrated
in Fig. 4. The member length is taken as 4000 for investigation. The thickness and the
length of the investigated member are selected to obtain the global buckling modes
without the interactions with other sectional modes. The finite element models used in
this investigation are presented in Sect. 2.
There are 05 rectangular holes in the web of the section with the ratio of hole
length and section depth (L hole /D) of 1.0 and the ratios of hole depth and section depth
(hhole /D) varying from 0.2 to 0.8. The spacings and locations of these holes are initially
symmetrical and even (see Fig. 9), are then rearranged as illustrated in Figs. 10, 11, 12
and 13 to investigate the effects of unsymmetrical, unevenly spaced and eccentric holes
on the elastic global buckling loads of channel members under compression or bending.
The eccentric values (e) are 0.25D, 0.125D and 0.05D for the ratios of hhole /D varying
from 0.2, 0.5 to 0.8 respectively. Failure modes are obtained as illustrated in Figs. 14, 15
and 16, and the deviation of buckling loads (in percentage) between investigated models
(Model 1 to Model 4) and the original model (Model 0) are illustrated in Fig. 17.
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Fig. 12. Model 2 – Unsymmetrical holes

Fig. 13. Model 4 – Unsymmetrical and
eccentric holes

Fig. 14. Flexural buckling mode under compression

Fig. 15. Flexural-torsional buckling mode under compression
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Fig. 16. Flexural-torsional buckling mode under bending

The investigated results illustrate that the web hole locations have a minimal influence
on the elastic global buckling of perforated members for the small hole depth (hhole /D
= 0.2), but it becomes significant impacts for the large hole (hhole /D = 0.8).
In terms of compression, the deviation is less than 3% for the flexural-torsional
buckling mode regarding the hole depths whereas it reaches 12% for the flexural buckling
mode with the large hole (hhole /D = 0.8). The simple method for the determination of
elastic global buckling loads for symmetrical and evenly spaced holes, therefore, can be
applied to this flexural-torsional buckling mode.
The results show that the elastic global buckling loads significantly decrease as the
web holes are arranged closely to the mid-length. This conclusion can be seen in the
results of Models 1.3 and 3.3 for both compression and bending.
The buckling loads are noticeable increase with the absence of the web hole at the
mid-length as seen in the results of Models 2.2 and 4.2. This illustrates the great impact
of the web hole at the mid-length on the elastic global buckling of perforated members.
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c) The flexural-torsional bucking mode under bending

Fig. 17. The deviation of buckling loads between the Model 1 to Model 4 and the Model 0
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5 Conclusion
The paper investigated the effects of web holes on the elastic global buckling loads
of cold-formed steel channel members under compression or bending. The effects of
symmetrical and evenly spaced web holes on the elastic global buckling of cold-formed
steel channel members were carried out using the simple method according to the Specification AISI S100-16 with the following conclusions: as the sizes of holes increased,
the elastic buckling loads of perforated members decreased. In terms of the high ratio
of the hole depth and the section depth, the elastic buckling loads were observed to be
significantly reduced as the hole length increased.
The influences of hole locations on the elastic global buckling loads were investigated
by using finite element analyses. The finite element models were validated in previous
studies of Pham et al. [21, 22], and they were used for elastic buckling analyses in this
investigation. Based on the investigated results, the following conclusions can be drawn:
– The “weighted average” method in the AISI S100 still can be used to determine
the elastic flexural-torsional buckling loads under compression due to the minimal
impacts of hole locations.
– The presence of the web hole at the mid-length has great impacts on the elastic global
buckling loads of perforated channel members under compression or bending.
These remarks are beneficial for the designers in selecting the sizes and locations of
the web holes in the design.
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Abstract. This study examines the effect of bridge skew on the load rating and natural frequencies of a steel girder skewed highway bridge. The analytical load rating was determined based on a line-girder model and the AASHTO bridge design
specification. The experimental load rating was determined based on a series of
calibrated-weight truck runs. The analytical natural frequency was determined
based on correlating the single span response to a continuous span response. The
experimental natural frequency was obtained based on the free vibration response
from the calibrated-weight truck. The frequency associated with the first spike of
the frequency domain plot was identified using a Fast Fourier Transformation. The
results show that the analytical load ratings and natural frequencies differed from
the experimental values primarily due to effect of bridge skew, which caused the
actual load path to be significantly shorter than the bridge span length that was
used in the analytical calculations.
Keywords: Load rating · Natural frequency · Skewed bridges · Field testing

1 Introduction
Theoretical equations mathematically developed through summarized empirical studies
or finite element simulations provide a convenient and simplified approach to estimate
the complex behavior of highway bridges [1]. However, for bridges with parameters not
considered in design and with atypical features, the estimations obtained using these
equations can produce inaccurate results. For example, the AASHTO specification live
load distribution factor equations neglect the influence of parapets which therefore reduce
the predicted stresses induced in exterior and interior girders. In one study this simplification produced a 36% and 13% underestimation for exterior and interior girders,
respectively [2]. Several other factors also affect the accuracy of analytical methods.
Friction at bridge bearings due to accumulation of debris has been shown to increase the
load rating capacity estimated in the AASHTO specification by 4% for a straight steel
girder bridge [3]. The actual normal stress impact factor for spans larger than 49.5 m (162
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ft) in a curved steel box-girder bridge can also be significantly smaller (approximately
60%) than the values predicted in the AASHTO specification [4].
A particularly important feature that is not commonly addressed in equations is the
effect of bridge skew. Bridge skew occurs when the direction of the bridge span is not
orthogonal to the bridge supports. The degree of bridge skew is generally dictated by
space limitations and constraints from anthropogenic or natural obstacles that do not
allow the bridge to be built straight [5]. In skewed bridges, the load path is oriented
toward the corners of the bridge span with an angle greater than 90°, unlike the straight
bridges whose orientation is toward the direction of the span [6]. As a consequence,
compared to an equivalent straight bridge a skewed bridge generates larger shear forces
at exterior girders [7], higher reactions at corners with an angle greater than 90° [8],
and larger transverse moments [9]. As a result, the behavior of a skewed bridge differs
significantly from a straight bridge. In particular, the effect of bridge skew on the bridge
load rating and on the natural frequencies of the bridge can be significant. However,
prior to this study these aspects have not been examined jointly in a single experimental
study.
This study investigates the effect of skew by examining the responses of a fourspan skewed highway bridge. Analytical load ratings at the critical moment locations
were calculated using a line-girder model and the AASHTO Standard Specifications for
Highway Bridges [10], and the experimental response was obtained through a field test. In
the field test, after instrumenting the critical moment locations for every girder with strain
gages, a truck with a calibrated weight was driven at crawl speed across the entire bridge
at distinct transverse locations in a series of truck runs. Critical responses were used to
complete the experimental load rating. The analytical natural frequency was estimated
based on a simple span bridge using the Ontario Highway Bridge Design Code (OHBDC)
[11] and then corrected for a continuous span bridge based on the recommendations
given in Barth and Wu [12]. The experimental natural frequency was determined based
on responses due to the calibrated truck driven at high speed. A Fast Fourier Transform
(FFT) was used to transform to the portion of the response in free vibration condition
(time domain response) into a frequency domain plot where the first spike was determined
to be the experimental natural frequency. Although the study focuses on skewed bridges
with steel girders, the methodology could also be applied to straight bridges and to
bridges made of different materials (reinforced concrete, prestressed concrete, wood,
etc.) and cross-sections (box-section, plate girder section, rectangular section, and so
forth).

2 Bridge Description
The four-span skewed highway bridge examined in this study (Fig. 1) is located on the
eastbound direction of Interstate 80 over the Bear River in Evanston, Wyoming, USA.
The bridge is symmetric with continuous steel girders supporting a nominally 191 mmthick (7.5 in.-thick) reinforced concrete deck. The total length of the bridge is 124.4 m
(408 ft), with outer spans of 25.6 m (84 ft) each and inner spans of 36.6 m (120 ft)
each. The outer eastern pier is supported by a pin bearing. Rocker bearings are used
at the remaining four supports. The bridge has an angle of skew of 47° relative to the
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abutments. The bridge has a width of approximately 12.2 m (40 ft) and has a shoulder
on both ends. The bridge was originally built with four nominally identical I-shaped
steel girders that were designed to act non-compositely with the deck. The bridge was
later widened and a fifth steel girder was added. The fifth girder was designed to act
compositely with the deck. The bridge cross-section is shown in Fig. 2. The girders are
haunched at the pier locations. The height of the girder web increases parabolically and
the web and flange are thicker at the pier locations. The dimensions of the girders at
selected cross-sectional locations are described in Lu et al. [13]. The minimum specified
yield strength of the structural steel is 250 MPa (36 ksi). The steel girders were relatively
free of corrosion. The specified minimum concrete compressive strengths of the original
and added concrete deck are 22.4 MPa (3.25 ksi) and 27.6 MPa (4 ksi), respectively.

Fig. 1. Bridge examined in this study.

0.76 m
(2 ft 6 in.)

Five girders spaced
@ 2.74 m (9 ft)

0.43 m
(1 ft 5 in.)
Original
girder

All clear covers are
38.1 mm (1.5 in.)

Fig. 2. Cross-section.

0.48 m
(1 ft 7 in.)

0.43 m
(1 ft 5 in.)
Added
girder
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3 Load Rating
The load rating capacity of the bridge was obtained based on the rating factor, RF, of
each individual girder. In the AASHTO rating method, the girder with the lowest RF
controls the load rating of the bridge [14]. This rating method was applied. Among the
different limits used to load rate bridges, the strength inventory rating factor is generally
the most critical, and therefore this limit was adopted here.
Since the bridge was originally designed and evaluated using the Load Factor Design
(LFD) method and Load Factor Rating (LFR), respectively, the calculation of RF was
based on the LFD method. Although the HS20 design truck in the LFD method overestimates the bridge capacity compared to the HL-93 design truck in the Load and Resistance
Factor Design (LRFD) method [15], the overestimation cancels out when taking the ratio
of the analytical and experimental load ratings.
In this study, RF was defined as the ratio between the reserve capacity for live load
and the limit state design live load and expressed as the number of standardized HS20
design truck loads:
RF =

Rn − 1.3D
2.17LL(1 + I )

(1)

where Rn is the capacity of the member, D is the dead load effect on the member,
LL is the live load effect of the member, and I is the dynamic impact factor. The value
of Rn was calculated as the product of the specified yield strength of the structural steel
and the elastic section modulus of the girder. The value of D was calculated as the
summation of the contributions due to self-weight of the girder, self-weight of the deck
and diaphragms, self-weight of the future wearing surface, distributed to a single girder.
When RF is greater than 1.0, the bridge is regarded as structurally adequate for the
design load. On the other hand, when RF is less than 1.0, the bridge is inadequate for
the design load.
3.1 Analytical Load Rating
The analytical live load, LL A , accounting for dynamic impact was calculated as follows:
LLA (1 + IA ) = MHS20 DF A mA (1 + IA )

(2)

where M HS20 is the maximum analytical moment due to the HS20 design truck at the
location of interest, DF A is the analytical live load distribution factor, mA is the analytical
live load multi-presence factor, and I A is the analytical impact factor. DF A is calculated
using the AASHTO Standard Specifications for Highway Bridges in section 3.23.2.3.1.5.
The AASHTO equations provide the lateral distribution for only a single wheel-line.
Since the design truck has two wheel-lines, the DF A needs to be divided by two. The
value of I A was calculated using the AASHTO Standard Specifications for Highway
Bridges equation in section 3.8.2.1.
It was not feasible to instrument the inner span of the bridge. Therefore, Eq. (1) and
Eq. (2) were applied to the critical moment locations of the outer span. At the outer
span, the critical positive longitudinal moment was located at 0.4 times the span length
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from the abutment, and the critical negative longitudinal moment was located at the pier
between inner and outer spans. The corresponding values of M HS20 were determined
using a one-dimensional line-girder bridge model, where the bridge was modeled as if
it consisted of only a single girder. The single girder was modeled by attributing the
value of the nominal non-composite moment of inertia without the concrete deck. This
approach is consistent with values of Rn and D calculated for a single girder. To produce
the maximum positive moment, M HS20 was modeled using three concentrated loads. To
produce the maximum negative moment, M HS20 was replaced by the uniform-plus-twoconcentrated-load configuration in AASHTO specification section 3.7.6. As defined in
AASHTO specification section 3.12.1, the live load multi-presence factor accounts for
the probability of coincident maximum loading. The multi-presence factor is 1.0 for
single or 2-truck loadings, and 0.9 for 3-truck loadings. Since one truck was placed on
the model, mA was equal to 1.0.
The values of the variables in Eq. (1) and Eq. (2) for the positive and negative critical
moment locations are given in Table 1. It was determined that LL A (1 + I A ) was equal
to 1320 kN-m (972 k-ft) and −1820 kN-m (−1340 k-ft) at the positive and negative
moment, respectively. The strength inventory RF values are equal to 0.98 and 0.91 at
the positive and negative moment, respectively.
Table 1. Values of the variables for Eq. (1) and Eq. (2).
Variables

Positive moment

Negative moment

Rn , kN-m (k-ft)

3680 (2710)

−6170 (−4550)

D, kN-m (k-ft)

672 (496)

−1980 (−1460)

M HS20 , kN-m (k-ft)

1300 (956)

−1820 (−1340)

IA

0.24

0.22

DF A

0.82

0.82

3.2 Experimental Load Rating
The experimental live load accounting for dynamic impact is calculated as follows:




MTRK
MHS20
Mgirder
mE (1 + IE )
(3)
LLE (1 + IE ) =
MTRK_OS
MTRK_OS
where M girder is the non-composite moment in the girder, M TRK is the analytical
maximum moment due to the calibrated truck used in the field test, M TRK_OS is the
analytical maximum moment due to the calibrated truck used in the field test when the
truck is at the outer span, mE is the live load multi-presence factor according to the
loading conditions of the actual experiment, and I E is the experimental impact factor
based on the field test.
The line-girder model used to obtain M HS20 was also used to determine the values
of M TRK and M TRK_OS . The axle loads and axle spacings of the calibrated truck (Fig. 3)
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were measured and converted into three concentrated loads that were then applied to
the model. M TRK_OS was determined because the bridge was only instrumented on the
outer span. For the positive moment, M TRK and M TRK_OS were the same value, equal to
890 kN-m (657 k-ft), because they occurred at the outer span. For the negative moment,
M TRK (at the inner span) was equal to −762 kN-m (-554 k-ft), and M TRK_OS was equal
to −570 kN-m (−420 k-ft).
The values of M girder were obtained through a field test. In the field test, strain gages
were installed at the most critical moment locations along the bridge. At the negative
moment, the strain gages were installed with a 2.44-m (8-ft) offset from the support to
minimize the influence of the support on the response. A larger offset was not used to
reduce errors due to extrapolation [16]. Two strain gages were installed on each girder
at each location. One strain gage was mounted on the bottom of the bottom flange. The
other strain gage was mounted on the web 102 mm (4 in.) below the bottom of the top
flange.
The calibrated truck was driven at crawl speed over the bridge in successive runs that
traverse the width of the roadway according to the requirements given in the AASHTO
Manual for Bridge Evaluation [17]. Figure 4 shows the run sequence and truck position.
A total of fifteen runs were conducted to traverse the entire roadway, and the runs were
conducted from left to right relative to the direction of travel. In this paper, the girders
are numbered 1 to 5. (Girder 5 is the composite girder that was added when the bridge
was widened.) In the first run (Run 1), the center of the left front wheel was positioned
0.91 m (3 ft) from the left curb. The position of each successive run was 0.61 m (2 ft)
offset to the right of the previous run. The configuration of the run sequence is nearly
symmetric relative to Girder 3. A total of fifteen runs were conducted.
Since the truck load was calibrated to produce a response that was within the linear
elastic range, the responses for side-by-side truck loading combinations were determined
by superimposing the measured results. The controlling combination was defined as the
loading that produced the greatest LL E (1 + I E ) at the positive or negative moment
location. For this bridge, the three side-by-side truck loading combination involving
Runs 3, 8 and 13 controlled the positive moment, and the two side-by-side truck loading
combination involving 1 and 6 superimposed controlled the negative moment. M girder
was equal to 317 kN-m (234 k-ft) and occurred in Girder 3 at the positive moment.
M girder was equal to −320 kN-m (-236 k-ft) and occurred in Girder 2 at the negative
moment. Field tests were not conducted to determine the actual dynamic impact factor;
therefore, it was assumed that I E was equal to I A . As a result, LL E (1 + I E ) was equal to
515 kN-m (380 k-ft) and −1640 kN-m (−1210 k-ft) at the positive and negative moment
locations, respectively.
An inspection to determine the in-situ dead loads was not practical. Therefore, the
experimental values of Rn and D were taken equal to the analytical values in Table 1.
The resulting experimental strength inventory RF is equal to 2.51 and 1.01 for positive
and negative moment, respectively. Based on the HS20 standardized design truck, the
bridge was rated for a HS50.2 truck (20 times 2.51) at the positive moment location and
HS20.2 (20 times 1.01) at the negative moment location.
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76.1 kN
(17.1 k)

51.2 kN
(11.5 k)

76.1 kN
(17.1 k)

Fig. 3. Calibrated truck.

Fig. 4. Run sequence and truck positions.

3.3 Comparison of Analytical and Experimental Load Ratings
The ratio of the experimental load rating to the analytical load rating was used to determine the effect of additional contributors to the bridge actual capacity, including the
effect of bridge skew. The ratio of the experimental to the analytical load ratings is equal
to 2.56 at the positive moment and equal to 1.11 at the negative moment. The ratio of
load ratings can also be taken as the inverse of the ratio of the live load effects (LL A /LL E )
since Rn and D were taken as constants. This conclusion was expected because the design
load rating is generally conservative. It does not consider additional contributors to the
bridge capacity (such as the additional stiffness due to curbs and railings, actual longitudinal and lateral distribution factor, unintended composite action, and in special, the
effect of the bridge skew). The additional contributions discretized in a skewed bridge
are discussed in detail in Lu et al. [13].
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4 Natural Frequency
The AASHTO specification limits deflections (e.g., L/800 to L/1000, where L is the
bridge span length) but it does not use natural frequency as a direct measure of serviceability. In contrast, the OHBDC recommends the calculation of natural frequency
to control vibration. In the OHBDC approach, a relationship is established between the
natural frequency, the live-load deflection, and the pedestrian usage of the bridge. The
natural frequency of a simple span bridge (first bending frequency), f b , is

EIb g
π
(4)
fb = 2
2L
w
where E is the modulus of elasticity of the girder, I b is the flexural composite moment
of inertia of the girder (for levels of serviceability, slippage is not expected to occur even
if the bridge is designed to act non-compositely), and w is the weight per unit length
of the girder. Equation (4) has been extended for continuous span bridges by Barth
and Wu [12] based on the results of parametric studies and regression analysis. In their
approach, the value of f b is corrected (multiplied) by the “natural frequency coefficient”
λ2 , calculated as follows:
λ2 = a

Ibc
Lbmax

(5)

where L max is the maximum bridge span length. In Eq. (5), when SI units are used
for L max (m) and I b (m4 ), a is equal to 1.49, b is equal to −0.033, and c is equal to 0.033
for bridges with three or more spans.
4.1 Analytical Natural Frequency
Equation (4) was applied to the bridge, and the resulting values are given in Table 2. In this
study, L was equal to 36.6 m (120 ft), and I b was calculated based on a weighted average
of each girder and each span relative to its corresponding length. For the haunched
portions of the bridge, it was opted to simplify the calculation so that the averages of
the greatest and smallest moments of inertia were taken. Here w was determined as a
summation of the self-weight of the girder (a weighted average was determined for the
computation of this component), self-weight of the deck and diaphragms, composite
dead load which consists of the weight of the curbs and railings, and the weight of the
future wearing surface, all distributed to a single girder. The resultant value of f b is
equal to 2.05 Hz. Applying Eq. (5), the value of λ2 is equal to 1.49. Thus, the analytical
corrected natural frequency for the bridge is equal to 3.07 Hz.
4.2 Experimental Natural Frequency
After the field test, the natural frequency of the bridge was determined experimentally
by measuring the acceleration caused by the calibrated truck crossing the bridge at high
speed while the bridge was closed to ambient traffic. The truck velocity was set to the
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Table 2. Variables for natural frequency per Eq. (4).

Variables

Values

L, m (in.)

36.6 (1440)

E, GPa (ksi)

200 (2.90 × 104 )

I b , mm4 (in.4 )

3.21 × 1010 (7.71 × 104 )

w, kN/m (k/in.)

20.6(0.118)

speed limit for the bridge, 121 km/h (75 mph). An accelerometer with a range between
−2g and +2g was mounted on the top of the bottom flange of Girder 2. Three tests
were conducted. The acceleration data was collected using 1000 samples per second.
A representative acceleration history is shown in Fig. 5. Small and regular vibrations
before the truck enters the bridge are evident in the history. At approximately 6 s, the
accelerations increase, reaching a peak of 0.15 g at approximately 14 s (at this instant,
the truck is immediately above the accelerometer). As the truck leaves the bridge, a
steady decline of the vibration is observed, and the bridge enters the free vibration
condition at approximately 16 s. The bridge was reopened for ambient traffic after each
test. Therefore, small intermittent increases can be observed starting at approximately
22 s. As a result, the free vibration condition of the bridge between approximately 16
and 22 s was used to determine the natural frequency.
A Fast Fourier Transform (FFT) was conducted in which the acceleration history
(time domain plot) of the free vibration condition (approximately 6 s) was transformed
into a frequency domain plot (Fig. 6) and used to determine the principal frequencies of
the bridge. The data for the free vibration condition was condensed to 4096 (212 ) data
points. The frequency domain plot displays the magnitude of the Fourier Coefficient
in function of frequency with noticeable spikes. Although the coefficients do not have
any physical meaning for the method, the frequencies corresponding to the respective
spikes are values of the different modes of vibration. The first spike represents the
natural frequency, the second the second harmonic frequency, the third the third harmonic
frequency, and so forth. For this bridge, the experimental natural frequency was equal
to 3.42 Hz.
4.3 Comparison of Analytical and Experimental Natural Frequencies
Comparing the natural frequencies obtained analytically and experimentally, it was
observed that the analytical natural frequency underestimated the experimental natural frequency by 11%. The increase of natural frequency with the bridge skew agrees
with prior studies [18, 19]. The difference is partially due to the estimation of I b in the
calculation of the analytical natural frequency, but the bridge skew effect is thought to
be the main cause. In a skewed bridge, if the span length is significantly greater than
the cross-sectional width, flexural behavior tends to govern. The load path tends to be
oriented toward the obtuse corners of the bridge, i.e., the “shortest path” across the span.
Although the actual load path could vary between the “shortest path” and the longitudinal
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Fig. 6. Frequency domain plot.

distance between abutments (Fig. 7), it is significantly shorter than the bridge longitudinal span length of an equivalent straight bridge. This observation has considerable
impact on the variables of L and L max of Eq. (4) and Eq. (5), respectively. In particular, the application of the correction factor λ2 for the estimating natural frequencies of
skewed bridges may exceed the valid range for Eq. (5).
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Fig. 7. Shortest path, bridge span length, and actual load path.
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5 Conclusions and Future Recommendations
The analytical and experimental load ratings and natural frequencies were determined
for a four-span skewed highway bridge. The analytical load rating was calculated using a
line-girder model and the AASHTO Standard Specifications for Highway Bridges. The
experimental load rating was determined using a field test in which a calibrated-weight
truck was driven at crawl speed across the bridge at a range of transverse locations. The
results indicated that the analytical load rating was equal to 0.98 and 0.91 at the positive
and negative moment, respectively.
The experimental load rating was equal to 2.51 for the positive moment and 1.01
for the negative moment, which were 2.56 and 1.11 times higher than the corresponding
positive and negative analytical load ratings. The increase observed was attributed to
effects not considered in analytical calculation, namely additional stiffness due to curbs
and railings, actual longitudinal and lateral distribution factor, unintended composite
action, and, in particular, the effect of bridge skew.
The analytical natural frequency was determined using the OHBDC and an adjustment to account for a continuous span. The experimental natural frequency was determined using a FFT analysis of the free vibration response for truck crossing the bridge
at high speed. The results indicate that the analytical natural frequency underestimated
the experimental by 11%. The underestimation was attributed to the length of the load
path, which is inversely proportional to the natural frequency. In a skewed bridge, the
load path length is shorter than in an equivalent straight bridge.
The findings in this study suggest that accuracy of equations for estimating the load
rating and the natural frequency of a highway bridge depend on several aspects, including
the effect of bridge skew. As a result, additional research is needed to adjust the equations
to better estimate the response. It is recommended that the equations account for the main
contributors to the bridge load rating, including the effect of skew. Parametric studies are
also needed to expand the applicability of the equations for estimating natural frequency
to account for the effective length of the load path.
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Abstract. SupaCee section is formed by adding stiffeners in the web of the channel section, and it has been illustrated to be more stable and innovative than the
traditional channel section. The member capacity comparisons between such two
section members investigated in a companion paper showed that SupaCee was
significantly beneficial for small and thin section members, but the reductions of
global buckling strengths of SupaCee section members led to the lower capacities
for long members compared to those of channel section members. These reductions can be prevented by using full bracing systems to avoid global buckling;
this allows member capacities to reach sectional capacities. This paper, therefore,
presents a study on sectional capacities of cold-formed steel SupaCee sections
under compression or bending in comparison with those of channel sections.
Keywords: Cold-formed steel · Supacee sections · Sectional capacities ·
Stiffeners

1 Introduction
Cold-formed channel sections have been commonly used in structural applications for
years [1]. These sections are very sensitive to instability due to their small thickness.
These sections, therefore, have been added stiffeners in the web to increase their stability
that results in significant improvements of strength performances, known as SupaCee
sections. Also, SupaCee’s lips have been rounded to become safer while installing onsite.
Direct Strength Method (DSM) is a new design method developed by Schafer and
Pekoz [2–4] currently regulated in the Australian/New Zealand Standard AS/NZS 4600
[5] or North American Specification AISI S100–16 [6] for the design of cold-formed
steel structures. Elastic buckling analysis is compulsory in this design method that can be
supported by THIN-WALL-2 [7, 8] or CUFSM [9] software programs. The DSM design
method has been demonstrated its advances compared to the traditional design method
[2] and provides insight understandings into the buckling behaviors of cold-formed steel
sections [1]. This method will be used in this investigation.
The presence of stiffeners was found to be the strength improvements of cold-formed
steel sections that have been investigated by a variety of past studies. Experiments on
cold-formed steel storage racks with edge stiffeners have been investigated by Hancock
© The Author(s) 2022
G. Feng (Ed.): ICCE 2021, LNCE 213, pp. 82–94, 2022.
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et al. [10–14] to insightfully understand the distortional buckling behaviors. The behaviors of cold-formed steel channel columns with the edge or intermediate stiffeners were
also studied by Wang et al., Yan and Young, Xiang et al., and Manikandan et al., and
El-taly et al. [15–23]. A variety of stiffeners of cold-formed steel channel sections in
bending were investigated by Ye et al., and Chun-gang et al. [24, 25] to demonstrate
the beneficial effects of these stiffeners on the sectional capacities. Cold-formed steel
built-up I sections in the form of back-to-back SupaCee sections were also tested by
Manikandan and Arun [26] or Ganeshkumar et al. [27] to observe their behaviors under
compression or bending. A series of SupaCee section beams were tested by Pham and
Hancock [28–31] to provide deep insights into their behaviors under shear or combined
bending and shear, followed by the development of numerical studies and design proposals. The past researches presented experiments or numerical studies of cold-formed
steel channel sections with stiffeners or SupaCee sections that were then used for design
proposals.
The effects of stiffeners on the SupaCee section member capacities under compression or bending were also investigated by Pham and Vu [32] to demonstrate the
innovation and the strength improvement of SupaCee section members compared to the
traditional channel section members. The shortcoming of these new section members
was the reductions of their global buckling strengths that result in the lower capacities
for long members. This shortcoming can be solved by using full bracing systems to
prevent the occurrence of global buckling. In this case, the member capacities reach
the sectional capacities that will be examined in this paper. The sectional capacities of
SupaCee sections are determined by using the DSM design equations formulated in
AS/NZS 4600 [5], and are then compared to those of channel sections to evaluate the
strength improvements of SupaCee sections. The investigated sections are commercial
sections from BlueScope Lysaght catalogs [33] with steel grade G450 regulated in AS
1397 [34].

2 Summarize the Investigated Capacities of SupaCee Section
Members
SupaCee member capacities were determined in comparison with those of channel members, as fully reported in Pham and Vu [32]. The dimensions of the channel and SupaCee
sections are listed in Table 1, and their nomenclatures are illustrated in Fig. 1. The same
amount of material is required for channel and SupaCee sections to assess the effectiveness of SupaCee sections. The material properties of investigated steel grade G450
according to AS 1397 [34] include the yield stress fy = 450 (MPa), Young’s modulus
E = 200 (GPa) and the Poisson ratio υ = 0.3. The model configurations for compression and bending are shown in Fig. 2 and Fig. 3 with the bracing at the mid-length of
the members. The member lengths varied from 2.0 to 8.0 m. The investigated results
are illustrated in percentage diagrams, where the horizontal axis is for the capacities of
channel members and the vertical axis is for the deviations (in %) between capacities of
SupaCee and channel members (see Fig. 4).
The investigated results in Fig. 4 demonstrated that SupaCee member capacities, in
general, are higher than those of channel members, but the capacities of several former
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Fig. 1. Nomenclature for channel and SupaCee sections
Table 1. The nominal dimensions of the channel and SupaCee sectionsa
Sections

t

D

B

L1

L2

L

GS

S

α1

α2

SC/C15012
SC/C15015
SC/C15019
SC/C15024

1.2
1.5
1.9
2.4

152
152
152
152

64
64
64
64

7.5
7.5
7.5
7.5

7.5
7.5
7.5
7.5

14.5
14.5
14.5
14.5

64
64
64
64

42
42
42
42

5
5
5
5

35
35
35
35

SC/C20012
SC/C20015
SC/C20019
SC/C20024

1.2
1.5
1.9
2.4

203
203
203
203

76
76
76
76

10
10
10
10

10
10
10
10

19.5
19.5
19.5
19.5

115
115
115
115

42
42
42
42

5
5
5
5

35
35
35
35

SC/C25015
SC/C25019
SC/C25024

1.5
1.9
2.4

254
254
254

76
76
76

11
11
11

11
11
11

21.5
21.5
21.5

166
166
166

42
42
42

5
5
5

35
35
35

SC/C30019
SC/C30024
SC/C30030

1.9
2.4
3.0

300
300
300

96
96
96

14
14
14

14
14
14

27.5
27.5
27.5

212
212
212

42
42
42

5
5
5

35
35
35

SC/C35019
SC/C35024
SC/C35030

1.9
2.4
3.0

350
350
125

125
125
125

15
15
15

15
15
15

30.0
30.0
30.0

262
262
262

42
42
42

5
5
5

35
35
35

SC/C40019
SC/C40024
SC/C40030

1.9
2.4
3.0

400
400
400

125
125
125

15
15
15

15
15
15

30.0
30.0
30.0

312
312
312

42
42
42

5
5
5

35
35
35

a The inner radius r

0
1 = r2 = 5mm; t, D, B, L1, L2, GS, S (mm); α1 , α2 ( )

members are still lower than latter member capacities. Pham and Vu [32] pointed out
the reason for these lower capacities of SupaCee members was the reductions of global
buckling strengths led to the lower strengths for long members with the governing of the
global buckling modes or led to the significant decrease of local buckling strengths due
to the interaction between global and local buckling modes. The global buckling failure
modes can be avoided using the full bracing models that will be presented in Sect. 4 of
this paper.
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Fig. 2. Compression configuration model

Nominal compressive loads
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Fig. 3. Flexural configuration model

Nominal flexural moments

Fig. 4. Compression and flexural capacities of the channel and SupaCee cold-formed steel
members [32]

3 Determination of Sectional Capacities of Cold-Formed Steel
Section Using the Direct Strength Method
Sectional capacities of cold-formed steel sections can be determined using the DSM
design based on elastic buckling stresses (f ol , f od ) and the yield stress (f y ). Local and
distortional buckling strengths can be directly determined by using these stresses as
shown in Eqs. (1)–(3) and (4)–(6) for compression and bending respectively.
The nominal capacity of a cold-formed steel section under compression is less of
the nominal strengths of local buckling (N cl ) and distortional buckling (N cd ).
Ns = Min (Ncl , Ncd )

(1)
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Ncl =

Ncd =

⎧
⎨N
y

for λl ≤ 0.776
 0.4  0.4
Nol
Nol
⎩ 1 − 0.15 Ny
Ny for λl > 0.776
Ny
⎧
⎨N
y

for λl ≤ 0.561
 0.6  0.6
Nod
⎩ 1 − 0.25 NNody
Ny for λl > 0.561
Ny

(2)

(3)

where λl = Ny /Nol ; λd = Ny /Nod ; N y is the nominal yield capacity of the member in compression; N ol is the elastic local buckling load; N od is the elastic distortional
buckling load.
The nominal moment capacity (M b ) is the smaller of the nominal strengths in local
buckling (M bl ), and distortional buckling (M bd ).
Ms = Min (Mbl , Mbd )

Mbl =

Mbd =

(4)

⎧
My
⎨

for λl ≤ 0.776
 0.4  0.4
Mol
Mol
⎩ 1 − 0.15 My
My for λl > 0.776
My
⎧
⎨M
y
⎩ 1 − 0.22



Mod
My

0.5 

Mod
My

0.5

(5)

for λl ≤ 0.673
My for λl > 0.673

(6)

where λl = My /Mol ; λd = My /Mod ; M y is the yield moment; M ol and M od are
the elastic local and distortional buckling moments respectively.
Local and distortional buckling stresses can be determined using numerical tools
such as THIN-WALL-2 [7, 8] or CUFSM [9] software packages.

4 Comparisons of Sectional Capacities Between the Channel
and SupaCee Sections
As discussed in Sect. 2, the capacities of several SupaCee section members were lower
than those of the channel section members due to the significant reductions of global
buckling strengths. In order to improve the effectiveness of SupaCee sections, the global
buckling modes should be prevented using bracing systems. The bracing systems can
be made by the installations of numerous restraint points along the member length
to reduce the effective length of the member as illustrated in Fig. 5 and Fig. 6. The
bracing systems can be used as the bracing members attached to the webs and/or the
cladding plates/ sheet plates attached to the flanges of the sections. As the global buckling
modes are prevented, the member capacities reach the sectional capacities of the coldformed steel sections that can be determined as presented in Sect. 3 using the Direct
Strength Method. Elastic buckling analysis, therefore, is compulsory to determine in the
application of this method. This analysis is carried out using the THIN-WALL-2 software
program [7, 8] to obtain the local and distortional buckling stresses. The THIN-WALL2 software program was developed at The University of Sydney on the basis of the
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finite strip method. The outcome is a signature curve to demonstrate the relationship
between the elastic buckling stress and the half-wavelength of buckling mode for each
section. Figure 7 illustrates the signature curve of a cold-formed steel channel section
with two minimum points. The first point provides the local buckling stress with the
shortest half-wavelength, while the second point gives the distortional buckling stress
with the intermediate half-wavelength. The investigated sections are listed in Table 1,
and the elastic local and distortional buckling stresses are presented in Tables 2 and 3.
These analysis results show the significant increase of the local buckling stresses f ol of
SupaCee sections for compression or bending with the appearance of stiffeners in the
webs. In terms of distortional buckling stresses of SupaCee sections, a minor reduction
is seen for compression by less than 5% whereas they are generally higher for bending
compared to those of channel sections with the deviation reaching 10.81% as seen in
C25019 section.

Fig. 5. The compression configuration model with bracing systems

Fig. 6. The flexural configuration model with bracing systems

The sectional capacities of the investigated sections are achieved with two following
cases of bracing systems. The investigated results are illustrated in percentage diagrams
for the comparisons of sectional capacities between the SupaCee and the channel sections
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Fig. 7. A signature curve of a cold-formed steel channel section.

Table 2. The sectional buckling stresses of the investigated sections under compression
Sections

f ol (MPa)

Sections

f od (MPa)

Channel

SupaCee

(%)a

Channel

SupaCee

(%)

15012
15015
15019
15024

68.57
104.25
167.31
266.47

125.17
168.23
235.09
332.76

82.54%
61.37%
40.51%
24.88%

15012
15015
15019
15024

141.36
179.64
239.88
317.74

134.68
172.67
231.68
308.91

−4.73%
−3.88%
−3.42%
−2.78%

20012
20015
20019
20024

37.25
58.23
93.59
149.53

62.31
86.19
123
179.62

67.28%
48.02%
31.42%
20.12%

20012
20015
20019
20024

104.3
133.94
176.06
231.71

100.9
130.53
172.95
231.29

−3.26%
−2.55%
−1.77%
−0.18%

25015
25019
25024

37.7
60.53
96.54

50.57
74.02
110.68

34.14%
22.29%
14.65%

25015
25019
25024

88.65
118.19
160.18

85.33
116.12
159.82

−3.75%
−1.75%
−0.22%

30019
30024
30030

42.82
68.42
107.17

50.12
75.77
114.49

17.05%
10.74%
6.83%

30019
30024
30030

105.26
138.76
185.47

102.22
136.3
186.13

−2.89%
−1.77%
0.36%

35019
35024
35030

30.68
49.55
77.57

34.7
53.33
81.35

13.10%
7.63%
4.87%

35019
35024
35030

86.81
112.75
145.81

82.67
109.71
142.46

−4.77%
−2.70%
−2.30%

40019
40024
40030

23.96
38.24
59.77

26.1
40.51
62.13

8.93%
5.94%
3.95%

40019
40024
40030

63.69
84.45
112.8

60.83
82.11
111.63

−4.49%
−2.77%
−1.04%

a % is the buckling stress deviation between SupaCee and channel sections, unit %

as shown in Fig. 8 and Fig. 9, where the horizontal axis is for sectional capacities of
the channel sections and the vertical axis is for the sectional capacity deviations (in %)
between two types of investigated sections.
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Table 3. The sectional buckling stresses of the investigated sections under bending
Sections

f ol (MPa)

Sections

Channel

SupaCee

 (%)a

15012

323.82

515.68

59.25%

15015

486.77

700.24

43.85%

15019

782.32

1018.9

15024

1199.89

20012

190.43

20015

f od (MPa)
 (%)

Channel

SupaCee

15012

266.93

286.5

7.33%

15015

333.62

353.76

6.04%

30.24%

15019

447.14

461.25

3.16%

1416.16

18.02%

15024

582.9

605.02

3.79%

315.35

65.60%

20012

224.34

238.94

6.51%

294.28

432.78

47.06%

20015

285.28

307.95

7.95%

20019

464.42

616.87

32.83%

20019

368.48

404.73

9.84%

20024

754.61

871.54

15.50%

20024

498.45

528.98

6.12%

25015

195.83

278.64

42.29%

25015

254.94

279.15

9.50%

25019

315.86

411.48

30.27%

25019

335.19

371.43

10.81%

25024

511.97

579.62

13.21%

25024

448.01

471.02

5.14%

30019

225.21

266.14

18.17%

30019

278.12

285.08

2.50%

30024

368.86

408.86

10.84%

30024

371.27

385.13

3.73%

30030

555.52

585.86

5.46%

30030

463.53

485.92

4.83%

35019

167.52

191.35

14.23%

35019

205.96

202.57

−1.65%

35024

251.77

273.52

8.64%

35024

250.29

251.54

0.50%

35030

406.71

424.77

4.44%

35030

333.42

335.83

0.72%

40019

120.25

134.79

12.09%

40019

167.24

165.08

−1.29%

40024

200.88

214.66

6.86%

40024

226.75

226.7

−0.02%

40030

311.56

323.01

3.68%

40030

291.99

292.62

0.22%

a % is the buckling stress deviation between SupaCee and channel sections, unit %

In the first case, only bracing members are used to prevent the global buckling
modes (see Figs. 5 and 6). The sectional capacities are determined as Eqs. 1 to 3 and
Eqs. 4–6 for compression and bending respectively, as illustrated in Figs. 8(c) and 9(c).
The investigated shows that the global buckling failures although are prevented and
local buckling strengths of SupaCee sections are generally higher than those of channel
sections (see Figs. 8(a) and 9(a)), but the sectional capacities of the former sections
do not demonstrate their strength improvements compared to the latter sections with
minor strength deviations (see Figs. 8(c) and 9(c)). The reason is the sectional capacities
of the investigated sections are governed by distortional buckling modes for almost all
sections. Therefore, the innovative capacities of SupaCee sections can be utilized if the
distortional buckling failures are prevented as presented in the second case below.
In the second case, both bracing members attached to the webs and cladding plates/
sheet plates attached to the flanges of the sections are used to prevent both the global and
distortional buckling modes. The investigated sections, therefore, are only failed due to
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the combination of yield strengths and local buckling strengths, as illustrated in Eqs. (2)
and (5). The sectional capacities are demonstrated in Figs. 8(d) and 9(d). The investigated
results show that the sectional capacities of SupaCee sections are significantly higher
than those of the channel sections due to the addition of stiffeners in the web. These
capacity improvements reach 25% for compression (see Fig. 8(d)) and 15% for bending
(see Fig. 9(d)). The investigated results also show that the high effectiveness of stiffeners
for local buckling strengths is found in thin and small dimension sections as presented
in Pham and Vu [32].
4%

25%

C/SC150
C/SC200
C/SC250
C/SC300
C/SC350
C/SC400

15%

2%

Ncd (%)

Ncl (%)

20%

C/SC150
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C/SC250
C/SC300
C/SC350
C/SC400

0%
0

10%

200

300

400

-2%

5%

0%
0

100

200
Ncl (kN) - C section

300

-4%

400

Ncd (kN) - C section

a) Local buckling loads

b) Distortional buckling loads

5.0%

25%
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0.0%
0

100

200
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C/SC150
C/SC200
C/SC250
C/SC300
C/SC350
C/SC400

20%
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2.5%
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c) Sectional capacity loads– The first case

100
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Ns (kN) - C section

300

400

d) Sectional capacity loads – The second
case

Fig. 8. Comparisons of sectional capacities between the SupaCee and channel sections under
compression
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a) Local buckling moments
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Fig. 9. Comparisons of sectional capacities between the SupaCee and channel sections under
bending

5 Conclusion
This paper studies the sectional capacities of SupaCee sections compared to those of
channel sections under compression or bending. SupaCee and channel sections were
commercial sections from the BlueScope Lysaght catalogs [33]. The sectional capacities
are determined using the DSM design regulated in AS/NZS 4600 [5] with the support
of the THIN-WALL-2 software program [7, 8]. Based on the investigated results, the
remark conclusions are given as follows:
(1) The local buckling strengths of SupaCee sections show their strength improvements
compared to those of channel sections, but the sectional capacities of former sections are approximate to those of later sections due to the governing of distortional
buckling. Therefore, the innovative capacities of SupaCee sections are only utilized
if the distortional buckling is avoided.
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(2) Web stiffeners of SupaCee sections show their high effectiveness for thin and small
dimension sections.
(3) These remark conclusions provide deep insights into of sectional capacities of the
channel and SupaCee sections, this allows the users to use these sections properly
in each structural situation.
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Abstract. Normal air quality that ensures the visibility and brings no harmful
impact to the health of the vehicle drivers is essential for all road tunnels. It is
affected by various issues. In this paper, the air quality – meteorology – traffic
volume correlations were quested in the case study of an opened road tunnel on
Vietnam National Highway 1A. The linear regression modelling technics using the
least squares method with 95% of confidence was executed. Four representative
models of the total suspended particles and airborne lead concentration against
the meteorological parameters (temperature, relative humidity, wind velocity) and
the vehicle flow density inside tunnel were proposed. The correlations with the
volatile organic compounds were also studied but no representative model was
proposed. Further studies on a richer source of data were suggested. The study
confirmed the role of the in-tunnel vehicle volume and the meteorology on the
tunnel’s air quality.
Keywords: Air quality · Meteorology · Road tunnel

1 Introduction
The in-tunnel air quality is one of big concerns for not only the owners but also the users
of road tunnels during the tunnel’s service life. The main source of the air pollution
inside an in-service road tunnel is the exhaust gas emitted from vehicles. While the
category and quantity of the daily vehicle flows can be listed through the car counting
campaigns, the actual exhaust emission is difficult to be figured out since it is affected
by various issues: engine’s type, car’s quality, fuel’s type, fuel’s quality, driving regime,
… The small and closed space inside a tunnel makes it more vulnerable to air pollution
than other open-air transport structures (e.g., roads, bridges, viaducts) [1]. The natural
and mechanical ventilation systems are equipped for road tunnels to provide the undercontrolled air quality following the given design and operation technical regulations.
When the tunnel’s traffic volume in real conditions surpasses the traffic growth scenarios
in the planning and design documents, the tunnel’s ventilation effectiveness reduces [2].
As consequence, the in-tunnel air quality becomes vulnerable due to the inadequate
ventilation regimes.
Studies on the correlation between the road tunnel’s air quality and meteorological
parameters have been published. Knowing that the wind takes responsive in the dispersion and dilution of vehicle’s exhausted gas in tunnels [3], the actual influences of the
© The Author(s) 2022
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wind on the air quality of different tunnels have been carried out [1, 4–6]. The temperature inside is normally higher than outside tunnels [2], so it creates the natural ventilation
in the tunnel and the impacts to different air parameters inside tunnels [7–9]. Since the
variation of humidity also plays a role in the pollution dispersion in road tunnels, the
case studies on this meteorological parameter have been executed [7, 9–11].
Aiming at the understanding of the meteorology – air quality correlation in road tunnels, a case study on an open road tunnel on Vietnam National Highway 1A (NH1A) was
carried out based on the recorded data of a previous air quality measurement. During two
continuous days in November 2017, various parameters of the air quality, and meteorological data were recorded at one measurement station [12]. In this paper, the statistical
data treatments were executed and the linear regression models between some typical
ambient parameters were quested. Each model’s statistical reliability was analysed to
find out the representative regression model for the correlation, and the commentaries
were presented. The preliminary study showed the multiple impacts on the in-tunnel air
quality through the proposed regression model of the total suspended particles, airborne
lead, and three volatile organic compounds against the meteorological parameters and
the vehicle flow density inside tunnel.

2 Tunnel and Meteorology Description
The tunnel was 6.28 km long, 11.5 m wide, stayed in the middle central area of Vietnam, on the busiest national transport rout (NH1A). The tunnel included of two longitudinal tubes: one main tube for two bi-directional circulation vehicle lanes, and one
auxiliary tube for the evacuation. There were fifteen cross passages connecting the two
tubes. The tunnel located in the climate boundary of the country. Some typical tunnel’s
meteorological features at the measurement time were shown in Table 1.
Table 1. Typical tunnel’s meteorological features at the measurement time.
Parameter

Out-tunnel [13]

In-tunnel [12]

Northern part

Southern part

Season/Type of climate

Winter/Four-seasonal
tropical monsoon

Rainy/Two-seasonal
tropical monsoon

–

Average temperature
(0 C)

20.00 (night)
24.00 (day)

22.00 (night)
30.00 (day)

31.10 (night)
32.57 (day)

Average daily relative
humidity (%)

90.50

88.00

62.18

Average annual rainfall
(mm)

2456.00

2066.00

–

Average wind velocity
(m/s)

1.70

3.30

2.35

Wind direction

North-East

North

North-South
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3 Linear Regression Study
Three meteorological parameters were analysed: temperature (T, 0 C), relative humidity
(H, %), wind velocity (W, m/s). Because the wind direction was always North-South, it
was not considered in the study. At the same time, several typical air quality parameters
were examined: total suspended particles (TSP, µm/m3 ), airborne lead (Pb, µm/m3 ),
benzene (C6 H6 , µm/m3 ), toluene (C7 H8 , µm/m3 ), xylene (C8 H10 , µm/m3 ). The simple
and multiple linear regression modelling technics using the least squares method with
95% of confidence was applied on the data to build the regression models between the
parameters. The vehicle flow density (expressed by the number of vehicles per hour (V,
car/h)) was also taken into consideration during the statistical treatments.
3.1 Total Suspended Particles
The total suspended particles concentration (TSP, µm/m3 ) in the air were studied and
the correlations with the meteorological parameters (T, H, W) and vehicles per hour (V,
car/h) were analysed. The simple and multiple linear regressions were done with the
regression equations as follows:
TSP = a1 + b1 .T + c1 .H + d1 .W + e1 .V

(1)

The detail parameters of the linear regressions were presented in Table 2.
Table 2. Linear regression parameters of total suspended particles against meteorological
parameters and vehicle per hour measured inside tunnel.
Model

a1

b1

c1

d1

e1

R value

Significance F

1st simple
2nd simple

−4274.24

152.66

0

0

0

0.71

0.11%

3523.14

0

−47.25

0

0

0.49

1.44%

3rd simple

−172.66

0

0

322.55

0

0.57

0.40%

4th simple
1st multiple

190.63

0

0

0

1.07

0.67

0.04%

−1682.89

103.61

−22.58

159.05

0

0.78

0.02%

2nd multiple

−1369.08

93.93

−22.6

136.46

0.14

0.78

0.08%

The measured data and the regression lines were sketched in Fig. 1.
3.2 Airborne Lead
The airborne contaminants were released from the exhaust gas during the circulations
of the motor vehicles in the tunnel. Emitted from gasoline vehicles, lead causes the
direct and strong dangers to human being’s health. The data of particulate lead content
of aerosols (Pb, µm/m3 ) in tunnel were examined. The influences of the meteorological
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Fig. 1. Measure data and regression lines of total suspended particles against meteorological
parameters and vehicle per hour inside tunnel.

parameters (T, H, W) and vehicle per hour (V) on the airborne lead concentration (Pb)
were investigated with the proposed regression equations as follows:
Pb = a2 + b2 .T + c2 .H + d2 .W + e2 .V

(2)

The detail parameters of the linear regressions were shown in Table 3.
Table 3. Linear regression parameters of airborne lead against meteorological parameters and
vehicle per hour measured inside tunnel.
Model

a2

b2

c2

d2

1st simple
2nd simple

e2

R value

Significance F

−2.99

0.10

0

0

1.57

0

−0.02

0

0

0.84

0.00%

0

0.43

3rd simple
4th simple

3.77%

−0.26

0

0

0.18

0

0.59

0.25%

−0.11

0

0

0

0.001

0.88

0.04%

1st multiple

−2.28

0.08

−0.01

0.07

0

0.87

0.00%

2nd multiple

−1.02

0.04

−0.01

−0.02

0.001

0.92

10–5 %

The measured data and the regression lines were sketched in Fig. 2.

Fig. 2. Measure data and regression lines of airborne lead against meteorological parameters and
vehicle per hour inside tunnel.

3.3 Volatile Organic Compounds
Dangerous to human, the volatile organic compounds (VOCs) are top priority chemical
pollutants in the air [14]. The concentration of benzene (C6 H6 , µm/m3 ), toluene (C7 H8 ,
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µm/m3 ), and xylene (C8 H10 , µm/m3 ) inside tunnel were studied to find out the correlation with three mention meteorological parameters (T, H, W) and the traffic volume
(V). Among the built regression models, the ones whose Significance F greater than 5%
were listed in Table 4.
Table 4. Linear regression parameters of volatile organic compounds against the meteorological
parameters measured inside tunnel.
Correlation

R

Significance F

C6 H6 and H

0.31

13.66%

C6 H6 and W

0.26

21.84%

C6 H6 and T, H, W

0.52

9.63%

C7 H8 and H

0.31

13.86%

C8 H10 and H

0.20

35.87%

C8 H10 and T, H, W

0.55

5.88%

3.4 Discussions
The significance F smaller than 5% was the criterion for the model’s acceptance. The
correlation coefficient R was utilised to give commentaries on the correlation status (R
= 0: non correlated, R = 1: strong correlated) and to select the representative regression
model. The preliminary discussions were obtained.
3.4.1 Case 1
In the linear regressions of TSP against T, H, W, and V, five models were all concluded to
be statistical reliable. While the temperature and the wind velocity showed the positive
relationships, the relative humidity expressed the negative correlations with the total
suspended particles concentration. The positive slope of the (TSP-V) fitted line showed
the direct proportion of the TSP to the traffic volume inside tunnel. The multiple models exhibited the stronger correlation coefficients than the simple ones. Two multiple
regression models were recommended to be the representatives.
The 1st representative model represented the combined action of the meteorological
parameters on the total suspended particles concentration in tunnel:
TSP = −1682.89 + 103.61T − 22.58H + 159.05W

(3)

The 2nd representative model represented the combined action of the meteorological
parameters and the traffic volume on the total suspended particles concentration in tunnel:
TSP = −1369.08 + 93.93T − 22.6H + 136.46W + 0.14V

(4)
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3.4.2 Case 2
In the linear regressions of Pb against T, H, W, and V, five models were all considered to
be statistical reliable. While the temperature and the wind velocity showed the positive
relationships, the relative humidity expressed the negative correlations with the airborne
lead concentration. The positive slope of the (Pb-V) fitted line expressed the direct
proportion of the airborne lead concentration to the traffic volume inside tunnel. The
vehicle-related models owned the stronger correlation coefficients than the non-vehiclerelated ones. The negative trend of Pb against W in the 2nd multiple regression model
was not clearly understood. Further studies should be supplied. In the scoop of this
paper, the 4th simple and the 1st multiple regression model were recommended as the
representatives.
The 1st representative model represented the correlation of the airborne lead
concentration and the traffic volume in tunnel:
Pb = −0.11 + 0.001V

(5)

The 2nd representative model represented the combined action of the meteorological
parameters on the airborne lead concentration in tunnel:
Pb = −2.28 + 0.08T − 0.01H + 0.07W

(6)

3.4.3 Case 3
Among the built linear regression models of VOCs against T, H, W, and V, those who
were presented in Table 4 were found to be non statistical reliable and were eliminated.
It did not mean the non correlation between them. A richer source of measured data to
increase the regression observations was suggested. Other statistical reliable regression
models were found but they did not show the strong correlations (R < 0.5). In the scoop
of this paper, no representative regression model for the VOCs – meteorology – traffic
volume correlation was proposed.

4 Conclusions
The in-tunnel air quality strongly impacts the operation of a road tunnel. The vehicle’s
clear visibility is essential for the smooth and safe circulation inside tunnels. Besides,
the non harmful effects to the drivers’ health during their passage through tunnel are also
demanded. A bad air quality potentially provides the unsafeness to the circulations inside
road tunnels. Using the statistical treatments, the paper explored the recorded data of a
previous air quality measurement in an opened road tunnel on Vietnam National highway
1A. The linear regression models using the least squares method with 95% of confidence
were found. Three study cases were attacked and the representative models for two cases
were proposed. From the representative models, it was understood that the combination
of high temperature, strong wind and low humidity potentially decreased the tunnel’s
air quality. The negative slope of the regression lines of TSP and Pb against H proved
that a wet road surface could probably reduce the pollution in road tunnels as mentioned
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in [10, 11]. The important role of the in-tunnel traffic volume in the deterioration of the
tunnel’s air quality was also confirmed. The study in the scoop of this paper was hoped
to underline of role of the meteorological parameters in the in-tunnel air quality studies.
Acknowledgements. The original data of the air quality measurement mentioned in the paper is
from Environment mission MT163008 executed by Trong-Khang Dinh et al. (Vietnam Institute
of Transport Science and Technology), funded by Vietnam Ministry of Transport in 2017. Deep
gratitute is expressed to Mr. Trong-Khang Dinh for giving us the permission of access to the data
for research purposes.
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Abstract. To test the strengthening effect of CFRP sheets on reinforced concrete
(RC) beams, an experimental study was performed on five RC beams to analyze
the influence of the amount of CFRP sheets and the sustained load of RC beams on
the strengthening effect. The results showed that CFRP sheets could significantly
improve the bending bearing capacity of the beams. However, there was no linear
relationship between the amount of CFRP sheets and the strengthening effect, and
the load on the beams had a great impact on the rigidity of the beams in the yield
stage.
Keywords: Carbon Fiber Reinforced Polymer (Cfrp) · Strengthening ·
Reinforced-concrete beam · Bending test

1 Introduction
With the development of China’s construction industry, the technology of strengthening
concrete with CFRP sheets has been widely used in China’s structures such as bridges
and buildings due to the light weight, high strength, corrosion resistance, easy application
and other characteristic of CFRP sheets [1]. Scholars at home and abroad have carried
out a number of experimental studies and theoretical analyses on bending resistance of
reinforced concrete (RC) beams strengthened with CFRP sheets [2–4], most of which
are focused on the intact beams. However, the structures that need to be strengthened
in the actual engineering are those of the existing engineering with insufficient bearing
capacity and other conditions, so an analysis on the strengthening of RC beams under
secondary load is necessary. At present, some achievements have been made in this field
[5, 6]. In this study, an experimental analysis will be carried out on five beams on the
basis of previous studies to compare the influence law of the amount of CFRP sheets
and the sustained load state of RC beams on the failure characteristics of RC beams,
concrete strain, rigidity of beams and ultimate bearing capacity.

2 Experimental Design
2.1 Specimen Design and Fabrication
According to the Code for Design of Concrete Structures (GB 50010-2010), five beams
of the same size (the sectional size was 120 mm × 250 mm, and the length was 2500 mm)
© The Author(s) 2022
G. Feng (Ed.): ICCE 2021, LNCE 213, pp. 103–108, 2022.
https://doi.org/10.1007/978-981-19-1260-3_10

104

Y. Hong

were designed and fabricated, as shown in Fig. 1. The strength grade of concrete of the
test beams was designed to be C20, the tensile main reinforcement was HRB335, the
erection reinforcement was HPB300, the stirrup was HPB300, and the reinforcement
ratio was 1.52%. The tensile strength of CFRP sheets was 3550 MPa, the elasticity
modulus was 235 GPa, and the thickness was 0.111 mm. Parameters such as the amount
of carbon fiber and the sustained load point of each specimen are shown in Table 1.

Fig. 1. Diagram of test beam reinforcement

Table 1. Specimen parameters
Specimen No

Ratio of
longitudinal
reinforcement

Amount of CFRP
(Sheets)

Sustained load
point

Remark

Beam1

1.52%

0

–

Not
strengthened

Beam2

1.52%

1

–

Intact beam
strengthened

Beam3

1.52%

2

–

Intact beam
strengthened

Beam4

1.52%

1

0.6Py

–

Beam5

1.52%

2

0.6Py

–

2.2 Loading Scheme
The test beam was in the form of simply supported beam, with the test length of 2
000 mm and the length of simple bending segment of 500 mm. The loading diagram is
shown in Fig. 1. Hydraulic jack was used for opposite side loading, and the experiment
was carried out according to the Standard for Test Method of Concrete Structures [7];
when the load applied was close to the characteristic point load (such as the cracking
point of concrete and the yield point of reinforcement), the loading level was reduced
to accurately control the characteristic points; after yield of reinforcement, the loading
was controlled by deflection until the specimen was destroyed. To keep the load on the
beam unchanged when pasting the CFRP, the hydraulic jack was used for self-locking.
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The surface of the tensile side of the beam was polished until the coarse aggregate
was exposed, and the surface of the polished specimen should be flat; the dust was
removed and the surface was washed with acetone. The surface was step-loaded to the
pre-defined load grade according to the loading history in Table 1 and remained under
this load (for ease of the following analysis, this point was referred to as the “sustained
load point”), and then the CFRP was pasted.

3 Experimental Results and Analysis
The failure process of strengthened beam mainly had the following characteristics: the
longitudinal bar yielded first, then the CFRP sheets peeled off the concrete in the simple
bending segment or the bending-shear zone below the loading point, and finally the
concrete in the compression zone was crushed; there were obvious elastic stage, stage
of working with cracks and stage of yield of reinforcement during the destruction; there
was no failure of over-reinforced beam that the CFRP sheets at the end peeled off the
surface of concrete or the concrete in the compression zone was crushed first.
The load, deflection, rigidity and failure modes of the five specimens in each loading
stage are shown in Table 2.
Table 2. Main experimental results

Specimens

Load (kN)

Deflection (mm)

Pcr

Py

Pu

Beam1

10.0

65.2

Beam2

10.1

Beam3

Rigidity (N/mm, ×104)
Bcr

By

Bu

17.2

0.971

0.840

0.037

7.9

21.0

1.217

0.887

0.072

1.0

8.6

18.8

0.910

0.819

0.133

92.1

0.7

7.3

23.7

1.862

1.026

0.073

96.1

0.8

7.4

17.2

1.658

1.032

0.153

cr

y

u

68.7

1.0

7.6

73.0

82.4

0.8

9.1

71.6

85.1

Beam4

12.1

80.1

Beam5

12.6

81.2

Failure modes
Bending failure,
concrete
compression failure
Protective layer in
the bending segment
peeled off
Protective layer in
the bending segment
peeled off, concrete
compression failure
CFRP 30% tensile
failure, concrete
compression failure
Protective layer in
the bending segment
peeled off, concrete
compression failure
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3.1 Characteristic Load Analysis
3.1.1 Cracking Load
The experimental data showed that there was no effect on the cracking load of beams
strengthened with CFRP sheets. The cracking loads of Beam1, Beam2 and Beam3 without sustained initial load were basically the same, and the cracking load of RC beams
did not change with or without CFRP. The reason is that the tension of the concrete at
the bottom of the beam is mainly borne by the concrete in the tensile zone at the bottom
of the beam, and when the tensile stress of the concrete in the tensile zone exceeds
the tensile strength, the concrete is cracked. Due to the small load at the beginning of
loading, the pasted on the tensile surface has not played the role of reinforcement and
strengthening.
3.1.2 Yield Load and Ultimate Load
When the concrete was cracked and stopped working, the tension was borne by tensile
reinforcement and CFRP together. As the load gradually increased, the original tension
on the concrete at the bottom of the beam was borne by the CFRP sheets pasted at the
bottom of the beam, which reduced the stress borne by the reinforcement and delayed
the yield of reinforcement, thus improving the yield load of the beam to a certain extent.
Comparison of the experimental results showed that the yield load was improved by
17% with one CFRP sheet and 18% with two CFRP sheets.
After yield of longitudinal reinforcement, the high strength and high modulus of
CFRP were put to good use with the further increase of the load, and the ultimate bearing
capacity of the beam strengthened with CFRP sheets was greatly improved, of which it
was improved by 27% with one sheet and 32% with two sheets. The experimental results
also showed that with the increase of the amount of the CFRP, the resistance to bending
was improved, although it did not increase linearly.
3.2 Deflection and Rigidity Analysis
Analysis on the data in Table 2 showed that the deflection of Beam3 and Beam5 pasted
with two CFRP sheets was lower than that of Beam2 and Beam4 pasted with one CFRP
sheet under the ultimate load, suggesting that the amount of CFRP sheets had great
impact on the deflection of the beams. Meanwhile, the amount of CFRP sheets could
significantly improve the rigidity of the beams under the ultimate load, of which the
rigidity of Beam2 and Beam4 pasted with one CFRP sheet was nearly twice that of
Beam1 that was not strengthened under the ultimate load, and the rigidity of Beam3 and
Beam5 pasted with two CFRP sheets was nearly twice that of Beam2 and Beam4 pasted
with one CFRP sheet under the ultimate load. This suggested that CFRP sheets could
effectively improve the rigidity of the beams under the ultimate load, and the degree of
the improvement was linearly related to the amount of the CFRP sheets.

4 Conclusion
In this experiment, one control beam and four test beams were used to analyze the impact
of the amount of CFRP sheets and the sustained load points on the strengthening effect
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of CFRP sheets on RC beams, and the following conclusions were drawn. 1) The bearing
capacity of the beams strengthened with CFRP sheets was greatly improved. However,
the improvement rate was not linearly related to the amount of the CFRP. 2) The ultimate
state of the RC beams strengthened with CFRP sheets was delayed under a certain load
(such as 0.6 Py ), and the ultimate bearing capacity was also improved with the increase
of the amount of CFRP. 3) The rigidity of the RC beams strengthened with CFRP was
significantly improved, compared with the ordinary RC beams, and the CFRP sheets
could improve the rigidity and control the deflection of the components mainly resistant
to bending. With the increase of the amount of the CFRP, the rigidity of the beams also
increased. 4) The load of the strengthened beams had a great impact on the rigidity of
the beams in the yield stage.
Acknowledgement. We are grateful for the support from construction of first-class engineering
cost major in Shanghai project (Z106-0603-20-001).
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Abstract. Taking a deep foundation pit in Shijiazhuang, Beijing as the background of the project, combined with the excavation range of the deep foundation
pit and the spatial location and geometry of the surrounding engineering bodies,
FLAC3D software is used to establish a numerical model of the deep foundation pit excavation containing the deep foundation pit, surrounding buildings and
underground tunnels and other engineering bodies. The numerical model truly
reflects the geometric size and spatial location relationship between deep foundation pit and surrounding engineering bodies. Based on the numerical model, the
numerical simulation of deep foundation pit excavation under different excavation
methods was carried out. The analysis of the horizontal displacement of the support structure during the excavation of the deep foundation pit, the investigation
of the surrounding buildings and surface settlement and the deformation of the
metro tunnel. The influence mechanism of different excavation methods on the
safety of deep foundation pit, surrounding buildings and tunnel were discussed.
It is concluded that the excavation method has less influence on the deformation
and displacement of the deep foundation pit and the surrounding buildings and
tunnels under the condition of shallow excavation depth. As the excavation depth
increases, the effect of the excavation method on the deformation of the deep
foundation pit, buildings, tunnels and surface settlement increases. The layered
excavation method is suitable for deep foundation pits with shallow excavation
depths, while the layered section excavation method is more suitable for deep
foundation pits with deep excavation depths. Deep foundation pit excavation has
a smaller effect on the deformation of the tunnel. The surrounding buildings have
a greater influence on the deformation during the excavation of the deep foundation pit, but the effect of the buildings on it is less than the limiting effect of the
prestressing anchor cables on the deformation of the deep foundation pit.
Keywords: Deep foundation pit · Different excavation methods · Complex
engineering environment

1 Introduction
With the acceleration of urbanisation, the scale of deep foundation works is gradually
becoming larger, and research into the depth and complexity of the project has become
© The Author(s) 2022
G. Feng (Ed.): ICCE 2021, LNCE 213, pp. 109–129, 2022.
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a major development objective, while at the same time its safety issues are facing new
challenges and problems [1–5]. The safety of deep foundation pit is facing new challenges
and problems. In recent years, deep foundation pit stability problems occur from time
to time, especially in some deep foundation pit projects with complex environment and
difficult support, which has caused great harm to China’s economic and social stability
[6–10].
Deep foundation pit has obvious spatial effect, which has a serious impact on the
deformation and stability of deep foundation pit [11–13]. In recent years, scholars have
done extensive research work on the safety of deep foundation pit. For example, Jianhang
Liu launched an analysis of deep foundation pit deformation based on the application of
spatial effect theory to explore the influence of the soil itself on the control of deep foundation pit deformation, in order to achieve the purpose of controlling deep foundation pit
deformation by using the law of soil change [14]. Ruiwu Qi et al. studied the the effect of
deformation of the enclosure structure itself and the deformation of different locations
around the deep foundation pit under different working conditions of the giant deep
foundation pit [15]. Based on the field measured data, Peixin Wang et al. analysed the
deformation law, settlement causes and control measures of subgrade and foundation pit
[16]. Jiangtao Liu et al. established a three-dimensional deep foundation pit model, studied the deformation law of deep foundation pit excavation based on different constitutive
models, and analysed the law of surface settlement and retaining structure deformation
[17]. John simulates the displacement and deformation of a square deep foundation pit
without enclosure structure based on linear elastic and finite element analysis methods
[18]. Mana and Clough analysed different widths of deep foundation pits based on the
two-dimensional finite element method to reveal the relationship between the lateral
displacement of deep foundation pits and the change of excavation width [19]. Wong
and Broms used a two-dimensional finite element method to establish a deep foundation
excavation model to explore the effects of various factors on the deformation of the deep
foundation pit,including the form and stiffness of the support structure, the depth of
entry, and the depth and width of the excavation [20]. By focusing on the spatial effect,
other scholars have revealed the influence law of deep foundation pit geometric size,
length width ratio, support structure, construction sequence, construction method and
stiffness of support on deep foundation pit deformation [21–25].
The above research results are important for people to understand the deformation
characteristics of deep foundation pit enclosure structures, the ground settlement pattern
and the influence mechanism on the safety of the surrounding environment. At present,
the research on the deformation law of deep foundation pit mostly focuses on the support
form and excavation sequence of deep foundation pit, while there is little research on
the impact of the excavation method on the deformation of the foundation pit itself and
the safety for the surrounding structures [26–28]. People have insufficient understanding
of the deformation of deep foundation pit under different excavation methods and its
impact on the safety of surrounding environment, which needs to be further studied.
This paper takes a deep foundation pit in Shiliuzhuang, Beijing as the engineering
background, and uses FLAC3D software to conduct numerical engineering simulation
research in a complex environment, and analyzes the deformation law of the deep foundation pit by changing the excavation method to reveal the influence mechanism of
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different excavation methods on the safety of the deep foundation pit on its surrounding
tunnels and buildings.

2 Introduction to Numerical Simulation Method
FLAC (Fast Lagrangian analysis of continua) is an English numerical simulation software based on the finite difference method. The software has a simple interface, easy
operation and powerful operation, which greatly saves cost and time compared with traditional experiments. FLAC3D is widely used in the field of geotechnical engineering
because it contains a comprehensive material model, flexible solution method, accurate
results, and can meet various engineering problems. velocity, plastic state and other
internal variables that cannot be obtained from real experiments. In addition, the postprocessing function of FLAC3D is also powerful, users can directly get the stress and
displacement diagrams of the simulated objects, which can express the engineering
problems in a more intuitive and concise way.

3 Project Overview and Geological Conditions
Based on the background of a deep foundation pit to be excavated in Shiliuzhuang,
Beijing, the surrounding environment of the deep foundation pit is relatively complex.
The west side is close to a 6-storey residential building with a horizontal distance of
4 m; On the east side has a subway tunnel, horizontal distance of 16 m, 12 m in buried
deeply. Excavation scope is 56 m long, 40 m wide. Figure 1 is the plane position of deep
foundation pit.

Fig. 1. Diagram of plane location of deep foundation pit.

According to the survey data provided on site, the deep foundation pit and surrounding buildings and subway tunnel are located from the surface. The stratum can be divided
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into 7 layers according to different lithology, including Miscellaneous soil layer, Clay
silt layer, Silty clay layer-1, Fine medium sand layer-1, Silty clay layer-2, Fine medium
sand layer-2 and Pebble layer. The thickness and mechanical parameters of different
strata are shown in Table 1.
Table 1. Stratum thickness and mechanical parameters.
Soil layer
name

Thickness
(m)

Cohesion
(KPa)

Density
(KN/m3 )

Elastic
modulus
(MPa)

Poisson’s
ratio

Tensile
strength
(KPa)

Impurity soil

1

10

18

30

0.30

5

Clayey silt

1

23

19.7

17

0.29

11.5

Silty clay-1

7

15

19.9

21

0.29

7.5

Medium fine
Sand-1

4

0

20

38

0.28

0

Silty clay-2

6

26

20

22

0.29

13

Medium fine
Sand-2

5

0

20.4

40

0.28

0

Pebble

14

0

22

60

0.27

0

4 Numerical Model of Deep Foundation Pit Excavation
With the purpose of studying the influence of diverse excavation methods on the safety
of deep foundation pit and surrounding environment, a numerical model containing
engineering bodies such as deep foundation pits, surrounding buildings and underground
tunnels was established using numerical methods based on information such as the actual
spatial location distribution and geometric dimensions of the proposed excavation range
of deep foundation pits and surrounding engineering bodies, which can truly reflect the
deep foundation pits and surrounding engineering.
4.1 Numerical Model Dimensions of Deep Foundation Pit
The size of the numerical model for the pit under study are selected in this paper taking
into account the influence of spatial effects. If the size of the established model is too
small, it will cause the deformation of itself and the surrounding engineering body to
be bounded by the boundary conditions, resulting in size effects; if the model size is
too large, it will lead to an infinite increase in computation time, which can be reduced
by increasing the number of meshes, but will reduce the computation accuracy. Increasing the number of grids can reduce the calculation time, but the calculation accuracy
will be reduced. According to the research, the range of surface settlement caused by
general deep foundation pit excavation is about 3 times of the excavation depth of deep
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foundation pit. In this paper, we not only consider the proposed excavation depth but
also the geometric information of the surrounding engineering body, and the established
geometric model of deep foundation excavation is 151 m in length, 56 m in width, 38 m
in height, and 11.5 m in depth of deep foundation excavation. The geometric model
is meshed and optimized, and the number of optimized grid elements is 2.58 million.
Figure 2 shows the deep foundation pit excavation calculation model established by us.
The figure clearly shows the excavation scope of the proposed deep foundation pit, the
stratum of the area and the spatial location of surrounding buildings, subway tunnels
and other engineering bodies.

Fig. 2. Numerical model of deep excavation.

4.2 Pile Anchor Support Structure and Surrounding
This paper presents a numerical simulation modelling of a solid unit support system
using a deep foundation support method with pile-anchor support. The outer diameter
of the underground tunnel lining on the east side of the deep foundation pit is 3 m. On
the side of the deep foundation pit adjacent to the tunnel, a double-row pile + anchor
cable support system + slurry flower pipe is used, with a double-row pile diameter of
1 m, a pile spacing of 1.5 m, a pile length of 20.0 m and a row spacing of 3.0 m. A
lattice plate is connected between the double-row piles, with a lattice plate size of 56 m
in length, 2 m in width and 0.5 mm in height. A total of 1 anchor cable and 4 grouting
pipes are arranged with a horizontal spacing of 1.5 m and a vertical spacing of 2 m.
There are buildings on the west side of the deep foundation pit, 40 m long and 18 mm
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wide. In the immediate vicinity of the building side using the occlusion pile + anchor
cable support system, occlusion pile diameter 1mm, pile spacing 1.5 m, pile length of
20.0 m. A total of 3 anchor cables are arranged, with a transverse spacing of 1.5 m and
a longitudinal spacing of 3 m. Figure 3 shows a partial enlarged view of the numerical
model of the pile anchor support system, in which the geometric information and spatial
location of the pile anchor support system, surrounding buildings and tunnels are marked
in detail. It should be noted that the model has been simplified to take into account the
complexity of the model by converting the double-row piles and the occluded piles into
a ground link wall in accordance with the principle of flexural stiffness equivalence,
and the modulus of elasticity of the ground link wall is taken as 70% of the modulus
of elasticity of the double-row piles and the occluded piles selected by the piles. Even
the wall is 1 m in width, consistent with the diameter of the pile; even the wall depth to
20 m, and is consistent with the length of the pile.

Fig. 3. Local enlarged view of numerical model of pile-anchor support system.

4.3 Basic Assumptions, Boundary Conditions and Material Parameters
The following assumptions have been made in the modelling and calculations with the
aim of removing the effects of some minor factors, while ensuring that the results are
accurate:
• Assume that the soil is isotropic and homogeneous elastic plastic body.
• It is assumed that building foundation, tunnel lining, lattice plate and diaphragm wall
(double row pile and bite pile) are ideal linear elastomers.
• Different types of piles (such as cast-in-place piles, rotary jet grouting biting, etc.)
have different soil penetration processes. The soil penetration process of piles is not a
completely static process, involving large deformation problems, and the stress state
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will change. Since the deep foundation excavation is the focus of this simulation, the
process of pile entry is ignored in this simulation.
• When applying boundary conditions, the full displacement constraint is applied at the
bottom of the whole model, the top of the model is a free surface, and the normal
displacement constraints are applied on the sides around the model. The building on
the west side is converted into gravity load and applied to the building foundation,
with a total of 108 MN. The effect of gravity is considered in the whole model.
• Mohr Coulomb criterion is adopted as the constitutive model of stratum soil material.
See Table 1 for the selection of soil material parameters. Concrete material with
strength grade of C25 is selected for building foundation and lattice plate, and concrete
material with strength grade of C25 is also selected for diaphragm wall (double row pile
and bite pile), but its elastic modulus is 70% of C25 concrete elastic modulus according
to the principle of equivalent flexural stiffness, The subway tunnel lining is made of
concrete with strength grade of C40. See Table 2 for the mechanical parameters of
concrete with each strength grade. See Table 3 for the material parameters of the
anchor cable and grouting flower pipe model adjacent to the east of the subway tunnel
and the three anchor cables model adjacent to the west of the building.

Table 2. Mechanical parameters of supporting structure materials.
Structure name

Concrete strength

Elastic modulus
(GPa)

Poisson’s ratio

Diaphragm wall
(double row pile, bite pile)

C25

19.6

0.2

Tunnel lining

C40

32.5

0.2

Foundation and lattice plate

C25

28

0.2

4.4 Calculation Conditions
Before the deep foundation pit model is excavated, the initial stress balance calculation
is carried out for the overall model, that is, the stress balance of the overall model is
calculated under the simultaneous action of the self-weight of the building and the model
as a whole, and the displacement is cleared to zero after the calculation. Then the deep
foundation pit excavation calculation is carried out, and the excavation is carried out in
layers along the vertical direction, 1.5 m per layer, one layer at a time, and divided into
four excavation areas along the horizontal direction, as shown in Fig. 4. To study the
effects of different excavation methods, this paper adopts two methods for excavation:
Method 1: Layered excavation, that is, the four excavation areas excavate one layer
as a whole, and then construct the anchor cable and grouting flower pipe in Zone 1 and
Zone 2, and then the anchor cable and grouting flower pipe in Zone 3 and Zone 4. This
is repeated until the 11.5 m deep foundation pit is excavated in 8 layers, a total of 8
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Table 3. Mechanical parameters of anchor cable and grouting flowered pipe structural materials.
Name

Incident
angle

Total
length
(grouting
section)
(m)

Pre
applied
axial
force
(KN)

Elastic
modulus
(GPa)

Tensile
strength
(GPa)

Perimeter
of grouting
hole(m)

Grouting flower pipe

15°

6(6)

/

206.0

East anchor cable

15°

22(17)

300

205.0

7.44

0.471

The west
side

First
way

15°

26(17)

400

205.0

7.44

0.471

Second
way

15°

24(18)

450

205.0

7.44

0.471

Third
way

15°

23(18)

430

205.0

7.44

0.471

0.471

Note: The bonding stiffness of the grouting section of anchor cable and grouting flower pipe is
560 MN/m, the bonding strength is 0.15 MP/m, and the bonding friction angle is 25°; The bond
strength of the free end of the anchor cable is considered to be 0 MP/m and the adhesive friction
angle is 0°

Fig. 4. Diagram of four excavation areas of deep foundation pit.

calculation conditions. Method 2: Excavate in layers and sections, that is, excavate one
layer at the same time in Zone 1 and Zone 2, and then construct the anchor cable and
grouting flower pipe in Zone 1 and Zone 2; Then excavate one layer in Zone 3 and Zone
4 at the same time, and then construct the anchor cable and grouting flower pipe in Zone
3 and Zone 4. Repeat this until the 11.5 m deep foundation pit is excavated in 8 layers,
a total of 16 calculation conditions.
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5 Impact of Different Excavation Methods on Deep Foundation Pit
and Surrounding Environment
Based on the previously established numerical model, under different excavation methods was carried out to analyse the horizontal displacement of the support structure,
the settlement of surrounding buildings and ground surface and the deformation law of
subway tunnel in the process of deep foundation pit excavation are analyzed, and the
influence mechanism of different excavation methods on the safety of deep foundation
pit, surrounding buildings and tunnel is discussed.
In order to fully investigate the settlement displacement and deformation pattern of
the deep foundation pit, surrounding buildings and tunnels during excavation, multiple
displacement measuring points and lines are set on the model. Firstly, in order to detect the
deformation of the deep foundation pit during excavation, a measuring point is arranged
in the middle of the top of the support structure on the west side of the deep foundation
pit, numbered ZH-1 respectively, and three vertical measuring lines are arranged at an
equal interval of 22 m on the support structure, numbered SC-X1, SC-X2 and SC-X3.
One measuring point, numbered ZH-2, is arranged in the middle of the top of the support
structure on the east side. Two vertical measuring lines, numbered SC-X4 and SC-X5, are
arranged on the support structure at an interval of 44 m. In order to detect the settlement
and displacement of the building and its surrounding surface, two measuring points are
arranged at an interval of 25.2 m on the foundation of the north side of the building,
numbered JZ-1 and JZ-2 respectively. On the surrounding surface, two measuring lines
are symmetrically arranged on both sides of the building along the east-west direction,
11 m away from the building, numbered DB-X1 and DB-X2. In order to explore the
deformation and displacement of the subway tunnel, a survey line, numbered SD-X1, is
arranged along the tunnel direction on the side of the tunnel close to the deep foundation
pit, and a survey line, numbered SD-X2, is also arranged at the top of the tunnel. Two
survey lines, numbered DB-X3 and DB-X4, are arranged along the east-west direction
on the surface above the tunnel at an interval of 40 m. Two survey points, numbered
DB-1 and DB-2, are arranged on the surface between the two survey lines at an interval
of 13 m. The detailed layout is shown in Fig. 5.

Fig. 5. Layout diagram of measuring points and lines.
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5.1 Effect of Deep Foundation Pit Excavation on Deep Foundation Pit
Deformation
The horizontal lateral displacement of the supporting structure on both sides of the deep
foundation pit can reflect the overall deformation of the deep foundation pit. In order to
analyze the deformation of the deep foundation pit under the two excavation methods
after all excavation along the depth of 11.5 m.
Figure 6 shows the horizontal displacement diagram of the foundation pit after excavation. Figure 7 shows the horizontal displacement curves of the measured lines of the
support structures on the east and west sides of the pit after excavation. Figure 8 shows
the measured results of horizontal displacement of supporting structures.

(a) Layered excavation method

(b) Layered section excavation method

Fig. 6. Horizontal displacement of deep foundation pit.

Fig. 7. Numerical results of horizontal displacement of retaining structure.

It can be seen from Fig. 6 and Fig. 7 that when the excavation is carried out in
accordance with the depth of 11.5 m, the largest displacement of the support structure on
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both the west and east sides of the deep foundation pit under the two different excavation
methods occurs at the top of the deep foundation pit, and the horizontal displacement on
both the east and west sides of the deep foundation pit show a trend of gradual reduction
as the depth increases. As can be seen from Fig. 7, the maximum horizontal displacement
on the west side is 5.85 mm, and the maximum horizontal displacement on the east side
is 10.22 mm, which is significantly greater than that on the west side, with a difference of
4.37 mm. Analysing the reasons for this, three prestressing anchor cables were applied
during the support of the western side of the deep foundation pit as the western side
was adjacent to the building, while one prestressing anchor cable was applied for the
metro tunnel which was farther away from the deep foundation pit. It is obvious from the
curves in Fig. 7 that the horizontal displacements on both sides under the layered section
excavation method are overall smaller than those under the layered excavation method,
so the layered section excavation method has less influence on the deformation of the
deep foundation pit. As the calculation in this paper assumes that whichever excavation
method is used, the prestressed anchor cables in Zone 1 and Zone 2 are excavated first,
and then the prestressed anchor cables in zone 3 and zone 4 are constructed. The first
applied anchor cables limit the deformation of the supporting structures in Zone 1 and
Zone 2, so the horizontal displacement of the survey lines in Zone 1 and Zone 2 is less
than that of the survey lines in Zone 3 and Zone 4. This can be clearly seen in Figs. 6
and 7. It should be pointed out that the west side of deep foundation pit Numbers for
SC - X2 line, fall in the area of SC - X2 line located close to the side of the building.
Due to the influence of the building’s self-weight, the horizontal displacement of the
SC-X2 measuring line is greater than that of the SC-X1 measuring line falling in Zone
1. It can be seen that the building still has a great impact on the deformation of the deep
foundation pit. The overall horizontal displacement of the measurement line SC-X3 is
greater than the horizontal displacement of the measurement line SC-X2, and it can be
concluded that the effect of the building on the deformation of the deep foundation pit
is less than the limiting effect of the prestressing anchor cable on the deformation of the
deep foundation pit.
To verify the validity of the numerical simulation results, the horizontal displacement
of the excavation was monitored during excavation, and the measurement lines were
arranged in the same way as the numerical simulation. Through comparison, the trend of
the horizontal displacement curve of each measurement line in the numerical simulation
results matches well with the field monitoring data, thus verifying the accuracy of the
numerical simulation.
In order to further analyze the influence of different excavation methods on the deformation law of deep foundation pit in the excavation process, Fig. 9 shows the relationship
curve of the horizontal displacement of the top measuring points of the support structure
on the east and west sides with the excavation depth under different excavation methods.
The numerical simulation curve and field measured curve are given in the figure. The
field measured data are in good agreement with the numerical simulation results. As
can be seen from the diagram, the horizontal displacement at the top position of the
deep foundation support structure under both excavation methods gradually increases
as the excavation depth increases. At shallow excavation depths there is little difference
in the horizontal displacement of the deep foundation pit caused by the two excavation
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methods. But when the excavation depth increases to a certain value, the horizontal displacement under layered excavation begins to be greater than that under layered section
excavation. The critical value in the east is 3 m and that in the west is 7.5 m. It is not
difficult to conclude that the reinforcement effect of anchor cables can weaken the effect
of excavation methods on the deformation of deep foundation pits. The difference of
horizontal displacement between the two excavation methods increases with the increase
of excavation depth. The horizontal displacement under layered excavation method is
greater than that under layered and segmented start method. In summary, it can be concluded that the layered excavation method is suitable for excavating shallow deep pits,
while the layered section excavation method is more suitable for deeper deep pits.

Fig. 8. The measured results of horizontal displacement of supporting structures.

5.2 Impact of Deep Foundation Pit Excavation on Buildings and Surrounding
Surface
5.2.1 Impact on Surface Settlement around Buildings
The excavation of deep foundation pit will inevitably cause the settlement of adjacent
buildings and surrounding surface. In the process of excavation, when the settlement
displacement of buildings and surrounding surface reaches a certain range, it will affect
the normal use, and more serious settlement will lead to safety accidents. Analyze Fig. 10,
the settlement displacement curve of the ground surface around the building after the
excavation of the deep foundation pit, to investigate the effect of different excavation
methods on the settlement displacement of the ground surface around the building.
As can be seen from Fig. 10, when the deep foundation pit is fully excavated, whether
it is excavated in sections or in layers and sections, the surface settlement displacement
decreases as the surface position is far away from the deep foundation pit. At a distance
of 2 m from the deep foundation pit, the curve shows an extreme value, indicating a large
settlement of the ground surface in the middle position due to the combined effect of the
building and the deep foundation pit. The maximum surface settlement displacement
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Fig. 9. The relation curve between the horizontal displacement of the top of the supporting
structure and the excavation depth.

Fig. 10. The surface settlement displacement curve around the building.

occurs at 17 m, with a maximum of 1.71 mm for layered excavation and 1.67 mm under
layered section excavation. By comparing the curves under the two excavation methods,
it can also be seen that the overall surface settlement displacement under the layered
section excavation method is less than that under the layered excavation. The closer
it is to the boundary of the deep foundation pit, the more obvious this phenomenon
is. It can be seen that different excavation methods have a greater influence on the
surface settlement around the deep foundation pit. Compared with the layered excavation
method, The layered section excavation method has less impact on the surface settlement
and displacement and is safer, which is consistent with the conclusion obtained from the
above analysis of deep foundation pit deformation.
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5.2.2 Impact on Building Settlement
To analyze the effect of different excavation methods on the settlement of buildings,
Fig. 11 shows the settlement displacement diagram of the building after deep foundation
pit excavation, and Fig. 12 shows the relationship curve between building settlement
displacement and excavation depth.
Whether it is layered excavation or layered section excavation, when the excavation is
complete, the closer the building settles to the deep foundation pit, the less it settles, while
on the side furthest from the deep foundation pit, the building settles to a maximum. The
reason is that there is anchor cable reinforcement in the soil close to the deep foundation
pit, and the overall performance of the soil is better. In the absence of anchor cables in the
soil away from the deep foundation, the building settles and displaces more under the selfweight of the building. The maximum settlement of buildings under layered excavation
is 4.3 mm, and the maximum settlement under layered section excavation is 4.12 mm. It
can be seen that layered excavation has a greater impact on building settlement. With the
increase of excavation depth, the settlement displacement of buildings also increases.
When the excavation depth is shallow, the settlement displacement of buildings under
the two excavation methods is almost the same. When the excavation depth increases, the
settlement displacement of buildings under layered excavation method is significantly
greater than that under layered section excavation method. By analyzing the influence
law of building settlement, it can also be concluded that the layered excavation method
is suitable for shallow and deep foundation pit, and the layered and section excavation
method is more suitable for deeper deep foundation pit.

Fig. 11. Building settlement displacement.

The Influence of Different Excavation Methods

123

Fig. 12. The relationship between foundation settlement and excavation depth.

5.3 Influence of Deep Foundation Pit Excavation on Tunnel and Surface
5.3.1 Influence on Tunnel Deformation
In order to analyze the effect of deep foundation excavation on the deformation of metro
tunnels, Fig. 13 shows the horizontal and vertical displacement diagrams of the tunnel
after all the deep foundation pit excavation under two different types of excavation.
As can be seen from Fig. 13, the impact of deep foundation excavation on the overall
deformation of the tunnel is not significant for either excavation method. In the vertical
direction, the excavation of deep foundation pit causes downward displacement in the
top area of the tunnel and upward displacement in the bottom area, which makes the
tunnel flatten, but the displacement is relatively small. The upper and lower displacement
difference caused by the two excavation methods does not exceed 0.5 mm, that is, the
deformation of the tunnel in the vertical direction does not exceed 0.5 mm; In the
horizontal direction, the excavation of deep foundation pit has caused the displacement
to the West on the left and right sides of the tunnel, and the displacement is basically
the same. It can be seen that the tunnel has basically no deformation in the horizontal
direction.
5.3.2 Influence on Tunnel Displacement
To analyze the effect of deep foundation excavation on settlement and horizontal displacement in metro tunnels, Fig. 14 and Fig. 15 show the tunnel settlement displacement
curve and horizontal displacement curve after all deep foundation pit excavation.
The displacement curve shows that the maximum settlement displacement at the top
of the tunnel is 0.262 mm in the layered excavation method and 0.256 mm in the layered
section excavation method, while the vertical settlement displacement of the whole
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(a) Layered excavation method

(b) Layered section excavation

Fig. 13. Deformation of tunnel under two different excavation methods

Fig. 14. The settlement displacement curve of tunnel Building settlement displacement.

tunnel is less than 0.3 mm, which means that the deep foundation excavation has a small
effect on the settlement of the tunnel; However, deep foundation excavation has a greater
impact on the horizontal displacement of the tunnel. As can be seen from the graphs,
the horizontal displacement of the tunnel towards the deep foundation pit was generated
in both excavation methods, with a maximum horizontal displacement of 2.03 mm in
the layered excavation and 2.01 mm in the layered section excavation. Whether it is
settlement displacement or horizontal displacement, the displacement under layered
excavation is greater than that under layered section excavation, but the difference is
small. It can be obtained that the different excavation methods of the deep foundation
pit have less influence on the displacement of the tunnel.
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Fig. 15. The horizontal displacement curve of tunnel.

5.3.3 Impact on Surface Settlement Above Tunnel
Settlement displacement curves for the surface survey line on the east side of the deep
foundation pit after excavation are shown in Fig. 16, and surface settlement curves with
increasing excavation depth are shown in Fig. 17. The analysis shows that the surface
settlement displacements near the boundary of the deep foundation pit are the largest,
exceeding 3.5 mm for both excavation methods, whether the excavation is carried out
in layers or in layers sections. When the surface is far away from the deep foundation
pit, the settlement shows a decreasing trend. A peak in settlement displacement occurs
at a distance of 16 m from the boundary of the deep foundation pit, directly below the
tunnel. It can be concluded that the presence of the tunnel still has some influence on the
ground settlement. The surface settlement caused by layered excavation is greater than
that caused by layered and section excavation. As the excavation depth increases, the

Fig. 16. The surface settlement displacement curve
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difference between the two becomes more obvious. Once again, it is verified that the layered section excavation method has less influence on the deformation and displacement
of the deep foundation pit and the surrounding buildings and tunnels.

Fig. 17. Relationship between surface subsidence and excavation depth.

6 Conclusion
Taking a deep foundation pit in Shiliuzhuang, Beijing as the engineering background,
FLAC3D was used to establish a numerical model of deep foundation pit excavation
in a complex environment, and a numerical simulation study of deep foundation pit
excavation under the conditions of different excavation methods was carried out to
reveal the mechanism of the impact of different excavation methods on the safety of
deep foundation pit on its surrounding tunnels and buildings, with the following main
conclusions:
• The greater the excavation depth of the deep foundation pit in both excavation methods,
the greater the horizontal displacement of the support structure on both sides. When
the excavation depth is not large, the excavation method has no obvious influence
on the horizontal displacement caused by excavation, but as the depth increases, at a
certain value, the horizontal displacement under the layered excavation method starts
to be larger than the horizontal displacement under the layered section excavation
method. And the difference is more obvious as the depth deepens. It is easy to conclude
that the layered excavation method is suitable for deep pits with shallow excavation
depths, while layered section excavation method is suitable for deep pits with deep
excavation depths. The reinforcement effect of the anchor cables reduces the effect of
the excavation method on the deformation of the deep foundation pit. The surrounding
buildings have a greater influence on the deformation of the deep foundation pit, but
the influence of the buildings on the deformation of the deep foundation pit is less
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than the effect of the prestressing anchor cable on limiting the deformation of the deep
foundation pit layered section excavation.
• The excavation of deep foundation pit causes the settlement of adjacent buildings
and surrounding surface. As the distance to the deep foundation pit increases, the
settlement displacement of the building gradually increases and the surface settlement displacement gradually decreases. Different excavation methods have a great
impact on the settlement of buildings and surrounding surface. The overall settlement
displacement of buildings and surface under the layered section excavation method
is less than that under the layered excavation. The closer to the deep foundation the
more pronounced this phenomenon becomes. Compared with the layered excavation method, the layered section excavation method has less and safer impact on the
settlement displacement of buildings and surface.
• The deep foundation excavation has a small effect on the settlement of the tunnel and a
large effect on the horizontal displacement of the tunnel. Different excavation methods
have little impact on the displacement of the tunnel. Whether it is the settlement
displacement or horizontal displacement of the tunnel, the displacement under the
layered excavation method is greater than that under the layered section excavation
method, but the difference is small. The deep foundation excavation did not have a
significant impact on the overall deformation of the tunnel.
• Deep foundation excavation will cause large settlement of the surface above the tunnel.
Maximum ground settlement displacement near the boundary of the deep foundation
pit. When the surface is far away from the deep foundation pit, the settlement shows a
gradual decreasing trend. There is a peak value of increasing settlement displacement
directly above the tunnel. The surface settlement caused by layered excavation is
greater than that caused by layered section excavation.
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Abstract. A 1:15 small-scale model was built based on a blocked tunnel at one
end of Chongqing rail transit, the reliability of FDS numerical simulation was
verified by experiments. Adopts the FDS18.0 software for the shaft seal at the end
of the tunnel, and discusses the fire location, fire heat release rate on the effects
of the shaft of natural smoke extraction mode when fire between seal and shaft,
shaft smoke exhaust volume significantly greater than other fire source position,
the critical length of shaft is bigger, when fire heat release rate between 2.5 MW to
7.5 MW. The critical shaft length decreases with the increase of shaft height, but
has nothing to do with the heat release rate of fire source. A critical shaft length
prediction model for tunnel closure at one end is proposed.
Keywords: Block the tunnel at one end · Shaft natural ventilation · FDS
numerical simulation · Critical shaft length

1 Introduction
Due to the limitation of ground space, various forms of one-end blocking tunnels have
gradually appeared in the planning, design and construction of mountainous cities, which
is different from the common open tunnels at both ends. Due to the existence of the
blocking end, the flue gas is easier to gather and is not easy to discharge out of the
tunnel, and the flue gas flow law of such one-end blocking tunnels in case of fire is less
involved. Putting forward a suitable ventilation and smoke exhaust design scheme for
one end blocked tunnel has become an important solution to the difficulty of smoke
control.
The research shows that compared with the top opening natural ventilation and
smoke exhaust mode, the shaft natural ventilation has stronger chimney effect, which
can produce greater pressure difference and obtain better smoke exhaust effect. Its smoke
exhaust effect has been verified by a large number of experimental data and examples
[1–4]. At the same time, the influence of shaft length on flue gas flow under natural
© The Author(s) 2022
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ventilation is carried out, and the theoretical model of critical shaft length based on two
open tunnels under different conditions is obtained [5–9]. However, the above research is
mainly based on the open tunnel with shaft at both ends. Whether the research conclusion
is applicable to the tunnel blocked at one end needs further research.
FDS numerical simulation method is used to study the critical shaft length of one end
blocking tunnel when the shaft width is constant, the shaft in the tunnel is rectangular,
and the shaft width is equal to the tunnel width. The smoke spread length with different
parameters such as fire source location, fire source heat release rate and shaft height is
discussed, and then the critical shaft length is analyzed.

2 Critical Shaft Length
The concept of critical shaft length was proposed in the study of the influence of open
tunnel shafts on flue gas flow. The so-called critical shaft length usually refers to the
minimum shaft length to ensure that the flue gas generated by the fire source and spread
to the shaft is completely discharged from the shaft and will not spread to the rear of
the shaft. In the blocked tunnel at one end, when the section of the shaft is too small
or the height of the shaft is too low, the buoyancy generated by the pressure difference
inside and outside the shaft is small, and the chimney effect is limited. A large amount
of flue gas will spread through the shaft and continue to gather in the tunnel area behind
the shaft, so the flue gas cannot be discharged through the shaft, which is not conducive
to personnel evacuation. In order to make the shaft discharge flue gas effectively and
reduce the spread distance of flue gas to the greatest extent, the critical shaft length of
one end blocking tunnel is studied.

(a)

(b)

Fig. 1. Schematic diagram of the smoke exhaust effect and the length of the shaft in the tunnel
with one closed portal (a) Xf < Xs (The fire source is located between the plugging end and the
shaft); (b) Xf > Xs (The fire source is located between the shaft and the open end).
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Assuming that only one shaft is set in the blocked tunnel at one end and close to
the blocked end, Lc is the critical shaft length. The relationship between smoke exhaust
effect of tunnel shaft blocked at one end and shaft length is shown in Fig. 1. It can be
seen from Fig. 1 (a) that when the fire source is located between the blocking end and
the shaft, in order to meet the conditions of full exhaust of flue gas in the critical shaft
length, the shaft needs to continuously discharge all flue gas generated by the fire source
to ensure that the tunnel area behind the shaft is a smoke-free area. It can be seen from
Fig. 1 (b) that when the fire source is located between the open end and the shaft, the
appropriate critical shaft length can discharge all the flue gas spreading to the blocking
end, avoiding the accumulation of flue gas at the blocking end, so that the flue gas in the
tunnel will not settle for a long time and ensure the safety of personnel in the tunnel.

3 FDS Numerical Simulation
3.1 Validation of FDS Numerical Simulation
Before using FDS for numerical simulation, the experimental model is established
according to the small-scale experimental conditions, and the accuracy of FDS is demonstrated by comparing the small-scale experimental results with the FDS numerical simulation results. Taking a blocked tunnel at one end of a rail transit in Chongqing as the
prototype, a 1:15 small-scale model test-bed was built with Froude similarity model rate
[10]. The small-scale test-bed is a tunnel blocked at one end, in which the tunnel is 5.0
m long, 0.32 m wide and 0.48 m high. The model uses K-type armored thermocouples
to measure the tunnel temperature. 38 thermocouples are arranged on the longitudinal
centerline in the tunnel. The spacing above and near the fire source is 0.1m, and the
spacing of the far fire source is 0.2 m. Using ethanol as fuel, oil pans of different sizes
are designed and calculated according to the fuel loss rate. The heat release rate of four
ethanol oil pools was designed, which was 8 × 8,10 × 10,12 × 12,15 × 15. According
to the above experimental conditions, the tunnel geometry, fire source fuel and tunnel
material settings established by FDS are consistent with the experiment. The comparison
between small-scale test and FDS simulation results is shown in Fig. 2.
As can be seen from Fig. 2 (a), for the longitudinal temperature distribution of the tunnel roof, the FDS numerical simulation results are slightly smaller than the experimental
results near the fire source, while there is little difference between the experimental
results and FDS numerical simulation results in the far fire source area. There are individual experimental data measurement points that fluctuate. In general, FDS numerical
simulation can better reflect the experimental results.
3.2 Grid Independence Test
Before FDS numerical simulation, grid independence and reliability verification shall
be carried out. The FDS user manual [11] provides a grid division criterion for users.
The grid size can be determined by the calculated value of D∗ /δx, δx is the grid size and
D∗ is the characteristic diameter of fire source. The calculation formula is as follows:
⎛
⎞2
3
Q
∗
⎝
⎠
(1)
D =
1
ρa cp Ta g /2
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(b)

Fig. 2. Comparison of small-scale experimental data and FDS numerical simulation result (a)
Temperature distribution in longitudinal position of tunnel roof; (b) Temperature distribution of
thermocouple tree 0.5 m away from tunnel opening.

At present, it is generally believed that when the calculated value of D∗ /δx is between
4–16, the numerical simulation will have a better result. The fire source power used in
this paper is 2.5 MW, 5 MW and 7.5 mw. Through calculation, it can be obtained that the
more reasonable grid size should be between 0.114 m–0.458 m. Four grids with different
scales of 0.100 m, 0.125 m, 0.160 m and 0.200 m are selected to calculate the same fire
condition. Under different grid sizes, the longitudinal temperature distribution diagram
of tunnel ceiling blocked at one end is shown in Fig. 3.
It can be seen from Fig. 3 that the calculation results of the four grid sizes have
little difference. The maximum temperature at the fire source location of the grid of 0.2
m is low, while the grid of 0.160 m is close to the maximum temperature of 0.100 m
and 0.125 m, and the temperature in the far fire source area of the four grids has little
difference. In this simulation, 0.160 m is uniformly used as the simulated grid size.

Fig. 3. Grid independence analysis
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3.3 FDS Simulation Scheme
The heat release rate of fire source is 2.5 MW, 5.0 mw and 7.5 mw respectively. Four fire
source positions are selected. The shaft center is fixed at Xs = 10 m. The shaft length is
taken according to the shaft height (1.2 m–2.2 m, with an interval of 0.2 m). The specific
simulation arrangement is shown in Table 1.
Table 1. Simulation scheme setting
Simulation scheme

Fire source location

HRR/MW

Shaft height/m

Shaft length/m

Case1–3

X=5m

5

0

2.2, 2.6, 3.0

Case4–7

5

1.6, 1.8, 2.0, 2.2

Case8–10

10

1.2, 1.4, 1.6

Case11–13

15

1.2, 1.4, 1.6

Case14–16

20

1.0, 1.2, 1.6

Case17–19

2.5

5

1.8, 2.0, 2.2

Case20–22

7.5

5

1.8, 2.0, 2.2

5

10

1.2

Case23–25

X = 15 m, 55 m, 95 m

When the height of the shaft is 5 m, the heat release rate of the fire source is 5 MW
and the fire source is located at Xf = 5 m, the temperature distribution of flue gas in the
roof of one end blocked tunnel under different shaft lengths is shown in Fig. 5. When the
difference between the tunnel ceiling temperature and the ambient temperature is less
than 5 ◦ C, it can be approximately considered that this area is a smoke-free area. Since
the tunnel ceiling temperature measuring points are all at the ambient temperature of 20
◦ C after 50 m, in order to better compare the smoke propagation length under different
shaft lengths, this figure only shows that the tunnel length is 50 m. It can be seen from
Fig. 5 that under the working conditions of different shaft lengths, the temperature of
each tunnel has a sudden drop at x = 10 m, but the cooling range is different. Obviously,
the longer the shaft length, the greater the cooling range. When the temperature of flue
gas directly drops to the ambient temperature after crossing the shaft, the shaft length at
this time can be considered as the critical shaft length. The change of shaft length will
not have a great impact on the tunnel ceiling flue gas temperature between the blocking
end and the shaft. From the shaft to the open end, the flue gas propagation length is
significantly shortened with the increase of shaft length. When the shaft length L = 1.6
m is increased to 1.8 m and 2.0 m, the smoke spread length is shortened from 25 m to
18 m and 12 m. When the shaft length L = 2.2 m, the smoke spread length is shortened
to 6 m, which is approximately equal to the distance from the shaft to the fire source.
There is no smoke spread in the tunnel area behind the shaft, and the tunnel behind the
shaft is a smoke-free area. Therefore, when the shaft height Hs = 5 m, the fire source
heat release rate is 5 MW and the fire source is located atXf = 0.5 m, the critical shaft
length Lc = 2.2 m.
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According to the calculation method shown in Fig. 4, the critical shaft length under
different fire source heat release rates and different shaft height conditions is counted,
as shown in Table 2.

Fig. 4. The tunnel ceiling’s smoke temperature distribution under different shaft lengths.

Table 2. The critical shaft length at the fire source location X = 5 m.
Shaft height/m

HRR/MW
2.5

5

7.5

–

3

–

5

2.2

2.2

2.2

10

–

1.6

–

15

–

1.4

–

20

–

1.2

–

0

4 Analysis of Simulation Results
4.1 Influence of Fire Source Location
The distribution diagram of flue gas temperature at one end of the blocked tunnel roof at
four different fire source locations is shown in Fig. 6, in which the shaft height Hs = 10m,
the shaft length L = 1.2 m, and the heat release rate HRR of the fire source is 5 MW. It
can be seen from Fig. 6 that fire source position 1 is located between the blocking end
and the shaft, and the maximum temperature of flue gas in the tunnel ceiling blocked
at one end is significantly higher than that in the other three fire source positions. The
conclusion shows that when the fire source is close to the plugging end and the fire source
is located between the plugging end and the shaft, the flue gas generated by the fire source
will continue to gather at the plugging end, resulting in a significantly higher maximum
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temperature. When the fire source is located between the shaft and the open end, the
fire source will deflect violently to the plugging end. The continuous consumption of air
at the plugging end and the continuous discharge of flue gas from the shaft, while the
continuous input of air at the open end leads to the low side pressure at the plugging end
of the fire source, resulting in the imbalance of pressure difference at both ends of the fire
source and severe deflection. When the fire source is located between the plugging end
and the shaft, in order to achieve the effect of full exhaust of shaft flue gas at the critical
shaft length, the shaft needs to discharge all flue gas generated by the combustion of the
fire source. When the fire source is located between the shaft and the open end, the value
of the critical shaft length only needs to discharge about half of the flue gas generated
by the combustion of the fire source,then lxf =5 ≥ lOtherfiresourcelocations . It can be seen
from Fig. 5 that the shaft length L = 1.2 m, the temperature of the flue gas generated by
the combustion of the three fire sources at fire source locations 2, 3 and 4 drops sharply
below 25 ◦ C after crossing the shaft, while the flue gas generated by the combustion of
fire source location 1 continues to spread to x = 15 m after crossing the shaft, which
also proves that the critical shaft length of fire source locations 2, 3 and 4 is less than or
equal to 1.2 m. The critical shaft length of fire source position 1 is the largest. Among
the four fire source positions, the next section will study the change law of critical shaft
length when the heat release rate of fire source changes for fire source position 1 with
x = 5m.

Fig. 5. The tunnel ceiling’s smoke temperature distribution under different fire locations

4.2 Effect of Fire Source on Heat Release Rate
The flue gas temperature distribution of one end blocked tunnel ceiling under different
fire source heat release rates is shown in Fig. 6. When the parameters of the shaft are the
same, there is a large difference in the temperature of flue gas produced by fire sources
with different fire source heat release rates before crossing the shaft. The greater the
fire source heat release rate, the higher the flue gas temperature of the tunnel ceiling;
However, after the flue gas passes through the shaft, the flue gas temperature of the
heat release rate of the three fire sources decreases sharply, but the flue gas propagation
length of the three fire sources is almost the same. Comparing the three shaft lengths, it
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is found that with the increase of shaft length, the smoke spread length of the heat release
rate of the three fire sources decreases to the same extent, and when the shaft length L
= 2.2M, the smoke spread length of the three fire sources decreases to 6 m, which is
approximately equal to the distance between the fire source and the shaft. Therefore,
it can be considered that under the conditions of FDS simulation in this section, the
critical shaft length of the three fire source heat release rates is equal, and the critical
shaft length is almost independent of the fire source heat release rate, which is the same
as the previous research results [12]. This shows that Heskestad and Yuan’s theory is also
applicable to blocking the tunnel at one end. Since the fire plume and the smoke exhaust
mass flow of the shaft are directly proportional to the 1/3 power of the fire source heat
release rate, the value of the critical shaft length has nothing to do with the fire source
heat release rate.
4.3 Theoretical Model of Critical Shaft Length
According to the above analysis, the fire source location at Xf = 5 m. Xf is a relatively
unfavorable situation in the study, and its critical shaft length is the largest, which can
meet the conditions for the complete discharge of flue gas from other fire source locations
to the shaft along the shaft. The following will mainly analyze and summarize the critical
shaft length model at Xf = 5 m fire source location. In case of fire at the fire source, the
flue gas generated by the fire source will continue to spread to both sides of the tunnel
after reaching the tunnel ceiling, and part of the flue gas will be discharged along the
shaft (L < Lc ) and take away the heat in the tunnel. The longer the shaft length, the more
flue gas will be discharged along the shaft. At this time, the less flue gas will spread
to the tunnel area behind the shaft, the lower the tunnel ceiling temperature, and the
shorter the flue gas spread distance, which will provide a safer evacuation environment
for the trapped people until the shaft length increases to completely discharge the flue
gas generated by fire source combustion (Critical shaft length L = Lc ). If the length
of the shaft is L > Lc , there will be a section of the shaft that is completely smokefree, which will not only increase the investment cost, but also cause a serious suction
through phenomenon in the shaft. Therefore, we should try our best to avoid the situation
of L > Lc .
According to heskestad’s theory [13], the plume mass flow (M0) generated by fire
source combustion can be expressed by Eq. (2);
1
1 5
m0 ∝ ρ0 g /2 Q∗ /3 H /2

(2)

Where: Q is the heat release rate of fire source, HRR, kW; Q∗ is the heat release rate
of dimensionless fire source; H is the height of the tunnel, m.
According to Yuan’s theory [7], the mass flow at the boundary of the control body
(m1 ), the mass flow of shaft smoke exhaust (ms ), and the temperature rise of flue gas
T1 /T0 meet the following laws:
1
1 5
m1 = m∗ref ρ0 g /2 Q∗ /3 H /2

(3)
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(a)

(b)

(c)

Fig. 6. The tunnel ceiling’s smoke temperature distribution under different fire source heat release
rates (a) L = 1.8 m; (b) L = 2.0 m; (c) L = 2.2 m.


ms = 2m1 l hw ρ gε
2

2 2

−1 T1

1/
3

T0


2
∗
T1 /T0 = Tref
Q∗ /3 exp −k s − Xref

(4)
(5)

Where: l is the shaft length, h is the shaft height, w is the shaft width, ε is a fixed
constant, ref is the reference point position of the fire source section, Xref is the reference
point position coordinate, s is the coordinate of the shaft center, and k is the ceiling
temperature attenuation coefficient of the fire source section.
For the tunnel blocked at one end, when the flue gas is completely discharged along
the shaft, the relationship between m0 , m1 and ms can be expressed as the following
formula (6):
m0 = m1 = ms

(6)

Combining the above formula, formula (7) can be obtained:
h ∝ βl −2 ω−2 H 5 eks

(7)
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∗−1 −kxref
Where:β = 22 o(m∗ref )2 Tref
e
and m∗ref (dimensionless flue gas mass flow at

∗ (dimensionless temperature rise at the reference
the reference position) and (m∗ref )2 Tref
position) are constants.
According to the simulation results, the value of k is approximately equal to 0.372,
and then fit the results according to formula (7). The results are shown in Fig. 7. The
experimental results show that for fire source position 1, the value of h/ω−2 H 5 eks is
approximately linear with the value of l −2 , and the following expression is obtained:

h
ω−2 H 5 eks

= 0.1678l −2 − 0.0144, 0.1m−2 < l −2 < 0.7m−2

(8)

Equation 7 can also be rewritten as:
h = 0.1678l −2 ω−2 H 5 eks − 0.0144ω−2 H 5 eks , 1m < l < 3m

(9)

Fig. 7. Fitting graph of the experimental results

5 Conclusion
By comparing the small-scale experiment and FDS simulation, the reliability of FDS for
fire smoke simulation of one end blocked tunnel is verified. Taking the planned one end
blocked tunnel train inspection depot project as an example, a full-scale FDS numerical
simulation calculation model is established. After grid independence verification, the
relationship between critical shaft length and fire source location, fire source heat release
rate and shaft height is analyzed. According to the numerical simulation results, the
following results are obtained:
• Setting appropriate shaft size can effectively discharge all flue gas inside the tunnel
and ensure the safety of tunnel structure and personnel evacuation.
• When the fire source is located between the plugging end and the shaft, the natural
ventilation and smoke exhaust volume of the shaft is significantly greater than that
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of other fire sources, and the critical shaft length is greater. At the same time, the
critical shaft length does not change with the change of fire source heat release rate,
but decreases with the increase of shaft height.
• When the fire source is located between the blocking end and the shaft, a prediction
model of the critical shaft length of the tunnel blocked at one end is proposed.
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Abstract. In order to understand whether the alignment, internal force and cable
force of the special-shaped cable-stayed bridge can still meet the design and code
requirements due to the influence of the transverse displacement of the support
during the construction process, the transverse displacement of the girder arch
system is restricted before the removal of the support. The difference between
the measured value and the designed value at each stage of the boom is within
±5%, which meets the design and specification requirements. In this paper, the
pedestrian bridge in Anyi County, Nanchang City, Jiangxi Province is taken as
an example. MADIS/Civil software is used for finite element simulation analysis
in the construction stage, and the linear shape, internal force and cable force of
the superstructure are monitored. The results show that the measured deformation
values of arch ribs and beams meet the design and specification requirements
during the whole construction process. The difference between the measured value
and the designed value at each stage of the boom is within ±5%, which meets the
design and specification requirements.
Keywords: Special shaped cable stayed arch bridge · Beam arch composite
system bridge · Finite element simulation · Suspender tension · Construction
monitoring

1 Introduction
The special-shaped inclined tower cable-stayed arch bridge is a composite bridge with
beam-arch system. The structure of the bridge is highly statically indeterminate, and the
stress is extremely complex [1]. The most significant characteristic is that the internal
force distribution of the structure can be changed by adjusting the hanger cable force, so
as to optimize the overall structure stress. In the process of construction, the system transformation of the bridge is complicated due to the phased removal of the arch rib and the
beam support, and the change of the linear shape and internal force is uncertain, which
brings hidden trouble to the construction [2]. At present, there are few researches on
construction monitoring of special-shaped cable-stayed Bridges [3]. Taking the pedestrian landscape bridge in Anyi County, Nanchang City, Jiangxi Province as an example,
this paper introduces the construction monitoring of such Bridges.
© The Author(s) 2022
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2 Project Summary
The length of the bridge is 194.449 m, the full width of the deck is 6.0 m, the clear
width is 5.4 m, and the span is arranged according to 15 + 2 × 75 + 15. The main
arch ring is pentagonal concrete filled steel tube structure, the main span calculated span
65.0 m, lateral rotation front vector height 24.377, vector span ratio 1/2.666, the arch
axis is circular curve. The transverse bridge of the arch rib itself tilts outward 22.088°,
and the stability of the arch rib itself is guaranteed by the tension of the inclined hanger
rod. Overlooking the main beam is s-shaped, steel box girder is used in design, steel
box girder material is Q345qC, steel box girder is 1.5 m high, 6.0 m wide, 1.5 m wide
cantilever is set on both sides. The thickness of the roof and bottom plate is 20 mm,
the thickness of the web is 16 mm, and the diaphragm is set every 2 m or so. A 1 m
wide beam is arranged at the cable tension position of the steel box girder. There are 16
suspender rods in the whole bridge. The upper end of the suspender is projected to be 7
m along the bridge design axis, and the lower end is projected to be 6 m along the bridge
design axis. The steel box girder of the bridge deck is rigidly connected by diagonal
braces and arch feet. The beam and arch combined stress system of two arch rings and
main beam configuration special-shaped double inclined tower cable-stayed arch bridge
is shown in the Fig. 1.

Fig. 1. Layout of bridge structure

3 Finite Element Analysis Model
The large-scale finite element analysis software MADIS/Civil2019 was used to establish
the analysis model of the construction stage of the bridge according to the actual construction process [4], so as to simulate and analyze the whole construction process. In the
model, arch ribs and steel box beams are simulated by beam element. The suspender is
simulated by tension truss element, and the arch rib support and main beam support are
simulated by compression only elastic connection. The Finite element analysis model is
shown in the Fig. 2.

4 Construction Monitoring Content
The purpose of construction monitoring is to monitor and control the main beam installation, arch rib installation, hanger tension, bracket removal and other stages in the
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Fig. 2. Finite element analysis model

construction process, so as to ensure that the construction process and its structure are
in absolute safety control. According to the actual state of the structure, the linear and
internal force control data of each construction stage is given, which can be used to guide
and control the construction, prevent the accumulation of errors in the construction, and
ensure that the linear and internal force after the bridge meets the design requirements
[5].
4.1 The Linear Monitoring
The alignment monitoring of the main beam adopts level elevation monitoring. The
alignment monitoring point of the main beam selects the truncation point of the beam
and the contact point of the boom and the main beam. The Layout of main beam alignment
monitoring point is shown in the Fig. 3 and Fig. 4.

Fig. 3. Layout of main beam alignment monitoring point I

Fig. 4. Layout of main beam alignment monitoring point II

The arch rib alignment monitoring adopts total station displacement monitoring, and
the arch rib alignment monitoring point is selected as the cutting point of the arch rib
and the contact point between the boom and the arch rib. The Layout of arch rib linear
monitoring point is shown in the Fig. 5 and Fig. 6.
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Fig. 5. Layout of arch rib linear monitoring point I

Fig. 6. Layout of arch rib linear monitoring point II

4.2 Stress Monitoring
For the stress monitoring of the superstructure, the pre-embedded and pre-attached strain
gauge method is adopted. The stress and strain monitoring points are arranged for the
key parts and the stress concentration places, which are the adjacent points of tension
on the arch and the adjacent points of tension on the beam. The stress monitoring points
are shown in the Fig. 7 and Fig. 8.

Fig. 7. Layout of stress monitoring points of arch ribs

4.3 Cable Force Monitoring
The vibration signal of the cable under the vibration excitation is picked up by the precision vibration collector, and then the natural vibration frequency of the cable is determined according to the spectrum diagram after filtering and amplification and spectrum
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Fig. 8. Layout of stress monitoring points of main beams

analysis, and then the cable force is determined according to the relationship between
the natural vibration frequency and the cable force.

5 Construction Monitoring Results
5.1 Linear Monitoring Results
Before the removal of the steel box girder support, the measured lateral displacement
value is slightly less than the theoretical displacement value. The transverse displacement
and vertical displacement of the arch rib are slightly larger than the theoretical value.
After the bracket is removed, the linear state of the bridge is relatively consistent with
the theoretical value, and the difference is within a reasonable range. The displacement
of main girder is shown in the Fig. 9 and Fig. 10. And the displacement of arch rib is
shown in the Fig. 11 and Fig. 12.

Fig. 9. Vertical displacement of main girder

5.2 Stress Monitoring Results
Before the removal of steel box girder support, the measured stress value of arch rib
is slightly greater than the theoretical stress value, considering that the spot welding
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Fig. 10. Transverse displacement of main girder

Fig. 11. Vertical displacement of arch rib

Fig. 12. Transverse displacement of arch rib
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anchorage between the bottom of the box girder and the support has the effect of transverse limit, and the theoretical value does not consider the transverse limit. After the
removal of the support, the transverse resistance of the support is eliminated, and the
arch rib is stretched. The stress state of the bridge is relatively consistent with the theoretical value, and the difference is within a reasonable range. The stress of bridge girder
is shown in the Fig. 13 and the stress of arch rib of bridge is shown in the Fig. 14.

Fig. 13. Stress of bridge girder

Fig. 14. Stress of arch rib of bridge

5.3 Cable Force Monitoring Results
The suspender is divided into the initial and final tension. The initial tension is tensioned
when the arch rib support is removed and the main beam support is not removed. The
final tensioning is completed in the load construction of the main girder deck and is
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tensioned before the main girder is removed [6]. Finally, the main beam support was
removed, and the structure formed a combination system of beam and arch. The cable
force measured at this time is the final cable force of the bridge [7]. The comparison
between finished cable force and design cable force is shown in the Fig. 15.

Fig. 15. Comparison between finished cable force and design cable force

6 Conclusion
To Anyi landscape bridge in Nanchang, Jiangxi Province as an example, this paper
discusses the special cable stayed arch bridge construction monitoring, the following
conclusions:
(1) the demolition of bracket horizontal displacement value of the measured before
the overall displacement value is less than the theoretical value, considering the
reason is spot welding at the bottom of the box girder with transverse displacement
between stent anchoring and restrictions, The theoretical value does not consider
the lateral displacement, and the horizontal displacement is within the allowable
deviation range [8]. The measured vertical displacement value is slightly higher
than the theoretical value, which is considered to be due to the slight lift caused
by the vertical component of the boom, and the deviation is within the allowable
range. The transverse displacement and vertical displacement of the arch ribs are
slightly larger than the theoretical value because the transverse displacement of the
box girder caused by the welding between the bottom of the box girder and the
bracket is insufficient [9]. The linear state of the bridge after removing the support
is consistent with the theoretical value, and the difference is within a reasonable
range.
(2) In the construction process of the bridge, the pressure arch ribs and beam tension
of adjacent points are close to the theoretical value as a whole, and the key points
and beams on the average section of the arch ribs are close to the theoretical value
[10].
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(3) The cable stress monitoring, after four times of fine adjustment, meets the design
value, the error meets the monitoring requirements, the cable stress distribution is
reasonable. The cable force is consistent with the design value, and the difference
is controlled within ±5%
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Abstract. Deep braced excavations are generally known to be associated with
risks from various sources. The inherent uncertainty of soil strength properties is
one of the primary factors that influence the deformation of the retaining wall and
the ground settlement. In this study, the numerical model of a braced excavation is
firstly established by an elastic-plastic model with Drucker-Prager failure criterion
in COMSOL Multiphysics. Random field theory is used to simulate the spatial
variability of Young’s modulus. The uncertainty of braced excavation on ground
settlement and deflection of retaining wall by stages are studied by Monte Carlo
simulation based on 500 random fields. The struts can lessen the uncertainty of
wall deflection during excavation but have a limited impact on settlement. The
deterministic result may underestimate the settlement of braced excavation. The
uncertainty of wall deflection is significantly reduced after the first strut. The
uncertainty of wall deflection above the depth of struts is well-controlled at the
final stage of excavation.
Keywords: Braced excavation · Drucker-Prager · Random field · Uncertainty ·
Spatial variability

1 Introduction
Deep braced excavations are generally known to be associated with risks from various
sources such as retaining systems, subsurface soil conditions, and construction techniques. The inherent uncertainty of the strength properties of soil is one of the primary
factors that influence the deformation of the retaining wall and the ground settlement.
It is of great importance to study the uncertainty of braced excavations in face with the
heterogeneous soil strength properties.
Many scholars used the random field to represent the soil spatial variability and study
the uncertainty of braced excavations by probabilistic methods. Luo et al. [1] presented a
simplified approach to consider the effect of spatial variability in a two-dimensional random field for reliability analysis of basal heave in a braced excavation in clay. Wu et al. [2]
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proposed a novel method of updating the probability distribution of the maximum wall
displacement based on the measurements at earlier stages. Qi and Zhou [3] presented an
efficient Bayesian back-analysis procedure for braced excavations using wall deflection
data at multiple points. Lo and Leung [4] introduced an approach using field measurements to update the parameters characterizing spatial variability of soil properties for subsequent construction stages. Gholampour and Johari [5] presented a practical approach
for reliability analysis of braced excavation in spatially varied unsaturated soils. Most of
the researchers used PLAXIS software with the Mohr-Coulomb failure criterion to build
the models of braced excavations. They found that it is necessary to consider soil spatial
variability during braced excavations. Seldom studies discussed the impact of struts on
the uncertainty reduction of braced excavations.
In this study, the numerical model of a braced excavation with struts is firstly established by an elastic-plastic model with Drucker-Prager failure criterion in COMSOL
Multiphysics. Random field theory is used to simulate the spatial variability of Young’s
modulus. The uncertainty of ground settlement and deflection of retaining wall controlled
by struts are studied by Monte Carlo simulation based on 500 random fields.

2 Methods
2.1 Numerical Model of Braced Excavation with Struts
The numerical model of braced excavation is modeled by COMSOL Multiphysics.
Drucker-Prager criterion is used to simulate the elastic-plastic behavior of excavation.
Drucker-Prager criterion is the linear combination of the first invariant of stress tensor
I 1 and the square root of the second invariant of the deviatoric stress tensor J 2 :

(1)
F = J2 + αI1 − k
where α and k are two material constants and can be calculated by the following
equations:
α=

tan φ
9 + 12 tan2 φ

3c
k=
9 + 12 tan2 φ

(2)
(3)

where c and φ are the cohesion and the angle of internal friction, respectively. Note that
the hardening or softening of soil behavior is not considered, so the dilatation angle is
not included.
The example of braced excavation is taken from Schweiger [6]. As shown in Fig. 1,
the model is 90 m in width and 60 m in height. The depth of the excavation is 26 m with
a retaining wall. Three struts are applied to minimize wall movements. The process of
excavation is divided into four stages and the depth of each excavation is 4 m. Three
struts placed at 4.8 m, 9.3 m, and 14.35 m are installed during excavation. The soil type
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Fig. 1. Force of struts with deformation.

is sand. The Poisson’s ratio, cohesion, angle of internal friction, and density of soil are
0.3, 0 Pa, 35°, and 1900 kg/m3 , respectively. The stiffness of struts is chosen as 104
kN/m. The Young’s modulus, Poisson’s ratio, and density of retaining wall are 30 GPa,
0.15, and 2400 kg/m3 , respectively. These parameters are summarized in Table 1.
Table 1. Parameters of the numerical model and random field.
Parameters

Definitions

Values

μ

Mean value of soil Young’s modulus

20 MPa

σ

Standard deviation soil Young’s modulus

10 MPa

lx

Horizontal correlation length

9m

lz

Vertical correlation length

6m

νs

Poisson’s ratio of soil

0.3

c

Cohesion

0 Pa

ϕ

Angle of internal friction

35°

ρs

Density of soil

1900 kg/m3

Struts

s

Stiffness

104 kN/m

Retaining wall

Ew

Young’s modulus of retaining wall

30 GPa

νw

Poisson’s ratio of retaining wall

0.15

ρw

Density of retaining wall

2400 kg/m3

Soil
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To simulate the struts, a 1 m-line is defined in geometry for each strut. The struts
are active for two conditions. First, the depth of the excavation exceeds the location of a
strut. Second, the maximum horizontal deflection is reached. For the second condition,
it can be achieved by defining a function as shown in Fig. 1. It means that when the
deformation of the wall deflection exceeds 25 mm, the struts start to work. The force
provided by the strut is linearly increased by the deformation and the gradient is the
stiffness of the strut.
According to the geostatic equilibrium, the in-situ stress in the horizontal and vertical
directions are 24 kPa and 35 kPa, respectively. To achieve the second method mentioned
before, the in-situ stress is applied by external stress in the whole soil domain and
corresponding boundary AB. The boundary load on the retaining wall of boundary AB
is 24 kPa and it is 35 kPa for EB and AH. The bedrock is below FG and a fixed constraint
is applied on FG. According to the symmetry of the structure, only the right half of the
domain is built, and symmetry boundary condition is used on EF. Extrusion operators
are applied on the boundaries of BD and CD ensuring that the normal displacement
between the retaining wall and the soil stays in contact, with the tangential displacement
being unconstrained at the same time. The geometry and boundary conditions of the
numerical model are shown in Fig. 2.
Boundary load in-situ stress are
gradually removed by stages.

60 m

AC

H

Stage 1

Stage 2
Stage 3

24 kPa
Stage 4
60 m

E

B D

Boundary condition:
AB: Boundary load = 24 kPa
EB & AH: Boundary load = 35 kPa
EF: Symmetry
FG: Fixed Constraint
HG: Roller Constraint
BD & CD: Identity boundary pair

30 m

Strut 1

Retaining wall

Strut 2
Strut 3

F

90 m

Soil

G

Fig. 2. Geometry and boundary conditions of the numerical model.

2.2 Random Field
Young’s modulus E of soil is chosen to consider the spatial variability of strength properties. According to the previous studies [7, 8], E is generally the lognormal distributed.
Therefore, lnE (Natural logarithm of E) is subject to normal distribution. The mean
value μln and the standard deviation σ ln of lnE are calculated as:
1
μln = ln μ − σ 2
2

(4)
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where μ and σ are the mean value and standard deviation of E. It is reported that the
coefficient of variation (COV) of E ranges from 2%–60%. Therefore, for sandy soil, μ
and σ are assumed to be 20 MPa and 10 MPa, respectively (Table 1).
The exponential covariance function C(x) [8–10] is adopted to generate random
fields of InE:
 
1/2 
(x1 − x2 )2
(z1 − z2 )2
2
+
(6)
C(x) = σln exp −
lx2
lz2
where lx and l z are the horizontal and vertical correlation lengths of InE, respectively;
x = [(x 1 , z1 ), (x 2 , z2 )] denotes the coordinates of the two points in the domain. The
correlation length of InE ranges from 1–100 m varies from site to site [11]. In this
study, the horizontal and vertical correlation lengths are assumed to be 9 m and 6 m,
respectively.

3 Results and Discussions
3.1 Deterministic Results
The deterministic results of braced excavation are shown in Fig. 3. The total displacement
at the final stage is shown in Fig. 3(a). The deformation is magnified by 238 times
for better visualization. The final maximum displacement is around 25 mm and in the
interface between retaining wall and soil. Figure 3(b) is the plastic region of the soil at
the final stage. The plastic region is adjacent to the retaining wall indicating the highrisk zone of braced excavation. Figure 3(c) shows the wall deflection in each stage. Note
that the struts will be installed if the wall deflection exceeds 25 mm. It can be inferred
that the 4.8 m-strut is activated at the second stage and the other two struts are valid at
the fourth stage. Figure 3(d) shows surface settlement over stages. The struts can also
control the settlement of braced excavation. At the fourth stage, the settlement is reduced
significantly because of the installation of two struts.
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Fig. 3. Deterministic results: (a) final total displacement; (b) final plastic region; (c) wall deflection
and (d) settlement.

3.2 Uncertainty of Braced Excavation by Stages
Figure 4 displays the uncertainty of wall deflection during excavation. The blue shadows
are the confidence intervals of each percentage. At the first stage, the uncertainty of
wall deflection is noteworthy. It gradually decreases with depth. At the second stage,
the uncertainty is considerably reduced because of the installation of the first strut.
At the third stage, the uncertainty away from the strut is improved but it is still very
small compared to the first stage. At the final stage, another two struts are active, and
the uncertainty of wall deflection is trivial. Only the lower part of the retaining wall
suffers from uncertainty. To conclude, the uncertainty of wall deflection is significantly
reduced after the first strut. The uncertainty of wall deflection above the depth of struts
is well-controlled at the final stage of excavation.

Probabilistic Analysis of a Braced Excavation Considering Soil Spatial Variability

157

The uncertainty of settlement during excavation is shown in Fig. 5. As the excavation
goes on by stages, the uncertainty of surface settlement increases. It implies that the
effectiveness of struts on the reduction of uncertainty for settlement is limited. In addition,
the mean results of the settlement are larger than the deterministic results. It gradually
closed to the deterministic results. The two results almost overlapped at the final stage.
It illustrates that the deterministic results may underestimate the settlement of braced
excavation. Controlling the settlement during excavation based on the deterministic result
may have potential risks. It is necessary to consider spatial variability of soil strength
properties for braced excavation.

Fig. 4. Uncertainty of wall deflection during excavation: (a) Stage 1; (b) Stage 2; (c) Stage 3 and
(d) Stage 4.
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Fig. 5. Uncertainty of settlement during excavation: (a) Stage 1; (b) Stage 2; (c) Stage 3 and (d)
Stage 4.

4 Conclusions
In this study, the numerical model of a braced excavation is firstly established by an
elastic-plastic model with Drucker-Prager failure criterion in COMSOL Multiphysics.
The staged excavation with struts is considered. Random field theory is used to simulate
the spatial variability of Young’s modulus. The uncertainty of braced excavation on
ground settlement and deflection of retaining wall by stages are studied by Monte Carlo
simulation based on 500 random fields. Major conclusions are summarized below:
(1) The uncertainty of wall deflection during excavation is significantly reduced after
the first strut. The uncertainty of wall deflection above the depth of struts is wellcontrolled at the final stage of excavation.
(2) The deterministic result may underestimate the settlement of braced excavation.
Controlling the settlement during excavation based on the deterministic result may
have potential risks. It is necessary to consider spatial variability of soil strength
properties for braced excavation.
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Abstract. For the influence of horizontal adit tunnel on the main tunnel, taking
a tunnel as an example, MIDAS finite element software is used to analyzes the
displacement and stress state of the primary support and secondary lining structure
of the main tunnel before and after excavation, gives the local structural safety
factor at the junction of the two, and analyzes the safety of the lining structure.
The results show that: (1) After the main tunnel lining is removed, the lining has a
certain displacement to the free face, the maximum is 55.3 mm, and the displacement changes little after the lining of the horizontal adit tunnel; (2) The safety
factor calculation of the main tunnel lining at the junction, except the inverted
arch area of primary support, all other parts meet the specification requirements.
Keywords: Horizontal adit tunnel · Main tunnel · Lining structure · Force
analysis · Safety factor

1 Introduction
In order to ensure the operation safety of large tunnels and timely evacuation and rescue
in case of accidents, it is generally necessary to set up vehicle cross passage and pedestrian cross passage in separate tunnels. The spacing of vehicle cross passage should be
750 m, not more than 1000 m; The setting spacing of pedestrian cross passage should
be 250 m, not more than 500 m [1]. The cross traffic passage is excavated in the main
tunnel of the existing tunnel, with large free surface at the junction and complex stress.
If the construction process is improper and the monitoring is not in place, the lining
of the main tunnel of the existing tunnel may be deformed and cracked, and the construction risk is high. At present, the research on construction mechanics of vehicle
cross passage and main tunnel is mainly numerical simulation. Shi Yanwen et al. [2]
used three-dimensional numerical simulation method to conduct elastic-plastic analysis
of the main tunnel and vehicle cross passage; Liu Shanhong et al. [3] used finite element software to conduct numerical analysis on the tunnel crossing section of juyun
mountain in Fuling, Chongqing and concluded that in-situ stress and structural stress
concentration are two key factors leading to local cracking and affecting the stability of
the intersection; Sun Zhijie [4] and others combined the engineering field test with finite
© The Author(s) 2022
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element simulation to study the deformation law of the main tunnel during the construction of vehicle cross passage; Luo Yanbin [5] et al. carried out three-dimensional finite
element numerical simulation of the tunnel of Tianheng mountain in Harbin and studied
the influence of cross passage construction on the main tunnel structure of the tunnel;
Liu Xiaoliang [6] conducted three-dimensional numerical simulation analysis of tunnel
in Danan mountain and studied the influence of vehicle cross passage excavation on
the surrounding rock displacement at the intersection of the main tunnel of long-span
tunnel.The above scholars have made some progress in the research on the mechanical
characteristics and deformation mechanism of the intersection between the main tunnel
and the cross passage, but they are limited to the role between the normal main tunnel
and a single vehicle cross passage, and rarely mention the role between the main tunnel
and the vehicle cross passage when the main tunnel has been weakened. Based on an
example of a highway tunnel, using the method of three-dimensional numerical simulation and theoretical calculation, this paper analyzes the deformation and stress law of the
lining of the main tunnel when the cross passage is built nearby and the cross passage
is excavated, and checks the safety of the lining structure at the interface between the
main tunnel and the cross passage after the cross passage is completed, the results can
provide reference for similar projects.

2 Project Overview
2.1 Geological Conditions
The tunnel site belongs to the tectonic denudation low mountain landform area, with
large topographic fluctuation and change, the relative height difference is about 335
m, the inlet side slope is about 25–35°, and the outlet side slope is about 15–20°. The
slope is covered with Deluvial cohesive soil strongly weathered siltstone. The drilling
reveals that the upper part of the tunnel site is quaternary eluvial diluvium; The underlying bedrock is Permian Wenbishan formation siltstone and weathered layer, occurrence 118° 20°; Siltstone and its weathered layer of Carboniferous woodland formation,
occurrence 30° 51°; Quartz sandstone and weathered layer of woodland formation are
locally developed. The surrounding rock of the tunnel is a weak permeable layer, and
various indexes measured by the groundwater and surface water in the site are slightly
corrosive to the concrete and the reinforcement in the concrete.
2.2 Tunnel Overview
The total length of the tunnel is 1022m, and the left and right tunnels are arranged
separately. The starting and ending mileage of the tunnel is ZK19+179-ZK20+191 for
the left tunnel and YK19+183-YK20+215 for the right tunnel. The left and right tunnels
are 1012 m and 1032 m long respectively. The main tunnel of the tunnel adopts Z7-3
lining structure, and the support parameters are: shotcrete C25, thickness 30 cm; 20B
I-steel support, spacing 70 cm; C30 waterproof concrete for secondary lining, 50 cm
thick; Hollow grouting anchor rod L = 4 m. The entrance and exit of the tunnel are
located within the plane curve range. The entrance and exit curve radii of the left line
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are 1200 m and 1100 m respectively, and the entrance and exit curve radii of the right
line are 1200 m and 1000 m respectively. Design elevation of inlet: 349.840 m for left
tunnel and 349.796 m for right tunnel; Design elevation of exit: 346.80 m for left tunnel
and 337.035 m for right tunnel.
The stake number of the left tunnel of the vehicle cross passage is ZK19+440, 261
m away from the tunnel entrance; The chainage of the right tunnel is YK19+449, 266 m
away from the entrance. Z8-2 lining structure is adopted for the vehicle cross passage,
and the support parameters are: shotcrete C25, thickness 20cm; Grating steel support,
spacing d = 1 m; C30 waterproof concrete for secondary lining, 35 cm thick; Hollow
grouting anchor rod L = 2.5 m. The main tunnel and pedestrian cross passage of the
tunnel have been completed, and the pedestrian cross passage has been backfilled. The
outer contour of the vehicular cross passage is only 3 m away from the outer contour
of the pedestrian cross passage. The construction of vehicle cross passage needs to
destroy the lining of the original main tunnel, and the surrounding rock will inevitably
be disturbed during the construction process. The positional relationship between the
main tunnel and the cross passage of the tunnel is shown in Fig. 1.

Fig. 1. Position relationship between main tunnel and cross passage of tunnel.

3 Numerical Simulation
3.1 Model Establishment
The three-dimensional model is established by Midas finite element software. The model
takes the pedestrian cross passage as the core area, X direction as the cross passage direction and Y direction as the main tunnel direction. Generally, when the boundary range
of 3 times the hole distance is taken, the analysis results meet the accuracy requirements
[7]. The span of the main tunnel of the project is 14.9 m, the outer contour interval of
the main tunnel is 15 m, and the span of the vehicle cross passage is 7.5 m. The model
is taken as 110 m in X direction, 70 m in Y direction and 110 m in Z direction. The
three-dimensional finite element mesh is shown in Fig. 2.

Influence of Excavation of Horizontal Adit Tunnel

163

Fig. 2. 3D mesh generation.

3.2 Model Calculation Parameters
The solid element is selected for the surrounding rock, and the Drucker Prager (DP
criterion) is adopted for the constitutive model. The plate element is used for the initial
support and secondary lining of the main tunnel and vehicle cross passage of the tunnel,
and the material calculation parameters are shown in Table 1.
Table 1. Main physical and mechanical parameters.
Structure name Severe
/kN/m3

Poisson’s
ratio/υ

Deformation
modulus/GPa

Cohesion/MPa

Internal friction
angle
/°

Deluvial silty
clay with
gravel and
structural
fracture zone

18.5

0.43

0.010

0.03

202

Fragmentary
strongly
weathered
siltstone

20

0.38

0.1

0.1

26

Primary
support

22

0.2

23

-

–

Secondary
lining

25

0.2

30

-

–
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4 Analysis of Calculation Results
4.1 Analysis of Surrounding Rock Deformation
When the left tunnel lining is removed, the displacement of the supporting structure of
the main tunnel is shown in Fig. 3. Due to the poor self stability of class V surrounding
rock, when the lining at the junction is removed, the surrounding rock deforms into the
tunnel, with the maximum value of 55.3 mm. The horizontal deformation of the arch
waist lining at the junction of the main tunnel and the vehicle cross passage is 12.1
mm, and the horizontal deformation of the lining between the vehicle cross passage and
the pedestrian cross passage is 3.7 mm. After the excavation of rock and soil mass, the
surrounding rock pressure borne by the lining is released, the vault at the junction of
tunnel and vehicle cross passage sinks by 23.3 mm, and the arch bottom bulges by 19.4
mm.
When designed according to the bearing capacity, the deformation of the initial
support of the composite lining shall not exceed the design reserved deformation [8].
The deformation of the cross passage is much less than the reserved deformation of 10
cm. However, due to water gushing in the tunnel and poor surrounding rock, the left
tunnel shall be reinforced with steel support in advance to reduce the exposure time
[9–12].

Fig. 3. Deformation of support structure of main tunnel of tunnel after lining removal at junction.

After the construction of the vehicle cross passage is completed, the displacement of
the supporting structure of the main tunnel is shown in Fig. 4. During the excavation of the
vehicle cross passage, the excavation and support have little impact on the surrounding
rock and left and right tunnels. The maximum displacement in the horizontal direction
of the lining is 13.4 mm, which is only 1.3 mm higher than the previous construction
step. The arch bottom bulges upward by 22.6 mm, an increase of only 3.2 mm compared
with the previous construction step. As the excavation unloading causes the surrounding
rock on both sides to squeeze into the vehicle cross passage, resulting in the upward
uplift of the arch bottom, the vehicle cross passage lining shall be constructed in time to
reduce the deformation of surrounding rock.
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Fig. 4. Deformation of support structure of main tunnel after completion of vehicle cross passage.

4.2 Stress Analysis of Lining
The axial force of tunnel lining after the removal of left tunnel lining is shown in Fig. 5.
When the lining of the main tunnel is removed and the cross passage is excavated, the
original arching effect around the main tunnel is destroyed, and the stress concentration
occurs at the same time. The maximum axial force of the lining along the X-axis direction
is −15244 kN, which is located at the arch waist at the junction of the vehicle cross
passage and the tunnel. The maximum axial force along the Y-direction is also located at
the arch waist at the excavation edge, which is −10242 kN, which is less than the axial
force in the X-axis direction. (Positive values in the figure indicate tension and negative
values indicate compression.)

Fig. 5. Axial force of lining after removal of left tunnel.

After the construction of the vehicle cross passage, the axial force of the tunnel lining
is shown in Fig. 6. The maximum axial force of the lining along the X-axis direction is
located at the arch waist of the boundary edge between the tunnel and the vehicle cross
passage, with the maximum value of −9072 kN, and the maximum axial force of the
lining along the Y-axis direction is −6421 kN. The stress concentration is obvious here.
After the construction of vehicle cross passage lining, the axial force of the main tunnel
lining is still large, so the monitoring and support should be strengthened.
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Fig. 6. Axial force of lining after completion of vehicle cross passage.

4.3 Calculation of Safety Factor
4.3.1 Calculation of Safety Factor of Secondary Lining
The secondary lining of the main tunnel is an eccentrically compressed reinforced concrete member. After the cross passage is completed, the stress concentration at the
junction of the main tunnel and the cross passage is the highest. The secondary lining
structure at the junction is taken for safety checking calculation. The bending moment
and axial force are shown in Fig. 7–8 [12–17].

Fig. 7. Bending moment diagram of secondary lining.

The secondary lining of the tunnel is an eccentric compression rectangular member, and the safety factor is calculated according to the comprehensive safety factor
method according to article 10.4.25 of Guidelines for Design of Highway Tunnel [1]
(JTG/TD70-2010). The results are shown in Table 2. It can be seen that the safety
factors of representative positions meet the specification requirements.
4.3.2 Calculation of Safety Factor of Initial Support
The initial support of the main tunnel belongs to eccentric compression or tension concrete structure, and the compressive strength or tensile strength of the structure should
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Table 2. Internal force value statistics and safety factor of structural control points.
Position

Vault

Bending
moment
valuem
(kN.m)

Axial force
valuem (kN)

Reinforcement
area
(mm2 )

Safety factor

Allowable
valum of
safety factor

65.51

511.29

1570

18.19

1.53

Spandrel

214.38

6055.47

1570

2.18

1.53

Arch waist

186.38

3382.59

1570

3.57

1.53

Wall bottom

33.82

4021.06

1570

3.71

1.53

Inverted arch

22.83

1452.81

1570

9.90

1.53

Fig. 8. Axial diagram of secondary lining.

be checked. Similarly, the initial support structure at the junction is selected for safety
checking calculation. The bending moment and axial force are shown in Fig. 9–10.

Fig. 9. Bending moment diagram of initial support.
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The initial support of the tunnel belongs to eccentric compression or tension rectangular structure, and the safety factor is calculated according to the comprehensive safety
factor method according to 10.4.16 or 10.4.17 of Guidelines for Design of Highway Tunnel [1] (JTG/Td70-2010), as shown in Table 3. It can be seen that the safety factors of
representative positions, except the inverted arch, meet the specification requirements,
and the results are relatively safe as a whole.
Table 3. Internal force value statistics and safety factor of structural control points.
Position

Bending
Axial force Safety factor Control
moment
valuem (kN)
valuem (kN.m)

Allowable
valum of safety
factor

Vault

31.03

378.44

2.7

Spandrel

16.4

374

4.33
13.50

Tensile

Compression 1.8

Arch waist

17.05

576.9

9.42

Compression 1.8

Wall bottom

15.80

2976.23

1.91

Compression 1.8

112.35

0.52

Tensile

Inverted arch 374

2.7

According to the calculation results in Table 2 and Table 3, except that the safety
factor of the inverted arch area of the initial support of the main tunnel is low, the
checking calculation of the safety factor of other parts meets the requirements of Code
for Design of Road Tunnel [8], and the overall structure is relatively safe. The inverted
arch and wall bottom shall be strengthened in combination with the site conditions.

Fig. 10. Axial diagram of initial support.
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5 Conclusion
Through the combination of numerical simulation and theoretical checking calculation,
the influence of vehicle cross passage construction on the main tunnel is comprehensively
analyzed, and the following conclusions are drawn:
(1) Class V surrounding rock has poor self stability. After removing the lining at the
junction of the main tunnel and the vehicle cross passage, the surrounding rock will
displace into the tunnel, and the surrounding rock at the junction shall be reinforced
in advance. After the tunnel lining is excavated, the surrounding rock pressure is
released, resulting in a large displacement of the lining at the arch bottom and arch
crown of the main tunnel to the free face, with a maximum of 55.3 mm. After the
lining of the vehicle cross passage is constructed, the displacement change is small.
(2) After removing the lining of the main tunnel at the junction, the axial force at the
arch waist of the interface is large, which is −15244 kn. After the lining of the
vehicle cross passage is applied, it is −10242 kn, which is weak compared with
other positions.
(3) After the construction of the vehicle cross passage is completed, the safety checking
calculation shall be carried out for the initial support and secondary lining of the
main tunnel at the junction. Most of the safety factors meet the requirements of the
code for design of highway tunnels, and certain strengthening measures shall be
taken for weak links.
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Abstract. Based on the case of composite foundation with long-short CFG piles
in handling the engineering accident, this paper analyzes the reasons for the insufficient bearing capacity of existing piles, proposes the reinforcement ideas and
design calculation methods of composite foundation with long and short CFG
piles, and gives the key construction techniques. The test and monitoring results
show that the reinforcement ideas, design calculation methods and key construction techniques of composite foundation with long-short CFG piles are successful
in this project, which can provide references for the design of composite foundation
with long-short CFG piles and the handling of similar engineering accidents.
Keywords: Ground treatment · Composite foundation with long-short CFG
piles · Engineering quality accident treatment · Design of composite foundation
with multi-type-piles

1 Introduction
The composite foundation formed by reinforcements of different materials, lengths or
diameters is called a multi-pile composite foundation. Multi-pile composite foundation
[1–4] is usually used to treat special soil foundation. One type of reinforcement is used to
treat the special soil to reduce or eliminate its engineering hazards, and then another reinforcement is used to meet the bearing capacity and deformation requirements. Besides,
when the foundation soil of some sites has two good bearing layers, if all the pile tips
fall on the shallow layer, the bearing capacity or deformation of the composite foundation cannot meet the design requirements. However, if all on the deep layer, the bearing
capacity is too high, which leads to waste. Therefore, it is possible to consider placing
pile tips on both the shallow layer and the deep layer to form a composite foundation
with long-short piles. It not only meets the design requirements but also saves the cost. In
addition, in some actual projects, when the existing single-piled composite foundation
fails to pass the bearing capacity test, or the design requirements are not met due to the
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adjustment of the superstructure, the piles need to be reinforced. When the pile material,
pile length or pile diameter of the newly added piles is different from the existing piles,
the composite foundation with multi-type piles is formed.
The data represented by literature [2–13] has conducted a lot of researches on the
stress and deformation behaviors, design calculation methods and engineering applications of composite foundation with long-short rigid piles by means of model tests, field
tests and numerical simulations. However, there are few literatures on the application of
composite foundation with long-short CFG piles in engineering accident treatment. This
article discusses and analyzes its application based on a case of engineering accident
treatment.

2 Project Overview
Building 8# of a residential project in Zhuozhou City, Hebei Province, China, has 27
floors above ground and 2 floors underground. The building has a shear wall structure
with a raft foundation. The ±0.00 elevation is 32.30 m.
Within the scope of the survey depth, the distribution of the foundation soil layer
and its parameters are shown in Table 1. The depth of stable water level is 2.50–9.30 m.
Table 1. The distribution and parameters of each soil layer of the foundation.
Soil
Soil Layer
Average Unit
layer
layer bottom
thickness weight γ
number
elevation (m)
(kNm−3 )
(m)

Compression
modulus
Es
(MPa)

characteristic
value of shaft
resistance
(kPa)

characteristic
value of tip
resistance
(kPa)

➀

Fill

29.29

18.0

/

/

/

➁

Silt

23.74

5.55

19.5

14.56

23

/

➂

Silty
clay

22.14

1.60

19.4

11.18

20

/

➃

Silt

17.44

4.70

19.3

14.16

20

/

➄

Silty
clay

11.24

6.20

19.3

10.11

20

/

➅

Fine
sand

7.84

3.40

20.0

15.00

23

/

➅2

Silt

1.74

6.10

19.5

12.24

20

800

➆

Fine
sand

−7.86

9.60

20.0

25.00

25

900

➆1

Silty −14.16
clay

6.30

19.1

12.60

/

/

➇

Fine −28.46
sand

14.30

20.0

25.00

/

/
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It is required that the characteristic value of the foundation bearing capacity after
treatment is no less than 450 kPa, and the final settlement is less than 50 mm. The base
soil layer is layer ➁, and the characteristic value of the foundation bearing capacity is
120 kPa, which cannot meet the requirement and needs foundation treatment.
The original foundation treatment adopts CFG pile composite foundation. The long
auger is used to form 646 piles with 1.2 m pile spacing, 400 mm diameter and 17.3 m
effective pile length. The bearing layer is layer ➅ and layer ➅2 . The designed characteristic value of the single pile bearing capacity is no less than 620 kN. The thickness of
the cushion layer is 200 mm.
After construction, 4 CFG piles were randomly selected for the single pile static
load test. The results are shown in Fig. 1. The characteristic values of the single pile
bearing capacity are 558 kN, 496 kN, 372 kN and 434 kN, which do not meet the design
requirements.
In addition, 474 CFG piles were randomly selected for low strain test to verify
the integrity of the pile body. The test results show that there are 146 piles of type I,
accounting for 30.8%; 100 piles of type II, accounting for 21.1% and 228 piles of type
III, with obvious defects in the pile body, accounting for 48.1%.

Fig. 1. Q-s curve of single pile static load test of four CFG piles.

Based on the above test results, a reinforcement treatment should be carried out.

3 Reinforcement Scheme Design
The design scheme is to add CFG piles (hereinafter referred to as long piles) on the layer
➆ of fine sand as the bearing layer to form a composite foundation with long-short CFG
piles, with existing CFG piles (hereinafter referred to as short piles).
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Based on the results of the single pile static load test of the short piles, the characteristic value of the single pile bearing capacity is taken as 360 kN. The effective pile length
of the long piles is 24.0 m, the pile diameter is 500 mm, and the calculated characteristic
value of the bearing capacity of a single pile is 956 kN [14], taken as 820 kN. According
to Eq. (1) in the “Technical Code for Ground Treatment of Buildings” [1], combined
with the plan layout of the short piles, the long piles layout plan is determined and shown
in Fig. 2. The calculated characteristic value of the bearing capacity of the composite
foundation with long-short CFG piles is 453 kPa, which meets the design requirements.
fspk = m1

λ1 Ra1
λ2 Ra2
+ m2
+ β(1 − m1 − m2 )fsk
Ap1
Ap2

(1)

In Eq. (1), the subscripts of the long piles and short piles are 1 and 2 respectively;
λ1 and λ2 take the larger value of 0.9 because the characteristic value of the single
pile bearing capacity is conservative; β takes the median value of 0.95; fsk takes the
characteristic value of natural foundation bearing capacity of 120 kPa due to the use of
the long auger to form piles.
According to Eq. (2) and Eq. (3) [1], the soil compressive modulus improvement coefficients ζ1 in the long-short-pile composite reinforcement area and ζ2 only in the long-pile
reinforcement area are calculated respectively, which are 3.77 and 1.98, respectively.
ζ1 =

fspk
fak

(2)

ζ2 =

fspk1
fak

(3)

In the Eqs. (2) and (3), fak is the characteristic value of the bearing capacity of the
natural foundation under the foundation (kPa); fspk1 is the characteristic value of the
bearing capacity of the composite foundation only reinforced by long piles (kPa).
According to the deformation calculation theory of Code for Design of Building
Foundations [15], the deformation of the composite foundation with long-short piles is
estimated according to Eq. (4):

n1
n2


p0
p0
s = ψs
ζ1 Esi (zi α i − zi−1 α i−1 ) +
ζ2 Esi (zi α i − zi−1 α i−1 )
i=1
i=n
+1
1

(4)
n3

p0
+
Esi (zi α i − zi−1 α i−1 )
i=n2 +1

The settlement calculation experience coefficient ψs is 0.2, and the calculated
deformation is 29.94 mm, which meets the design requirements.
The design and calculation parameters of the composite foundation are shown in
Table 2.
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Table 2. Design parameters of composite foundation with long-short CFG piles.
Pile
type

Effective Pile
pile
diameter
length
(mm)
(m)

Area
Concrete Cushion Number Characteristic Calculated
replacement strength thickness of piles value of the
deformation
rate
grade
(mm)
single pile
(mm)
(%)
bearing
capacity
(kN)

Short 17.3
piles

400

8.7

C25

200

646

360

Long 24.0
piles

500

3.4

C25

200

157

820

29.94

Fig. 2. Layout plan of long and short CFG piles of building 8#.

4 Composite Foundation Construction
The construction of the long piles also adopts the long auger central pressure grouting
technique and the ready-mixed concrete.
Here are three main difficulties in the pile construction:
(1) The groundwater level of the site is high, and there is a thick layer of saturated sand
and saturated silt in the range of pile length. The interruption of pouring in this
range may cause the concrete to segregate, shrink the diameter of the pile or even
break the pile;
(2) The bearing layer of the long and short piles is the main water-bearing layer, which
has strong water permeability and high water pressure. It may cause the drill door to
fail to open, and need to redrill many times, resulting in collapsed holes, channeling
holes or concrete segregation;
(3) The distance between short piles is only 1.2 m, which may lead to hole channeling
during construction, and then may cause pile tops sinking, piles body mixed with
mud, pile diameter reduction and even pile breakage.
In view of Difficulty (1), the supply of the mixture should be ensured, and the
pumping speed of the mixture should be controlled to match the lifting speed of the drill
pipe, especially in the saturated sand or saturated silt layer. Aiming at Difficulty (2), the
drilling rig should use a downward-opening drill bit. For comprehensive Difficulties (1),
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(2) and (3), it is advisable to adopt jumping pile driving [2]. During the construction of
the long pile, the above requirements were strictly implemented.
The bearing capacity of short piles does not meet the design requirements, and the
proportion of type III piles with obvious defects in the pile body is as high as 48.1%.
After investigation and analysis, it is believed that the main reason is that jumping pile
driving was not adopted and the pump had been stopped many times in the saturated silt
layer.
Before the construction of the long pile, the short pile had been excavated to the
effective pile top elevation. Therefore, the site is backfilled and compacted with plain
soil first, with a thickness of about 0.5 m, which satisfies the safe walking of the long auger
drill. The long piles are constructed after meeting the requirements for the thickness of the
protective soil layer. After the construction is completed, a small excavator with manual
cooperation was used to clear and transport the pile-driving spoil and the protective soil
between the piles. The shallow defect piles within a depth of 1m were connected with
the original piles.

5 Reinforcement Effect and Evaluation of Composite Foundation
5.1 Composite Foundation Inspection
After the completion of the CFG pile construction, the inspection unit conducted three
static load tests on the long piles and three composite foundation with long-short piles
static load tests.
The test area contains 1 length and 4 short piles, using a square steel bearing plate
with a side length of 2.4 m × 2.4 m, as shown in Fig. 3. A 200 mm-thick crushed stone
cushion is laid under the pressure-bearing board.
The static load test results show that the characteristic value of the bearing capacity
of the composite foundation is not less than 450 kPa, and the characteristic value of the
bearing capacity of the single long pile is not less than 820 kPa, both of which meet the
design requirements. The static load test curve is shown in Fig. 4.
Meanwhile, 130 long piles were randomly selected for low-strain testing. The results
showed that there were 121 piles of type I, 9 piles of type II, and no piles of type III and
IV.
5.2 Building Settlement Monitoring
From the beginning of the construction of the structure, the monitoring unit conducted
settlement observations on Building #8, and the settlement-time curve of the building is
shown in Fig. 5. It can be seen that the maximum settlement of the building is less than
25 mm. The east and west sides of the post-pouring belt have settled evenly. According
to estimates, the final settlement will be less than 30 mm, which meets the design
requirements, indicating that the project is successful in using existing CFG piles and
newly added CFG piles to form a composite foundation with long-short CFG piles.
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Fig. 3. Schematic diagram of bearing plate for static load test of composite foundation with
long-short piles of Building 8#.

Fig. 4. Static load curve: (a) is the Q-s curve of a single pile, (b) is the p-s curve of the composite
foundation.

Fig. 5. The settlement-time curve of building 8#.
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6 Conclusion
In this project, because the bearing capacity of the existing CFG pile composite foundation does not meet the design requirements, long piles with a larger diameter are used
for reinforcement to form a composite foundation with long-short piles with the existing
CFG piles. The following conclusions can be drawn from this project:
(1) When designing a composite foundation with long-short CFG piles, a relatively
good soil layer should be selected for the long pile as the pile end bearing layer,
which can effectively improve the bearing capacity and control the deformation of
the foundation.
(2) When using long auger center pressure grouting to form piles, if the groundwater
level of the site is high and there is saturated sand or saturated silt layer, the drill
pipe should be continuously lifted, and the pump should not be stopped to wait for
mixture; if the pile spacing is small, jumping pile driving should be adopted.
(3) The results of building settlement monitoring show that the use of composite foundation with long-short CFG piles has a good effect, which can provide a reference
for similar engineering accident treatment.
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Abstract. At present, based on the transfer coefficient method, most of the antislide pile design thrusts are calculated by the overload method and the strength
reserve method respectively. Many algorithms only consider the remaining sliding
force behind the pile and the safety factor that meets the requirements of the design
conditions. Generally, the safety factor is the safety factor of the sliding slope
behind the pile after the anti slide pile is reinforced. For the entire landslide, there
are two safety factors before and after the pile, which is not the design safety factor
target value, and there is a big difference between the safety factor and the treatment
goal required by the specification. Through the study of the pile-soil interaction
of anti-slide piles, it is believed that in addition to the active residual sliding force
transmitted by the blocks behind the pile, the anti-slide piles are simultaneously
subjected to the passive residual anti-sliding force transmitted upwards by the
blocks in front of the pile. The stress analysis shows that: Firstly, according to
the different active and passive properties of anti-sliding force transmission and
sliding force transmission, the mechanical model of anti-sliding force transmission
is studied, and the calculation formula of anti-sliding force transmission coefficient
is derived; Secondly, It is believed that the anti-slide pile provides horizontal
thrust to the landslide, and two components of the sliding surface direction and the
vertical sliding surface direction are generated. The balance equation is established
and the overload method and the strength reserve method of anti-slide pile thrust
calculation formula are derived; Thirdly, according to the principle of setting
piles in the anti-slip section, the optimal location of anti-slide piles are proposed;
Fourthly, after verification of cases, the safety factors before and after the piles
calculated by the overload method are basically equal, and consistent with the
design safety factors. Calculation result shows that the strength reserve method to
calculate the safety factor before the pile is accurate and reliable, and the result of
the safety factor behind the pile is relatively small.
Keywords: Anti-sliding pile · Design thrust · Anti-sliding force transmission
coefficient · Location selection condition · Safety factor

1 Introduction
In recent years, China has carried out large-scale construction of infrastructure projects
such as highways, water conservancy and railways. During the construction process,
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engineering excavation was carried out near the foot of the hillslope, resulting in a
decrease in the shear resistance of the lower part of the slope. Sliding outside could
cause landslide hazard and directly threaten project construction and the service capacity
after construction. In terms of landslide treatment, if more anti-slide piles are placed in
the position of the shear outlet, it will directly affect the space of other engineering
construction. Therefore, the anti-slide piles arranged in the anti-slip section are usually
selected as an effective method. This retaining structure is in the form and widely used,
which has little impact on the construction site and can ensure that the slope is in a
safe and stable state within the design period in the future. Because the anti-slide pile
is subjected to the combined effect of the landslide thrust in front of the pile and the
soil resistance behind the pile, the pile-soil relationship is complicated. The calculation
methods of design thrust of anti-slide piles are diverse, and the results are quite different.
At present, most of them are calculated according to the cantilever anti-slide pile thrust
at the shear outlet, which affects the accuracy of the anti-slide pile design technical
index, such as the bending moment, shear force, section size, length of the anti-slide
pile. The anchorage depth of the anti-slide pile in the stable soil below the sliding surface
layer is also influenced. Different design methods effect the difficulty of the anti-slide
pile construction and the engineering cost. Therefore, it is worthy of further study the
calculation method of the anti-slide pile thrust.
Many experts have proposed different calculation methods for the design thrust of
anti-slide piles, and the calculation results of each method are quite different. T.Ito
(1981) [1] and Reese (1992) etc. [2] respectively proposed to calculate the anti-sliding
force of anti-sliding piles under design conditions which based on Fellenius’s Swedish
section method and simplified Bishop method. S. Zeng, R. Liang [3] (2002) and the
design code for anti-slide pile reinforcement of landslides by the Ohio Department of
Transportation (GB7: Drilled Shaft Landslide Stabilization Design 2014) [4, 5] puts
forward a calculation formula to calculate the lateral load of piles, which is similar to
the commonly used transfer coefficient method in China and proves the scientificity
and applicability of the transfer coefficient method to calculate the anti-slide pile thrust.
Recently, many domestic experts and scholars have applied the idea of transfer coefficient
to carry out a lot of research work on the calculation of the anti-slide pile thrust based
on the overload method and the strength reserve method. According to the sliding force
curve between the engineering design state and the benchmark working condition, Wang
Liangqing (2005) et al. [6] chooses the smaller sliding force as the anti-slide pile thrust.
Although this method highlights the economics of anti-slide pile design, it just considered
the horizontal component of the remaining sliding force of the anti-slide pile, which
induced the result of horizontal thrust calculation is too large. Zheng Yingren (2006)
et al. [7] proposed that the landslide thrust should be calculated with the strength reserve,
but the calculation of the anti-slide pile thrust was not further clarified. Although He
Haifang et al. (2008) [8] considered the anti-sliding effect of the anti-slip section at the
front edge of the slope, but it did not consider the transmission of the landslide resistance
to the rock and soil in front of the pile through the supporting pile. There is a certain
discrepancy between thrust calculation and actual thrust. Hu Mingjun et al. (2011) [9]
proposed that the anti-slide pile can be directly installed at the shear exit, and the residual
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sliding force of the shear exit can be used as the design thrust of the anti-slide pile by
loading back pressure. However, in reality many landslide shear exits are not stabilized.
It may be necessary to install other engineering facilities, so loading back pressure and
laying anti-slide piles have certain limitations in space. Based on the design thrust is
equal to the difference between the two calculated values in the horizontal projection,
Wang Peiyong (2010) et al. [10] utilized the overload method to calculate the remaining
sliding force and the remaining anti-sliding force of the slope, and the design thrust
on the contact surface of each block of the slope body is obtained. It is unreasonable
to use the sliding force calculation method for the anti-sliding force transmission. The
design specification was promulgated in 2015 [11] and the design thrust was calculated
by multiplying by cosθ to the above two calculated landslide thrust, but it is not actually
the design thrust of the anti-slide pile. According to transfer coefficient strength reserve
method, Zhao Shangyi et al. [12] further studied that the horizontal reaction force of the
anti-slide pile. The horizontal reaction force was added to the load system of the bar, and
then the sliding surface was adjusted according to the design safety factor. The strength
parameters were reduced so that the remaining sliding force of the last bar was exactly
equal to 0. Li Huanhuan [13] further studied the algorithms of the overload method
and the strength reserve method, and only the anti-sliding and anti-sliding effect of the
anti-sliding pile were studied systematically. Zhao Shangyi et al. and Li Huanhuan did
not consider the effect of the remaining anti-sliding force in front of the pile.
Based on the above, the anti-slide pile is simultaneously affected by the remaining
sliding force behind the pile and the anti-sliding force in front of pile. At present, many
algorithms only consider the remaining sliding force behind the pile and meet the safety
factor required by the design conditions, usually referred to as the safety factor. There
are two safety factors for the landslide before and after the pile for the entire landslide,
which is not the target value of the design safety factor, and the safety factor required
by the code and various technical standards is quite different. Through the principle
of landslide section division, the authors use the transfer coefficient method to study
the overload method and the strength reserve method based on the above-mentioned
problem, and further improves the transfer coefficient overload method and the strength
reserve method to calculate the horizontal thrust of the anti-slide pile.

2 Pile-Soil Interaction of Anti-slide Pile
For the design of landslide anti-slide piles, the design position of anti-slide piles is usually
selected in the anti-slide section, and its position selection has a greater influence on the
effect of pile-soil, and ultimately affects the issue of whether the safety factors of the
two parts of the slope are the same before and after the pile. Due to the different nature
of the front and rear forces of the pile, there is a residual sliding force along the sliding
surface behind the pile, and there is a residual anti-sliding force in front of the pile along
the sliding surface in front of the pile. The residual sliding force is usually active under
the action of gravity. The direction is always along the sliding surface, and the remaining
anti-sliding force only shows up when the sliding force acts. The anti-sliding force has
a passive nature. Both of these two force transmission processes have distinct active and
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passive characteristics. It is concluded that there are three possible working conditions
for the front and rear effects of the pile (see Fig. 1). In the first case, the anti-slide pile
is setted at A, and the remaining sliding force P1 behind the pile and the remaining
anti-sliding force R1 in the landslide part in front of the pile are safe. The safety factor
is greater than 1 and less than the design safety factor, indicating that this is the sliding
section and is not the best position, and the anti-slide pile needs to be moved down to B;
In the second case, the anti-slide pile is set at B which locates at the anti-slide section.
The safety factor of the landslide part is greater than or equal to the design safety factor.
In addition to the residual sliding force P2 after the pile, there is also a residual antisliding force R2 in front of the pile along the sliding surface. When the anti-slide pile is
designed, the remaining anti-sliding force in front of the pile and the remaining sliding
force behind the pile must be considered, which can meet the same safety factor before
and after the pile to ensure the uniqueness of the safety factor of the landslide. In the
third case, the anti-slide pile is set at C. The anti-sliding force in front of the pile is zero,
and the safety factor is zero. Only the remaining sliding force P3 after the existing pile
can be considered. Ultimately, it can also ensure that the overall landslide safety factor
reaches the design safety factor and is unique. According to above, the second and third
case are the best location for anti-slide pile treatment. From the study of anti-slide pile
horizontal thrust, it is more reasonable to start with the calculation of residual sliding
force and residual anti-sliding force. Based on overload method and strength reserve
method, the following part will follow the idea of transmission coefficients method to
study the calculation method of residual sliding force and residual anti-sliding force
respectively.

Fig. 1. Three working condition of fore-and-aft action of piles
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3 Transmission Coefficients Method

Fig. 2. Landslide block model

3.1 The Assumption of Transmission Coefficients Method
The transfer coefficient method is a common method for calculating the remaining
sliding force and stability of a landslide for a broken line sliding surface or a complex
sliding surface that combines a circular arc and a broken line. This method is widely
used in roads, railways, water conservancy, land and other industries. The calculation of
the transfer coefficient method has the following six assumptions [14] (see Fig. 2):
(1) The problem of landslide stability is regarded as a plane strain problem.
(2) The sliding force is dominated by the shear stress parallel to the sliding surface and
the normal stress perpendicular to the sliding surface, and the stress is concentrated
on the sliding surface.
(3) Regarding the landslide body as an ideal rigid plastic material, it is believed that
the landslide body will not undergo any deformation during the entire loading
process. Once the shear stress along the sliding surface reaches its shear strength,
the landslide body begins to produce shear deformation along the sliding surface.
(4) The failure of the sliding surface obeys the Mohr Coulomb failure criterion.
(5) The direction of the remaining sliding force is consistent with the inclination angle
of the sliding surface, and the difference between adjacent inclination angles is less
than 10°. When it is a negative value, the remaining sliding force transmitted is 0.
(6) The static balance condition is satisfied along the entire sliding surface, but the
moment balance condition is not satisfied.
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3.2 Overload Method and Strength Reserve Method to Calculate the Remaining
Sliding Force Calculation Formula
The overload method calculates the remaining sliding force, mainly by multiplying the
remaining sliding force of each block by the design working condition safety factor Ks,
increasing the sliding force of each block, and its anti-sliding force remains unchanged,
and calculating the remaining sliding force.
Pi = Ks Ti − Ri + Pi−1 ψi−1

(1)

Ti = Wi sin θi

(2)

Ri = Wi cos θi tan φi + ci Li

(3)

ψi−1 = cos(θi−1 − θi ) − sin(θi−1 − θi ) tan ϕi Pi = Ks Ti − Ri + Pi−1 ψi−1

(4)

Similarly, the strength reserve method calculates the remaining sliding force, which
is mainly to divide the anti-sliding force of each block by the preset safety factor Ks.
The anti-sliding force of each block is reduced by Ks times, and its sliding force remains
unchanged.
Pi = Ti − Ri /Ks + Pi−1 ψi−1

(5)

ψi−1 = cos(θi−1 − θi ) − sin(θi−1 − θi ) tan φi /Ks

(6)

Pi and Pi−1 are the remaining sliding force (kN) of the i-th and i − 1-th sliding
bodies, respectively, and when Pi < 0 (i < n) Pi equals 0; F are the design values of
the horizontal landslide thrust per linear meter, assuming the anti-slide pile is arranged
on the left side of the first block; Wi is the self-weight per unit width of the i-th block
(kN/m); ci is the cohesive force of the block along the sliding surface (kPa); ϕi is the i-th
block The internal friction angle along the sliding surface (°); θi is the angle between
the bottom surface of the first sliding body and the horizontal plane (°); Li is the length
of the first sliding body along the sliding surface (m); En = 0 is the first block to the
first calculation block The transfer coefficient; KS is the safety factor of the landslide
anti-sliding design.
3.3 Derivation of the Residual Anti-sliding Force Calculation Formulae
by the Overload Method and the Strength Reserve Method
When the force is transmitted in a landslide, most of them only consider the sliding force
actively transmitted from the top of the slope to the shear outlet at the bottom of the
slope, ignoring the anti-sliding force generated by the sliding surface that is passively
transferred from the shear outlet at the bottom of the slope to the top of the slope. If the
sliding force of each block is greater than the anti-sliding force in the sliding section, it
indicates that the anti-sliding force provided by the block itself can not meet the sliding
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force of the block, and the active residual sliding force will be generated; In the anti-slip
section, the sliding force of each block is less than or equal to the anti-slip force. At
the same time, the remaining anti-slip force transmitted along the sliding surface and in
the opposite direction prevents the block from sliding down. This anti-slip force is only
sliding It only manifests passively when the force is applied.
Calculation idea: When the remaining sliding force of the first block is actively
transmitted downwards, at the same time the first block produces a thrust to the first
block that transmits upwards along the sliding surface. This thrust is the remaining
anti-sliding force passively generated by the first block. The direction of the remaining
sliding force on the contact surface of the bars is not on the same straight line as the
remaining sliding force of the first bar, and the included angle is the difference between
the inclination angles of two adjacent bars (see Fig. 3).
Remaining anti-sliding force calculation steps: the calculation sequence is opposite
to the remaining sliding force direction, then the calculation is calculated from the toe
to the top of the slope sequentially along the sliding surface, and the anti-sliding force
direction is consistent with the inclination of the sliding surface until the remaining
sliding force is 0, indicating Just in the critical state.

Fig. 3. Calculation model of residual sliding force of block

According to the force model in Fig. 3, the remaining sliding force transmission
 .
coefficient ψi−1 is not the same as the remaining anti-sliding force coefficient ψi+1
It can be seen from the landslide section that the difference between the two blocks
is mainly due to the two different directions of transmitting the remaining force. In
the process, the inclination angle θi is usually lager than θi+1 . Therefore, when each
bar transmits force, it is not in the same direction, and there are force components in
other directions. When the residual anti-slip force of the i + 1th block is transmitted
along the sliding surface to the i block, it is composed of two component forces, one
of which is the same as the normal direction compressive stress on the sliding surface
of the ith block to produce frictional resistance, and the other is divided into The force
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direction is upwards along the sliding surface, and the two components play an antisliding effect. Therefore, the residual anti-sliding force transfer coefficient is the sum
of the two component directions. Similarly, it can be known that the remaining sliding
force is the i − 1th to the ith. When the bars are transmitted, the direction of the force
component of the i − 1th bar is perpendicular to the direction of the sliding surface
to generate friction to reduce the sliding force, and the remaining anti-sliding force
transmission coefficient is the difference between the two components.
Ri = Wi cos θi tan φi + ci Li − Wi sin θi
+Ri+1 (cos(θi − θi+1 ) + sin(θi − θi+1 ) tan φi )

(7)

According to (1) and (2), we can get
Ri = Ri − Ti + Ri+1 ψi

(8)


ψi+1
= cos(θi − θi+1 ) + sin(θi − θi+1 ) tan φi

(9)

According to the overload method, the calculation of the remaining anti-sliding force
also increases the sliding force of the bar by K s times, and the calculation formula is:
Ri = Ri − Ks Ti + Ri+1 ψ  i+1

(10)


ψi+1
= cos(θi − θi+1 ) + sin(θi − θi+1 ) tan φi

(11)

According to the strength reserve method, the calculation of the remaining antisliding force also only reduces the anti-sliding force of the block by K s times, and the
calculation formula is:

Ri = Ri /Ks − Ti + Ri+1 ψi+1

(12)


ψi+1
= cos(θi − θi+1 ) + sin(θi − θi+1 ) tan φi /Ks

(13)


is the residual anti-sliding force
Ri represents the residual anti-skid force; ψi+1
transmission coefficient of the i-th block.
Based on the above formula, it can be seen that the residual anti-sliding force transmission and the remaining sliding force transmission coefficient of the landslide resistance section are completely different, indicating that the overload method and the
strength reserve method are used to calculate the remaining anti-sliding force using
the original residual sliding force transmission coefficient calculation formula.

4 Improved Calculation Method of Anti-slide Pile Thrust
The key to the thrust of the anti-slide pile is the choice of the position of the anti-slide
pile. Usually choose the anti-slip section, and the best position must be the ratio of the
remaining anti-slip force and the remaining sliding force before the pile of the anti-slip
section is equal to the design safety factor, in order to ensure that the overall landslide
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meets the design safety factor requirements. Under normal circumstances, the remaining
sliding force behind the pile is provided by the thrust provided by the pile to meet the
design safety factor, and at the same time it is appropriate to ensure that the remaining
sliding force in front of the pile is greater than or equal to the safety factor of the design
working condition. The main action of the pile is used for the front block of the pile.
At this time, the anti-sliding force of the front block of the pile is used for the anti-slide
pile, and the force system of the anti-slide pile system (see Fig. 4).

Fig. 4. Stress model between anti-slide pile and bar

The anti-slide pile is not only affected by the remaining sliding force transmitted
downward from the back of the pile, but also by the remaining anti-sliding force transmitted upward from the front of the pile. When calculating the horizontal thrust of the
anti-slide pile as the resultant force, it can be decomposed into two forces in the direction
of the sliding surface and the normal direction of the sliding surface (see Fig. 4). The
normal balance equation of the sliding surface of the block and the normal balance equation of the sliding surface are established to solve the problem. Two thrust calculation
formulas are deduced separately: overload method and strength reserve method.
Ri+1 cos(θi − θi+1 ) + F cos θi + Ni tan φi
+ci Li = Wi sin θi + Pi−1 cos(θi−1 − θi )

(14)

Ri+1 sin(θi − θi+1 ) + Fsinθi + Wi cos θi
+Pi−1 sin(θi−1 − θi ) = Ni

(15)

It is obtained by combining the two Eqs. (14) and (15),
Wi sin θi −Wi cos θi tan φi −ci Li
cos θi +sinθi tan φ
−θi )−sin(θi−1 −θi ) tan φi )
+ Pi−1 (cos(θi−1
cos θi +sinθi tan φ
i −θi+1 )+sin(θi −θi+1 ))
− Ri+1 (cos(θ
cos θi +sinθi tan φi

F=

(16)

Substituting (2) from (3) and (9) into the calculation formula for the horizontal thrust
of the anti-slide pile under the reference condition is
F=


Ti − Ri + Pi−1 ψi −Ri+1 ψi+1

cos θi + sinθi tan φi

(17)
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In the same way, the calculation formula for the horizontal thrust of the overload
method anti-slide pile under the design conditions is
F=


Ks Ti − Ri + Pi−1 ψi −Ri+1 ψi+1

cos θi + sinθi tan φi

(18)

Similarly, the formula for calculating the horizontal thrust of the anti-slide pile by
the strength reserve method under the design conditions is
F=


Ti − Ri /Ks + Pi−1 ψi −Ri+1 ψi+1

cos θi + sinθi tan φi /Ks

(19)

When the residual anti-skid force is equal to zero by the three calculation formulas
(17), (18) and (19), it is the second case. It can be seen that the horizontal thrust of
the anti-slide pile is simply the horizontal component of the residual sliding force, and
the horizontal projection of the residual sliding force difference between the design
conditions and the reference conditions is not reasonable, but is related to the design
safety factor. The transfer coefficient of the remaining sliding force behind the pile, the
transfer coefficient of the remaining anti-sliding force in front of the pile, the horizontal
angle of the sliding surface where the pile is installed and other factors are related.
After the slope is reinforced, it is verified whether the safety factor of the entire
landslide is equal to the safety factor of the design working condition. According to the
definition of “anti-sliding force/sliding force = safety factor”, according to the force
system (see Fig. 3), the anti-slide pile is used as the reference point. The anti-sliding
force is composed of the two forces vectorized by the anti-sliding force of all the bars
and the horizontal thrust of the anti-slide pile. The sliding force is vectorized by the
sliding force of all the bars. The formula for calculating the safety factor after the pile
(20) and Calculation formula of safety factor in front of pile (21)
Kh =


Ri + Fi cos θi + Ri+1 ψi+1
+ Fi sin θi tan φ

Ti
n


Kq =

i+1

(20)


(Wi sinθi tan φi + ci Li ) - Ri+1 ψi+1
n


(21)
Wi cos θi

i+1

Kq is the calculated safety factor, Ti is the remaining sliding force of the i-th block,
Ri is the remaining anti-sliding force of the i-th block, Fi is the horizontal thrust of the

anti-slide pile at the i-th block, ψi+1
is the transfer coefficient of the residual anti-sliding
force at the i + 1-th block, ψi+1 is the first The remaining sliding force transmission
coefficient at the i + 1-th block.

5 Case Study
Project overview: The landslide is an accumulation layer landslide, the roadbed is located
at the front edge of the landslide, the anti-slide pile is located on the inner side of
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the roadbed, and above the sliding surface is humus soil and silty clay soil with a
small amount of gravel, γ1 = 16.8 kN/m3 , 1 = 16.2°, C = 9.6 kPa. Below the slip
surface is Neogene sandy mudstone. According to the terrain conditions and slip surface
conditions, 16 blocks are divided, and the angle difference between the blocks is less
than 10°. The landslide section is shown in Fig. 5 and Table 1.

Fig. 5. Landslide calculation section

According to the actual example, the two remaining sliding forces of overload method
and strength reserve method are calculated respectively. The safety factor of the selected
design working condition for landslide treatment is 1.2, regardless of whether the overload method or the strength reserve method is adopted. As can be seen from Fig. 6,
Article 12 to Article 16. If the block safety factor is greater than 1.2, anti-slide piles can
be deployed, which can not only meet the anti-slide pile supporting effect, but also meet
the safety factor of the design working condition for the blocks in front of the pile.
Table 2 is a comparison of calculation results obtained by various design thrust methods using the overload method. According to Table 2, it can be seen that Li Huanhuan’s
method, design code method, Wang Qingliang’s method and the method in this paper
are the same as those calculated by Li Huanhuan’s method when anti-slide piles are
installed at the exit of the landslide. The anti-skid force is 0, and the other calculated
values are large, the maximum difference is 16%.
Table 3 is a comparison of calculation results obtained by various design thrust
methods using the strength reserve method. According to Table 3, it can be seen that
the design code method, Zhao Shangyi’s method, Wang Qingliang’s method, Wang
Peiyong’s method and the method in this paper are basically the same as those calculated
by Wang Peiyong’s method when anti-slide piles are installed at the landslide shear exit.
The main reason is that the horizontal angle difference between the bars is small, which
can be ignored. The numerical values of the design code method, Zhao Shangyi method,
and Wang Liangqing method are quite different.
Analysis of the reason for the calculation difference: Zhao Shangyi’s method did not
consider the residual anti-sliding force, the lower block anti-sliding force of the anti-slip
section was relatively large, and the design code method did not consider the residual
anti-sliding force and the horizontal thrust of the anti-slide pile on the second block
behind the pile. The friction caused by the positive pressure on the sliding surface, Wang
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Table 1. Main geotechnical mechanical parameters
Block No

Volumetric
weight γi
(kN/m3 )

Force of
cohesion Ci
(kpa)

Friction angle
ϕi (°)

Length of sliding Inclination
surface Li (m)
angle of slip
surface αi (°)

Weight of block
Qi (KN)

1

16.8

9.6

15.9

9.9429

41.4

195.2

2

16.8

9.6

15.9

9.6624

34.1

553.2

3

16.8

9.6

15.9

9.4196

31.9

848.8

4

16.8

9.6

15.9

9.2074

29.7

1086.5

5

16.8

9.6

15.9

9.0214

27.5

1270.3

6

16.8

9.6

15.9

8.8578

25.4

1403.3

7

16.8

9.6

15.9

8.7141

23.4

1488.2

8

16.8

9.6

15.9

8.5877

21.3

1527.5

9

16.8

9.6

15.9

8.4770

19.3

1522.9

10

16.8

9.6

15.9

8.3976

17.7

1480.2

11

16.8

9.6

15.9

8.2815

15.0

1392.9

12

16.8

9.6

15.9

8.2246

13.4

1262.3

13

16.8

9.6

15.9

8.1637

11.5

1097.1

14

16.8

9.6

15.9

8.1131

9.6

894.4

15

16.8

9.6

15.9

3.0346

8.3

276.8

16

16.8

9.6

15.9

5.0465

7.3

216.2

Fig. 6. Safety factors for each block

Liangqing’s method did not consider the friction caused by the positive pressure on the
sliding surface of the first block in front of the pile. The remaining sliding force transfer
coefficient is calculated. The difference in the inclination angle of the sliding surface
of the main slip resistance section of the slope is small, and the difference in the two
transfer coefficients is small.
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Table 2. Comparison of results

Block no

Proposed
method (KN)

Li Huanhuan
method (KN)

Difference %

12

1075.6

1489.5

38.5%

13

1065.6

1353.6

27.0%

14

1057.8

1193.8

12.9%

15

1053.8

1129.8

16

1051.2

1051.2

Design code
method (KN)

Difference %

Wang
Liangqing
method (KN)

Difference %

984.9

−8.4%

1012.6

−5.9%

1024.8

−3.8%

1045.8

−1.9%

1050.0

−0.7%

1064.8

0.7%

7.2%

1054.3

0.0%

1065.4

1.1%

0.0%

1056.8

0.5%

1065.4

1.4%

Note: The block number refers to the location of the anti-slide pile, as shown in Fig. 5.

Table 3. Comparison of results
Block
no

Proposed
method
(KN)

Design
code
method
(KN)

Difference
%

12

912.5

1263.2

13

904.3

1156.0

14

897.8

1024.6

15

894.5

971.8

16

892.3

905.1

1%

Zhao
Shangyi
method
(KN)

Wang
Liangqing
method
(KN)

Difference
%

Wang
Peiyong
method
(KN)

38%

771.9

−15%

844.1

−7.5%

28%

831.3

−8%

795.3

−12.1%

14%

880.5

−2%

764.4

−14.9%

9%

893.7

0%

839.6

−6.1%

908.5

2%

824.6

−7.6%

892.3

Difference
%

0

Difference
%

Notes: 1. The Li Huanhuan method is the same as the Zhao Shangyi method in the strength
reserve method, which only satisfies the calculation of the anti-slide pile at the shear exit. 2. The
comparison results are based on the results of proposed method in this paper

Substituting the calculation results into Eqs. (19) and (20) to verify the safety factor.
From the comparison results in Table 4, it can be seen that the safety factor after overloading method piles is basically equal to the safety factor of 1.2, and the safety factor
after strength reserve method is less than or equal to 1.2. And there is a big difference.
The calculation results of the first two methods of the pile show that the safety factor
is 1.2. It can be seen that the calculation of the overload method is more accurate and
reliable, and the safety factor before and after the pile is consistent.
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Table 4. Comparison of factor of safety.
Block
number

Overload method
After pile

Difference
%

Before pile

Difference
%

After pile

Strength reserve method
Difference
%

Before pile

Difference
%

12

1.21

0.83

1.2

0

1.2

0

1.2

0

13

1.21

0.83

1.2

0

1.19

0.83

1.2

0

14

1.2

0

1.2

0

1.18

1.67

1.2

0

15

1.2

0

1.2

0

1.18

1.67

1.2

0

16

1.2

0

1.2

0

1.17

2.50

1.2

0

6 Conclusion
Using the idea of transfer coefficient method, the two methods of overload method and
strength reserve method are studied, and the following conclusions are drawn:
(1) When studying the calculation of anti-slide pile thrust, in addition to the remaining
sliding force behind the pile, the remaining anti-sliding force in front of the pile
must also be considered.
(2) The calculation formula of the anti-skid force transfer coefficient and the calculation
formula of the remaining anti-skid force are proposed and deduced.
(3) Considering the remaining sliding force before the pile and the remaining sliding
force behind the pile at the same time, the calculation method of the anti-slide pile
thrust is improved, and the optimal position selection condition of the anti-slide
pile is proposed.
(4) It has been verified that this method uses the overload method to calculate the
safety factor before and after the pile is basically the same, and is consistent with
the design safety factor. The strength reserve method calculates the safety factor
before the pile is accurate and reliable, but the result of the safety factor behind the
pile is relatively small.
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Abstract. Due to the influence of groundwater runoff, the local water stop curtain
of a deep foundation pit of a project failed, resulting in leakage of the foundation
pit, which seriously threatens the safety of the foundation pit and surrounding
buildings. After several rounds of site survey and demonstration, measures were
adopted to “treat the leakage utilizing external sealing and internal blocking, a combination of dredging and blocking, and local strengthening”, and an emergency
rescue team was established to promptly eliminate potential safety hazards.
Keywords: Deep foundation pit · Water stop curtain · Leakage · Treatment

1 Introduction
Waterproof curtain is the key process for the success of deep foundation pit support
scheme. Triaxial mixing pile is a common waterproof curtain method because of its
ease to construct and good integration. However, due to the complex and changeable
geological and hydrological conditions, the waterproof curtain often fails, resulting in
leakage of the foundation pit. Leakage is one of the biggest construction risks of deep
foundation pit. It seriously affects the safety of the foundation pit and construction quality
[1].
Triaxial mixing piles were used for the waterproof curtain of a deep foundation pit.
When the construction reached 1880 elevation, there were many water and sand gushing
on the side wall of the foundation pit, causing local failure of the triaxial waterproof
curtain of said foundation pit, resulting in large settlement, deformation and cracking
of buildings and roads around it. It created imminent danger to personal and property
safety. This research status summarizes the disease treatment scheme adopted by the
foundation pit, which is intended to provide experience reference for similar projects.
The shortcomings of the research status is that the causes of foundation pit water
leakage are not discussed. The reason is that the causes of foundation pit water leakage are
complex, and no agreement has been reached in many rounds of expert argumentation.
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2 Project Overview
The total land area of the project is about 7644.08 m2 (about 11.5 mu). Two 35-storey
high-rise buildings with a height of 99.7 m and a shear wall structure were proposed.
The total building area is about 73827 m2 , and the underground area is about 17827 m2 .
The buildings had rotary pile foundations with three-story basements. The foundation
pit has an excavation depth of 16.8–17.4 m and is rectangular in shape, approximately
340 m in perimeter, 99 m in length and 72 m in depth. The east side of the foundation
pit is adjacent to Yongle Road, a municipal road with many pedestrian and vehicular
traffic. There are municipal water supply, drainage pipelines, communication cables and
power cables under the road. The south side of the foundation pit is adjacent to a sixstory concrete residential building, and the excavation boundary of the foundation pit is
10.51 m away from the outer wall of the building. The west side of the foundation pit is
adjacent to a 16-storey concrete commercial and residential building with a basement.
The excavation sideline of the foundation pit is 8.97 m away from the outer wall of the
commercial and residential building. The north side of the foundation pit is adjacent
to Yunnan Baiyao Pharmaceutical Factory, which is home to many old brick-concrete
buildings. The excavation boundary of the foundation pit is only 5.23 m away from the
nearest external wall of those old buildings. The current situation around the foundation
pit is complex, so the settlement and deformation of the foundation pit need to be strictly
monitored and controlled.

3 Geological and Hydrological Profile
3.1 Geological Conditions
According to the survey report, the stratum of the proposed site is mainly composed
of artificial fill layer and Quaternary alluvial-proluvial and alluvial-lacustrine stratum,
and the stratum involved in foundation pit support from top to bottom is described as
follows:
Miscellaneous fill: grayish white, gray, loose, slightly wet, mainly composed of
gravel, broken bricks, concrete blocks, etc., with loose structure, low strength and uneven
soil quality, distributed in the whole site;
Clay: brown yellow, locally mixed with brown gray and gray, hard plastic state,
slightly wet, medium compressibility, general soil uniformity, distributed in the site;
Silty clay: gray, brown gray, locally brown yellow, gray with brown yellow, plastic,
slightly wet, medium compressibility, medium dry strength and toughness, distributed
in some sections of the site;
Silt: gray, light blue gray, locally gradually changed into silty sand, wet, slightly
dense, medium compressibility, slight shaking response, distributed in the site;
Gravelly sand: light gray, light blue gray, local gray, purple gray, saturated, slightly
dense–medium dense. It contains a small amount of round gravel, the content is generally 20%–40%, the particle size is 0.5–2.0 cm, the main components are moderately
weathered sandstone and basalt, and most of them are round and sub-round; Calcareous
cementation layer and thin layer of cohesive soil and silt are occasionally intercalated
between layers; It is distributed in the site;
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Silty clay: locally clay, light gray, purple gray, light blue gray, slightly wet, plastic state, medium toughness and dry strength, medium compressibility, general soil
uniformity, distributed in some sections of the site;
Silt; Light gray, purple gray, light blue gray, wet, medium dense, low dry strength,
slight shaking response, medium compressibility, distributed in some sections of the
site;
Round gravel; Gray, light gray, brown gray, locally blue gray, saturated, moderately
dense, containing a small amount of pebbles, the content of gravel and pebbles is uneven,
generally 50%–60%, locally up to 70%, the particle size is 0.2–2.0 cm, locally 2.0–
5.0 cm, the parent rock is composed of moderately weathered sandstone and basalt,
filled with silt, locally filled with silty clay, mostly round and sub-round. Calcareous
cementation layer is occasionally intercalated between layers and distributed in some
sections of the site;
Clay: locally silty clay, gray and dark gray, locally purple gray and light gray,
slightly wet, plastic, locally hard plastic, medium toughness and dry strength, medium
compressibility, distributed in some sections of the site.
3.2 Hydrological Overview
During the survey, the depth of the mixed stable groundwater level in the site measured
by drilling is 0.6–1.8 m, the elevation is 1887.07–1888.32 m, and the water level variation
difference is 1.25 m. The groundwater type of the proposed site is mainly pore phreatic
water and the miscellaneous fill distributed on the surface contains a small amount
silt;
gravel sand and
round
of perched water. Pore water mainly exists in ,
gravel. It is replenished by the infiltration of atmospheric precipitation and surface water.
There is pressured underground water on the site, and the top of the water table is
about 6 m below ground surface. According to the results of the foundation pit pumping
test, the inrush volume of the foundation pit is 1737.3 m3 /d, and the underground water
has a great influence on the construction of this foundation pit, so it is necessary to
protect the foundation pit from underground water during the design and construction
phase.

4 Foundation Pit Support Design
According to the engineering conditions, excavation depth and surrounding conditions
of the foundation pit, it was determined that the safety level of the retaining structure of
the foundation ditch is Level I, and the structural importance coefficient is 1.1.
Foundation pit support scheme: “triaxial support curtain + prestressed combined
steel support + local concrete support”; Drainage and drainage scheme: 850 × 850
× 850 triaxial mixing piles form a curtain, and local triaxial mixing piles can not be
applied to the ground.See Fig. 1 Foundation Pit Support Plan, Fig. 2 Support Layout
Plan and Fig. 3 Drain off water and Fig. 4 Foundation Pit Support Profile for details of
the scheme of “drainage of blind ditch at the bottom of the pit + drainage of intercepting
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ditch at the top of the pit + drainage of collecting well + monitoring and recharge of
recharge well outside the pit”.
During the excavation of the foundation pit, a temporary collection well shall be
created to allow water to be pumped and discharged. The bottom of the foundation pit
shall be provided with a 300 × 300 mm blind drain along the excavation line of the
foundation pit bottom; 800 × 800 × 800 mm dirt collection wells shall be set every
25 m, and 300 × 300 dirt intercepting ditches shall be set at the top of the foundation
pit to guide the dirt on the ground to the periphery of the foundation pit, so as to ensure
that no dirt accumulates inside the foundation pit during construction. The surrounding
surface tritium can be discharged in time to minimize the amount of tritium in the seepage
stratum. In the process of dewatering and drainage of the foundation pit, the level outside
the pit shall be controlled at 2.0 m below the ground surface, and the level inside the pit
shall be controlled at 0.55 m below the bottom of the foundation pit. 17 recharge wells
with a depth of 26 m shall be arranged outside the pit, and one well shall be arranged at
20 m along the periphery of the excavation.

Fig. 1. Layout plan of foundation pit support
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Fig. 2. Support layout plan

Fig. 3. Drain off water
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Fig. 4. Section of foundation pit support

5 Leakage of Foundation Pit
During the excavation at 1880.00 m, a great amount of water and sand mixture gushed
in through the side wall of the foundation pit, causing the local failure of the original
triaxial waterproof curtain of the foundation pit, and resulting in large amount of settlement, deformation and cracking of buildings and roads around the foundation pit. Data
collected through the monitoring program data reflected the process of foundation pit
deformation, as shown in Figs. 5, 6, 7, and 8. At this stage, the cumulative value and
rate of settlement and deformation of the foundation pit exceeded the warning value.
Especially on April 14–15 and June 22–23, two major dangerous situations occurred.
The horizontal displacement of some crown beams increased suddenly, the groundwater
level dropped rapidly, and the surrounding buildings subsided obviously.
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6 Cause Analysis of Leakage Disease
After the occurrence of water and sand gushing in through the side wall of the foundation
pit, well-known experts in the province were invited to analyze, survey and demonstrate
many times. At first, there were different opinions on the causes of foundation pit leakage,
and no consensus could be reached. Through half a year’s observation and several rounds
of thematic meetings for analysis, investigation and demonstration, we have gradually
reached a consensus that the leakage of foundation pit was caused by the influence
of groundwater runoff and the loss of some cement slurry during construction, which
resulted in the local failure of the original triaxial waterproof curtain of foundation pit
and leads to leakage.

7 Construction Measures for Treatment of Leakage Disease
Due to the serious leakage of water from the side wall of the foundation pit, the roads
and buildings around the foundation pit obviously settled and cracked. Geophysical
prospecting showed that the local geological structure around the foundation pit had
changed, and a large cavity had appeared, which endangered the safety of the surrounding
people and property. Therefore, it was urgent to control the damages. See Fig. 9. Cracking
of roads and buildings.

Fig. 9. Cracking of roads and buildings

After the demonstration of the special meeting, because the project support had
been completed and the foundation pit backfilling conditions were not available, the
treatment scheme of “external sealing and internal blocking, combination of dredging
and blocking, local strengthening” has been adopted. After the implementation, the
leakage was stopped in time, the deformation of the foundation pit was reduced, and the
safety of the foundation pit was ensured. Specific measures are as follows:
7.1 Treatment of the Position Outside the Foundation Pit Corresponding
to the Water Leakage Point
High-pressure rotary jet grouting is carried out on the outer side of the top beam of the
foundation pit at the water leakage point between the corresponding supporting piles. A
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proper amount of water glass is added. The depth of high-pressure rotary jet grouting
is 5 to 10 m deeper than the water leakage position. If the high-pressure jet grouting
drilling encounters underground obstacles and cannot be lowered, the geological drilling
rig shall be used to guide the hole before the high-pressure jet grouting construction, and
the depth of the hole shall be determined according to the actual situation of the site.
7.2 Treatment of the Inner Side of the Foundation Pit Corresponding
to the Leakage Point
A drainage tube is first made at a water leakage hole, two galvanized pipes are buried
in advance, the water leakage hole is plugged by watertight, polyurethane is injected
by a gear pump after the watertight strength of the plugging is reached, and finally
the drainage tube is plugged to play a role of quickly stopping water and polyurethane
foaming can also fill empty land, and then a double-liquid grout machine is adopted to
spray cement slurry and wat glass aiming at that water leakage area, so that the cement
slurry is quickly solidified, and then the wat leakage area is quickly subjected to mesh
spraying construction [2].
If water gushing is accompanied by sand gushing, in order to avoid holes and ground
subsidence, it would be necessary to block the water leakage port with cotton quilt to
filter the sand and reduce the loss of sand, and use sandbags to backpressure the water
leakage area in layers, with the backpressure height 2–5 m higher than the leakage point
to the upper purlin.
If the water leakage of the foundation pit is accompanied by sand and holes occur,
the outside of the foundation pit shall be filled with graded gravel while grouting, so as
to reduce the settlement around the foundation pit caused by water leakage.
7.3 Treatment of Underground Cavity Location
Holes have appeared under the ground surface on the east and south sides of the foundation pit, and the buildings on the ground have been inclined. The first thing is to
evacuate the people in the ground building immediately, close the area with a cordon,
and prompt the passing people and vehicles to detour. Secondly, the soil shall be reinforced by densely distributed high-pressure jet grouting piles with a diameter of ϕ 500
@ 1000 mm and a depth of 26 m [3].

8 Construction Technology
8.1 Watertight and Polyurethane
Main construction parameters: the watertight adopts the quick-setting type; the
polyurethane adopts a hydrophilic single-liquid PU polyurethane foaming agent.
Construction procedures: clean up the leakage point → bury the aqueduct → fill
the water-tight plugging agent → inject the polyurethane foaming agent → plug the
aqueduct → moisturize and cure → check and repair the leakage → hang the net and
spray the surface.
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(1) Clean up the leakage point
1) When cleaning the leakage point, the soft soil, silt and loose sand around the
leakage point must be completely cleaned up. The treated base surface shall be
fully wet to saturation, but without visible water, and shall be firm, clean and
flat. The uneven part can be leveled with water without leakage.
2) The whole process of cleaning the leakage point should be timely and rapid;
3) During cleaning, pay attention to the change of soil around the leakage point
at all times, and take emergency measures.
(2) Filling watertight
1) Watertight materials are easy to get damp and should be sealed and stored in a
dry place before use;
2) When mixing watertight materials, special rubber gloves shall be worn to
prevent skin burns;
3) The temperature of the water used for watertight mixing is generally controlled
at 15–30 °C. When the ambient temperature is lower than 5 °C, nitrous acid
accounting for 1–3% of the weight of the powder shall be added, and warm
water (about 50 °C) shall be used for mixing below 10 °C;
4) The sequence of watertight filling should be from top to bottom, and it is not suitable to fill from the periphery to the center, otherwise the water plugging effect
is not good, and the watertight material is wasted. The thickness of watertight
filling should not be less than 10 cm;
5) During the use of watertight plugging, it is not allowed to add water twice;
6) When the construction environment is under the scorching sun, humidification
and curing are required.
(3) Embedding of aqueduct
1) The length of the aqueduct should not be too long, so as not to affect the
construction of the next process such as earthwork excavation, and the length
should be 0.6 m;
(2) The number and diameter of buried aqueducts can be adjusted according to
the amount of water leakage, generally 1–5 aqueducts are suitable, and the
diameter is 0.15 m–0.3 m;
3) a ditch is dug around the water leakage point, and the water flowing out of the
aqueduct is introduced into the ditch;
4) The accumulated water in the foundation pit shall be pumped away in time to
reduce the impact of the accumulated water on the stability of the foundation
pit.

206

H. Liu and X. Zhang

(4) Filling polyurethane foaming agent under high pressure
1) Before drilling with an electric drill, ensure that the watertight has been
completely solidified (10 min after laying the watertight), drill holes on the
watertight after final setting, and lock the water stop needle;
2) before that mix liquid is injected into the wall body through the wat stop needle,
the power supply is started to extrude the residual diluent in the material placing
barrel and the pipe until the mix liquid is sprayed out;
3) During the matching and spraying of polyurethane and polyurethane paint,
operators must wear special gloves to avoid contact with human body;
4) Polyurethane plugging agent is a water-swellable material. Wear protective
equipment such as gloves and sunglasses when working. If it splashes into the
eyes, wash it with clean water immediately and then send it to the hospital.
(5) Key points for operation of high pressure plugging and filling machine
1) Operate the high-pressure leak-stopping filling machine in strict accordance
with the instructions;
2) Continuous injection of polyurethane should not exceed 0.5 h to prevent parts
from being worn due to overheating of the fuselage;
3) When the injection of polyurethane is stopped for more than 30 min or the
construction is completed, the machine shall be cleaned in time with diluent.
The cleaning method is to pump all the slurry in the charging barrel and highpressure pipe back to the container, and then pour 300 ml of diluent into the
charging cup to push out the polyurethane in the high-pressure pipe. After
the polyurethane is completely ejected, 300 ml of diluent is poured in, and the
filling material is put into a material placing cylinder for circular cleaning; After
cleaning for 2 to 3 min, the cleaning agent is pumped into the container, and
then a proper amount of engine oil is poured into the container for circulation
for maintenance and lubrication, and the cleaning is completed;
4) The filling machine shall be checked regularly before use (the gearbox shall be
filled with grease regularly), and any abnormality shall be repaired immediately
to prevent failure during construction.
8.2 Hanging Net and Spraying Wall
Construction procedures: earth excavation → manual cleaning → drilling and planting
reinforcement on supporting pile → hanging of finished steel mesh → spraying fine
aggregate concrete → concrete curing → fabrication and installation of reinforcement
mesh → welding of reinforcing bar → spraying fine aggregate concrete → concrete
curing.
(1) Preparation before net hanging
Remove the loose rocks, dangerous rocks and floating soil between the supporting piles, and fill the larger cracks and pits to make the slope smooth and
tidy.
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(2) Fixing of reinforcement mesh
Firstly, according to the construction drawings, drill holes (depth of 250 mm)
at 1500 mm/1600 mm horizontally (corresponding to the spacing of the supporting
piles in this section) and 1500 mm vertically on the supporting piles for rebar
planting, and anchor C14 L-shaped mesh rebar with a total length of 800 mm;
A 600 mm long C14 reinforcement nail is driven into the center of the soil
between the supporting piles (the same as the horizontal position of the L-shaped
mesh reinforcement) to fix the reinforcement mesh between the piles;
The reinforcement mesh (two-way ϕ 6 @ 150 mm × 150 mm) is then fixed
by welding (10 d on one side) the C14 transverse tie bars (i.e., stiffeners, @
1500 mm/1600 mm × 1500 mm) to the L-shaped mesh reinforcement embedded
in the pile, pressing the entire mesh.
(3) Raw materials and mix proportion
PO42.5 ordinary Portland cement;
Silty sand shall be
Raw materials:
Adopt melon seed
used, and the water content of the sand shall be 2%–3%;
Clean water is used for water;
That mix amount of the
stone as that stone;
Watertight.
accelerator is 5% of the cement amount;
Selection of C20 fine aggregate concrete mix proportion (mass ratio) (dry material): cement: sand: gravel: water: accelerator: watertight = 1: 1.6: 2.8: 0.55: 0.05:
0.1.
8.3 Double-Liquid Grouting
1) Grouting pipe embedding
When the drainage pipe is buried at the leakage point, the galvanized pipe shall
be buried. The buried depth of the galvanized pipe shall be as deep as possible
according to the leakage situation of the leakage point. One end shall be sealed with
adhesive tape to prevent silt from blocking the grouting pipe.
2) Grout configuration
Before slurry preparation, field test shall be carried out according to cement slurry
concentration, water glass parameters and water temperature. The initial setting time
of the double-liquid slurry is usually 20 s to 40 s, and the ratio of the slurry before
each grouting is determined (1:1 to 1:2).
3) Double-liquid grouting
Before grouting, double pipes shall be injected with water to ensure that the
embedded grouting pipe is unblocked. After confirming that the grouting pipe is
unblocked, water glass and cement slurry shall be injected at the same time. At the
beginning of grouting, the drainage pipe will flow out of the mixture of cement slurry
and water glass. Continue grouting until the drainage pipe is blocked. At the same
time, continue grouting. The amount of grouting shall be judged according to the
time and size of water leakage.
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9 Conclusion
(1) The geological structure is local and the geological conditions are unevenly distributed, so sometimes the geological survey report cannot fully reflect the geological conditions. Before construction, the geological and hydrological conditions
around the plot should be fully understood and studied [4].
(2) The complexity of geological structure shall be fully considered in the design of
waterproof curtain, the design scheme shall be put forward pertinently, the possible
problems and remedial schemes shall be clarified in key links, and the feasibility of the design scheme shall be fully verified by relevant experiments before
implementation.
(3) In case of abnormal conditions during construction, analyze the causes in time
to avoid blind construction, and fully verify the reliability of the previous process before special process replacement. Emergency plans shall be prepared before
implementation, and solutions shall be put forward and implemented in time when
unexpected situations occur.
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Abstract. In order to jointly identify the damage locations of superstructure
and substructure of the piles-supported frame structures, a damage identification
method based on vibration is proposed. Firstly, the high-efficiency modes which
are sensitive to the damage of the piles-supported frame structures are determined.
Then, the element modal strain energy difference functions of the corresponding
high-efficiency modes are calculated before and after the damage, and finally the
damage locations are identified by the average values of the absolute values of
the wavelet transform coefficients of the element modal strain energy difference
functions of high-efficiency modes. The effectiveness of the method is studied by
numerical simulation. Numerical results show that the method can identify the
damage location of the single damage or multiple damage of the piles-supported
frame structures. Although the adjacent effect exists, the damage areas can be
effectively located. At the same time, the method can effectively identify the
damage locations of the hidden pile foundation.
Keywords: Frame structure · Pile foundation · Damage identification · Modal
strain energy · Wavelet transform

1 Introduction
Frame structures are widely used in multi-story buildings, high-rise buildings and stadiums. Due to the multiple influencing factors, such as long-term effect of loads, environmental corrosion, aging of structural materials, earthquake action, and typhoon action,
etc., the accumulative damage will occur in frame structures within their service period,
even worse, may lead to engineering accidents. Therefore, it is necessary to study the
problem of damage identification of frame structures. Vibration-based structural damage
identification method is one of the effective ways to solve this problem. The basic principle of this method is as follows: As the structural damage appears, the physical parameters
of the structure change [1–5]. Therefore, combining certain identification techniques, it
is possible to identify structural damage by using the measured responses or the indexes
indirectly calculated from the measured responses, such as natural vibration frequencies
[6], modal shapes [7], modal curvatures [8], residual forces [9], flexibility matrix [10,
11], modal strain energy [12], etc.
© The Author(s) 2022
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In the past three decades, several notable achievements had been made in the research
of vibration-based damage identification methods of frame structures. The damage
identification of the superstructural members (such as beams and columns or joints)
of two-dimensional plane frame structures was firstly studied by adopting vibrationbased damage identification methods. These research works were mainly based on the
measured responses or the indexes indirectly calculated from the measured responses,
such as strain modal shapes [13], modal frequencies and displacement modal shapes
[14–21], modal strain energy [22], the measured displacement responses [23, 24], the
measured acceleration responses [25–27]. In these works, some can only effectively
identify the damage location of the superstructure members of two-dimensional plane
frame structures [13, 14, 16, 23, 26], while others can effectively identify the damage
location and damage degree both [15, 17–22, 24, 25, 27]. The above research works
showed that the vibration-based damage identification methods can identify the damage
of the superstructural members of two-dimensional plane frame structures. However, the
actual frame structures are relatively complex three-dimensional spatial structures. The
effectiveness of the vibration-based damage identification methods for the damage identification of three-dimensional frame structures needs further verification. Therefore, the
damage identification of the superstructural members of three-dimensional frame structures was further studied by adopting vibration-based damage identification methods.
These research works were also mainly based on the measured responses or the indexes
indirectly calculated from the measured responses, such as modal frequencies and modal
shapes [28–33], modal strain energy [34], the measured displacement responses [35],
the measured acceleration responses [36–38]. In these works, some can only effectively
identify the damage location of the superstructure members of three-dimensional plane
frame structures [32, 34, 36, 38], while others can effectively identify the damage location and damage degree both [28–31, 33, 35, 37]. The above research works showed
that the vibration-based damage identification methods can identify the damage of the
superstructural members of three-dimensional plane frame structures. It seems that the
above research can solve the problem of damage identification of actual frame structures. However, the existing research works on vibration-based damage identification
methods of frame structures mainly focused on the damage identification of beams and
columns or joints of frame structures, but the damage identification of floor slabs in
frame structures has not been considered. At the same time, the existing methods are
proposed under the rigid base assumptions, without considering the influences of the
soil-foundation-structure interaction (SSI) effect. However, the SSI effect will make the
dynamic characteristics and responses of the structural system great differences with
the rigid foundation assumption situation. It will inevitably affect the accuracy of the
vibration-based damage identification methods. In addition, the existing methods for
damage identification of frame structures are merely applicable to the damage identification of its superstructural members, but not applicable to the damage identification of
its hidden substructural members. Therefore, it is necessary to study the damage identification method of soil-foundations-frame structure as a whole, so as to realize the joint
identification of superstructural and substructural damage. As the authors’ knowledge,
there has been no research on this issue.
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In this paper, a vibration-based method to jointly identify the damage locations of
the superstructure and substructure of the piles-supported frame structures was proposed. Firstly, the high-efficiency modes which are sensitive to the damage of the pilessupported frame structure were determined. Then, the element modal strain energy difference functions of the high-efficiency modes were calculated before and after the damage,
and finally the damage locations were identified by the average values of the absolute
values of the wavelet transform coefficients of the element modal strain energy difference functions of high-efficiency modes. Through numerical simulation, the feasibility
of the proposed vibration-based method to jointly identify the damage locations of the
superstructure and substructure of the piles-supported frame structures was preliminarily
verified.

2 The Description of the Proposed Damage Identification Method
In this paper, the proposed damage identification method for piles-supported frame
structure is introduced from the following aspects: damage identification process, highefficiency modes determination, element modal strain energy and strain energy difference
functions calculation, wavelet transform analysis, and damage identification index.
2.1 Damage Identification Process
The identification process of the proposed damage identification method is shown in
Fig. 1. Specific identification steps are illustrated as follows:

Fig. 1. Flow chart of damage identification of piles-supported frame structure.

Firstly, the finite element model of undamaged piles-supported frame structure will
be established based on the available engineering data. Through the modal analysis, the
modal frequencies and modal shapes of undamaged piles-supported frame structure will
be obtained.
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Secondly, by means of environmental excitation, the vibration response data of the
damaged piles-supported frame structure will be obtained under the operating state.
Through the modal identification, the measured modal frequencies and modal shapes of
the damaged piles-supported frame structure will be obtained.
Thirdly, the high-efficiency modes will be determined by calculating the change rate
of modal frequency of each order mode of the piles-supported frame structure before
and after damage.
Fourthly, the element modal strain energy of the corresponding high-efficiency
modes of the undamaged and damaged piles-supported frame structure will be calculated respectively. Then, the difference functions of element modal strain energy of
the high-efficiency modes will be calculated before and after the damage.
Finally, the damage locations of corresponding members (such as beams, columns,
plates and piles) can be determined by the average values of the absolute values of the
wavelet transform coefficients obtained from wavelet transform analysis of the difference
functions of element modal strain energy of the high-efficiency modes.
2.2 High-Efficiency Modes Determinations
According to the change rate δ of modal frequency of each mode before and after damage,
the high-efficiency modes used for structural damage identification will be selected. The
change rate δi of modal frequencies of the ith mode before and after damage can be
calculated by Eq. (1).
δi =

f i u − fi d
× 100%
fi u

(1)

Where fiu and fid are the modal frequencies of the structure’s ith mode before and
after damage, respectively, in Hz.
The existence of structural damage can be judged according to δi . The larger the δi
value is, the mode is more sensitive to the structural damage.
The high-efficiency modes for subsequent damage identification will be selected
according to the following criteria: Firstly, the mode which has the largest δ value will
be selected. Secondly, the modes that their δ values are not less than 80% of the largest
δ value will be selected. If the number of selected modes is only one order, the selection
criteria can be appropriately relaxed to ensure the number of the selected modes is not
less than two orders.
2.3 Element Modal Strain Energy and Strain Energy Difference Functions
Calculation
The element modal strain energy can be calculated by modal shapes and stiffness matrix.
Since the element modal strain energy can reflect the change of local characteristics of
the structure and it is sensitive to the local structural damage which is much higher than
that of the modal shapes. Therefore, the element modal strain energy will be used as the
basic quantity to determine the locations of structural damage.
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The element modal strain energy of the ith high-efficiency mode of the jth element
can be calculated as follows [39–44]:
u
= (υι )T Kju ui
MSEi,j

(2)

d
MSEi,j
= (di )T Kjd di

(3)

u and MSE d are the element modal strain energy of the ith highWhere MSEi,j
i,j
efficiency mode of the jth element before and after damage respectively; Kju is the
element stiffness matrix of the jth element before damage; Kjd is the element stiffness
matrix of the jth element after damage. Since the element stiffness after damage cannot
be measured, Kju is generally adopted to replace Kjd .
The difference function of the element modal strain energy of the ith high-efficiency
mode of the jth element before and after damage,MSECi,j , can be obtained by Eq. (4).
u
d
− MSEi,j
MSECi,j = MSEi,j

(4)

2.4 Wavelet Transform Analysis
Once the structure is damaged, the MSEC value of the element which located in the
structure damage area will be small obvious change. Due to the wavelet transform can
analyze the change of signal data well [23]. Therefore, in order to obtain better identification effect of damage localization, the one-dimensional continuous wavelet transform
(CWT) will be used to analyze the MSEC value of the element of each high-efficiency
mode. The biorthogonal spline wavelet function bior6.8 will be used as the wavelet basis
function. The sequence constituted by MSECi,j values will be taken as the real-valued
input signal, and the element number which is corresponding to location of the element
will be taken as the time variable. The absolute values of the wavelet transform coefficient of the element modal strain energy difference function of the ith high-efficiency
mode of the jth element, MSECDi,j , will be obtained by wavelet transform. According to
the peak of MSECDi,j values with the number of elements, the locations of the structure
damage can be determined.
2.5 Damage Identification Index
In order to reduce the influence of random noise, the n order high-efficiency modes will
be used to identify damage locations of the structure. The average value of the absolute
values of the wavelet transform coefficients of the element modal strain energy difference
functions of high-efficiency modes, MSECM, will be used as the damage identification
index. The average value of the absolute values of the wavelet transform coefficients of
the element modal strain energy difference functions of high-efficiency modes of the jth
element, MSECMj , can be calculated by Eq. (5). The damage locations of the structure
will be identified according to the peak of the above damage identification index along
with the locations of the elements.
n
1
MSECDi,j
(5)
MSECMj =
n
i=1
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3 Damage Identification Numerical Simulation
3.1 Numerical Modeling of Piles-Supported Frame Structure Test Model
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The numerical simulation study had taken the test model (as show in Fig. 2 and Fig. 3) of
the subsequent model test as the simulation object. The model test has not been carried
out yet, and the feasibility of the proposed method was preliminarily discussed in this
paper based on the numerical simulation.
The finite element models of undamaged and damaged cases of the piles-supported
frame structure test model were established.
The integral finite element model of soil-piles-frame structure under undamaged
case was established by using ANSYS software, as shown in Fig. 4. The finite element
model of piles-frame structure is shown in Fig. 5 (soil, soil box and concrete base are
not shown).

A
The first floor slab

250

30 60 30

(b)
s4
s5 s6

Steel pipe pile(external diameter
60mm,thickness 3mm)
A

B

Section 2-2

(c)

A
The second floor slab

s7 A
The third floor slab
s8 s 9

(d)
Fig. 2. The design of test model (unit: mm). (a) Front elevation. (b) Side elevation. (c) Section.
(d) Layout of measuring points.

The corresponding dimensions of beams, columns, piles, floor slabs, cap, soil field,
soil box and concrete base are same as the test model, as shown in Fig. 2 and Fig. 3.
In the numerical simulation study, the assumed values of material parameters are
as follows: The elastic modulus, density and Poisson ratio of steel are 2.1 × 105 MPa,
7850 kg/m3 and 0.33, respectively. The elastic modulus, density and Poisson ratio of
loose sand are 25 MPa, 1900 kg/m3 and 0.35, respectively. The elastic modulus, density
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Fig. 3. The design of test soil box and the layout of the test model (unit: mm). (a) Layout of test
model in the soil box. (b) Section 1–1.

Fig. 4. The finite element model of the
undamaged soil-piles-frame structure system.

Fig. 5. The finite element model of
piles-frame structure system.

and Poisson ratio of dense sand are 120 MPa, 2000 kg/m3 and 0.3, respectively. The
elastic modulus, density and Poisson ratio of Polystyrene foam plate are 7 MPa, 30 kg/m3
and 0.3, respectively. The elastic modulus, density and Poisson ratio of concrete are 3
× 104 MPa, 2500 kg/m3 and 0.2, respectively.
The steel beams, steel columns and steel pipe piles were simulated by beam188
elements. The steel floor slabs and soil box were simulated by shell63 elements. The
steel cap, soil, Polystyrene foam plate and concrete base were simulated by solid45
solid elements. Each steel beam, steel column and steel pipe pile was all divided into
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10 elements. Each steel floor slabs was divided into 144 elements. Steel soil box was
divided into 1520 elements. The steel cap, soil, Polystyrene foam plate and concrete
base were divided into 36 elements, 4680 elements, 920 elements and 1536 elements
respectively.
At the bottom of the concrete base, the solid boundary was adopted. As the structural
responses under environmental excitation are generally small, the nonlinear effects of
soil and the separation and slip between piles and soil have no obvious influence on the
structural responses. Therefore, the nonlinear effects mentioned above were ignored in
the numerical simulation.
3.2 Damage Identification Numerical Simulation Cases
The damage cases of the numerical simulation study are shown in Table 1. The damage
location numbers are shown in Fig. 5, where ➀ represents the damage of pile top element,
➁ represents the damage of the element at the top of the first layer of the column, ➂
represents the damage of the element at the end of the second floor side beam, and
➃ represents the damage of the element at the mid-span of the third floor slab. In the
numerical simulation, the stiffness of the corresponding damage element was reduced
to simulate the damage of the structure. For each damage cases, only by modifying
the material parameters at the corresponding damaged element (reducing the elastic
modulus) on the basis of the undamaged piles-supported frame structure finite element
model, the damaged structure finite element model under the corresponding damage
cases were obtained.
Table 1. Damage identification numerical simulation cases
Case numbers

Damage locations

Damage degrees

1

➀

25%

2

➁

10%

3

➂

10%

4

➃

50%

5

➀, ➁

25%, 10%

6

➀, ➂

25%, 10%

3.3 Modal Analysis and High-Efficiency Modes Selection
The modal shapes calculated from the above six damaged cases models are similar to the
undamaged case model, with the mode numbers corresponding to each other. Figure 6
shows the modal frequency change rates of the first 50 modes in each damaged case.
According the Fig. 6 and the selection criteria of high-efficiency mode described in
Sect. 2.2, the high-efficiency modes can be determined for each damaged case, as shown
in the Table 2.
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The high-efficiency modes determined in Table 2 are shown in Fig. 7 (soil, soil box
and concrete base are not shown). The modal frequencies of the modes corresponding
to Fig. 7 calculated from the models of the undamaged and damaged cases are shown in
Table 3.

Fig. 6. The frequency change rate δi of the first 50 modes for damaged. (a) Case 1. (b) Case 2.
(c) Case 3. (d) Case 4. (e) Case 5. (f) Case 6.

Table 2. Selection of high-efficiency modes for damaged cases
Case numbers

High-efficiency modes’ numbers

1

1, 3

2

1, 2

3

5, 13

4

2, 13

5

1, 2

6

5, 13
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Fig. 7. The modal shapes of high-efficiency modes. (a) 1-order. (b) 2-order. (c) 3-order. (d) 5-order.
(e) 13-order.
Table 3. The modal frequencies of the high-efficiency modes of undamaged and damaged models
(unit: Hz)
Mode numbers

Undamaged
model

Damaged models
Case 1

Case 2

Case 3

Case 4

Case 5

Case 6

1

4.7482

4.7481

4.7348

4.7479

4.7482

4.7347

4.7478

2

8.9094

8.9094

8.8883

8.9090

8.9093

8.8882

8.9090

3

9.0357

9.0354

9.0223

9.0355

9.0357

9.0220

9.0352

5

18.9900

18.9900

18.9820

18.9830

18.9900

18.9810

18.9820

13

38.8470

38.8470

38.8300

38.8390

38.8460

38.8300

38.8390

4 Results and Analysis of the Damage Identification Numerical
Simulation
4.1 Results and Analysis of the Single Damage Identification
In order to verify the validity of the proposed method in this paper for damage location
identification of a single damaged case, the damage identification algorithm mentioned
above was used to identify the damage locations of damaged cases 1 to 4. Figure 8,
Fig. 9, Fig. 10 and Fig. 11 show the damage location identification results of the above
four damaged cases.
Figure 8 shows that the damage identification results for damaged case 1. The average
values of the absolute values of the wavelet transform coefficients of the element modal
strain energy difference functions of high-efficiency modes (namely MSECM values)
of pile element No. 9375 and its adjacent pile element No. 9376 have an obvious peak.
The MSECM values of column elements, beam elements and slab elements change
small. Furthermore, the MSECM value of the pile element No. 9375 is the largest of all.
Therefore, it is known that there may be damage at and near pile element No. 9375.
Figure 9 shows that the damage identification results for damaged case 2. The
MSECM values of column element No. 30 and its adjacent column element No. 29
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Fig. 8. The damage identification results of the damaged case 1. (a) Pile elements. (b) Column
elements. (c) Beam elements. (d) Slab elements.

and beam elements No. 563, 572 to 573 and 582 have an obvious peak. The MSECM
values of pile elements and slab elements change small. Furthermore, the MSECM value
of the column element No. 30 is the largest of all. Therefore, it is known that there may
be damage at and near column element No. 30.

Fig. 9. The damage identification results of the damaged case 2. (a) Pile elements. (b) Column
elements. (c) Beam elements. (d) Slab elements.

Figure 10 shows that the damage identification results for damaged case 3. The
MSECM values of beam element No. 623 and its adjacent beam element No. 624, slab
elements No. 385 to 387 and 406 to 408, column elements No. 61, 70, 101 and 110 have
an obvious peak. The MSECM values of pile elements change small. Furthermore, the
MSECM value of the beam element No. 623 is the largest of all. Therefore, it is known
that there may be damage at and near beam element No. 623.
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Fig. 10. The damage identification results of the damaged case 3. (a) Pile elements. (b) Column
elements. (c) Beam elements. (d) Slab elements.

Figure 11 shows that the damage identification results for damaged case 4. The
MSECM values of slab element No. 475 and its adjacent slab elements No. 474 to 476
have an obvious peak. The MSECM values of pile elements, column elements and beam
elements change small. Therefore, it is known that there may be damage at and near slab
element No. 475.

Fig. 11. The damage identification results of the damaged case 4. (a) Pile elements. (b) Column
elements. (c) Beam elements. (d) Slab elements.

Through the numerical simulation results of the above four single damaged cases, it
can be seen that the proposed damage location identification method in this paper can
better identify the damage location of single damage that may exist in different parts of
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the piles-supported frame structure. Despite the influence of adjacent effect exists, but
the damage area of the piles-supported frame structure still can be effectively located.
4.2 Results and Analysis of the Multiple Damage Identification
In order to verify the validity of the proposed method in this paper for damage location
identification of a multiple damaged case, the damage identification algorithm mentioned
above was used to identify the damage locations of damaged cases 5 to 6. Figure 12
and Fig. 13 show the damage locations identification results of the above two damaged
cases.
Figure 12 shows that the damage identification results for damaged case 5. There are
two main locations where the MSECM values have an obvious peak: (1) Pile element
No. 9375 and its adjacent pile element No. 9376. (2) Column element No. 30 and its
adjacent beam elements No. 563, 572 to 573 and 582. The MSECM values of slab
elements change small. Furthermore, the MSECM value of the pile element No. 9375 is
the largest in the pile elements. The MSECM value of the column element No. 30 is the
largest in the column elements. Therefore, it is known that there may be damage at and
near pile element No. 9375 and column element No. 30.
Figure 13 shows that the damage identification results for damaged case 6. There are
two main locations where the MSECM values have an obvious peak: (1) Pile element
No. 9375 and its adjacent pile element No. 9376. (2) Beam element No. 623 and its
adjacent beam element No. 624, slab elements No. 385 to 387 and 406 to 408 and
column elements No. 61, 70, 101 and 110. Furthermore, the MSECM value of the pile
element No. 9375 is the largest in the pile elements. The MSECM value of the beam
element No. 623 is the largest in the beam elements. Therefore, it is known that there
may be damage at and near pile element No. 9375 and beam element No. 623.

Fig. 12. The damage identification results of the damaged case 5. (a) Pile elements. (b) Column
elements. (c) Beam elements. (d) Slab elements.
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Fig. 13. The damage identification results of the damaged case 6. (a) Pile elements. (b) Column
elements. (c) Beam elements. (d) Slab elements.

Through the numerical simulation results of the above two multiple damaged cases,
it can be seen that the proposed damage location identification method in this paper can
better identify the damage locations of multiple damage that may exist in different parts
of the piles-supported frame structure. Despite the influence of adjacent effect exists, but
the damage areas of the piles-supported frame structure still can be effectively located.

5 Conclusion and the Prospect of Further Research
A vibration-based damage identification method for the damage location jointly identification of superstructure and substructure of the piles-supported frame structure was
proposed, which takes the soil-piles-frame structure as a whole for damage identification. The influence of soil-piles- structure interaction on the damage identification of
piles-supported frame structure was considered. The validity of the proposed method
was preliminarily verified by numerical simulation. The results show that the method
can identify the damage location of the piles-supported frame structure under the cases
of single damage or multiple damage, and can effectively locate the damage area in spite
of the adjacent effect exist. In addition, the damage locations of hidden pile foundation
can be identified by this method.
It should be pointed out that the above research work is a preliminary numerical
simulation study under the assumption that the modal parameters of the damaged structure have been obtained and the influence of random noise is not considered. In order
to apply this method to damage identification and health monitoring of piles-supported
frame structures, the following problems need to be further studied:
Firstly, how to predict the acceleration response data of unknown measurement
points of damaged structure based on the acceleration response data of limited known
measurement points of damaged structure? This problem can be solved by predicting
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the acceleration response data of the unknown measurement points of the damaged
structure according to acceleration response data of the known measurement points of
the damaged structure and the acceleration response transitivity function of the known
and unknown measurement points of the undamaged structure.
Secondly, how to identify the modal frequencies and mode shapes of the damaged
structure according to the acceleration response data of measuring points (including the
acceleration response data of the known measuring points and the predicted acceleration
response data of unknown measuring points)? This problem can be solved by using
stochastic subspace method to identify the modal frequencies and mode shapes of the
damaged structure according to the acceleration response data of the damaged structure.
Thirdly, how to effectively identify the damage degree of damaged structure when
the location of structural damage is known? This problem can be solved by using support
vector machine (SVM) method to identify the damage degree of damaged structure.
Finally, the further numerical and experimental verification of actual feasibility of
damage location and damage degree identification of soil-pile-frame structure should
be carried out. Combined with the results of the above three further research work
and considering the acceleration response of random noise effects, further numerical
simulation and model tests research work will be carried out to verify the effectiveness
and robustness of the joint identification method for the damage of superstructure and
substructure of piles-supported frame structure.
The vibration-based joint identification method for the damage of superstructure and
substructure considering soil-foundation-structure interaction is a challenging work,
which can further improve the structural health monitoring research work of actual
engineering. The purpose of this research report in this paper also hopes to attract more
relevant researchers to adopt more effective methods and means to study this problem.
Acknowledgments. This work was supported by the Zhejiang Provincial Natural Science
Foundation of China (LQ20E080025) and (LY19E080016).
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Abstract. Relying on the prefabricated construction project of a university in
Guangxi, the standardization design of the building structure is proposed for the
low standardization of prefabricated building design and serious conflicts in on-site
construction, and the reinforced U-shaped ring is especially proposed for the problem of node collision in site construction. Advanced connection technologies such
as buckle connection and steel slot connection and new components such as laminated truss floor slabs and corrugated pipe through-hole prefabricated columns. At
the same time, BIM technology is used to verify the technical scheme. The result
shows: the standardization degree of the integrated design of building structure
proposed in the article High, can significantly improve the design and production
efficiency, and the use of new connection technology and new components can
effectively reduce the collision of steel bars and facilitate construction.
Keywords: Prefabricated buildings · BIM technology · Deepening design

1 Introduction
The 19th National Congress of the Communist Party of China clearly established the
concept of green development and promoted the development of new industrialization.
Prefabricated buildings and green buildings are important carriers. However, there are
still some problems restricting development in the process of popularization and practice
of prefabricated buildings.
The prefabricated building is different from the cast-in-place structure, but the design
principle adopted is “equivalent to cast-in-place” [1]. Therefore, the design idea of “first
overall analysis and then split design” is often adopted, which easily leads to a wide
variety of prefabricated components that are split. Recombination after splitting is also
prone to problems such as steel bar collision. The core feature of prefabricated buildings
is standardized design and assembly construction. However, experts and scholars have
done a series of studies on the design and construction of prefabricated buildings and
pointed out that the development of domestic prefabricated buildings lacks a standard
system [2–4], and standardized design is not yet available. Mature, lack of innovation
ability [5], and there are many problems in on-site construction, which unreflect the
advantages of prefabricated buildings [6]. Therefore, the study of standardized design
© The Author(s) 2022
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methods and technologies that are conducive to site simplification and high-efficiency
assembly is of great significance to the development of prefabricated buildings.
This paper aims at the insufficient design standardization and construction conflicts
in the development of prefabricated buildings. Based on the case of a prefabricated
building project in a university in Hezhou, the prefabricated building and structure are
analyzed from the aspects of building type selection, component optimization, structural
calculation, and deepening design. The whole design process is analyzed, the key issues
in the design and implementation of the prefabricated building project are comprehensively introduced, and the BIM forward design and some cutting-edge prefabricated new
technologies are adopted, hoping to be useful for similar projects in the future.

2 Project Introduction
This project is located in a university in Hezhou City. The design service life is 50 years.
The fire resistance rating of the building is Class II, the roof waterproof rating is Class I,
and the seismic fortification intensity is 6 degrees. The building base has a total land area
of 1138 m2 , a total construction area of 3436 m2 , a total of 3 floors, the first and second
floors are 4.8 m high, the three floors are 3.9 m high, and the total height of the building
is 13.5 m. It adopts a prefabricated integrated frame structure, the prefabrication rate of
single buildings reached 62.9%, and the assembly rate reached 70.1%.
2.1 Architectural Design
The design of prefabricated buildings is different from cast-in-place structures. The
design of prefabricated concrete buildings must not only meet the functional requirements of buildings in various parts of our country, but also meet the requirements of
industrialized construction. Based on the principle of “less specifications, more combinations”, follow the modular coordination Standards, to carry out standardized, modular,
and integrated architectural design.
2.1.1 Graphic Design
The nature of the building is a teaching building, and its main function is physical teaching and scientific research model display. Considering structural safety and economic
rationality, it adopts a large bay and deep plan layout. The size of the column net is
7800 mm × 7800 mm, and the plan layout is regular and flat. It is more conducive to
earthquake resistance and cost saving. In addition, the large-bay and large-depth plan
layout reduces the types and quantity of prefabricated components, increases the repetition rate of components, and improves economic benefits. The graphic design is based
on the different use functions of the room, and the depth is extended with the basic
modulus. A variety of basic plane shapes are determined to form different personalized
planes. However, the central location of the large bay and the deep depth is unfavorable
for daylighting. Therefore, the internal atrium is opened, and the openings on each floor
are gradually increased to increase the sense of hierarchy of the building. The atrium is
equipped with a steel staircase and the top roof is a glass roof.
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2.1.2 Facade Design
The building facade is a direct display of architectural artistic style. This project comprehensively coordinates the architectural effects and architectural functions for the facade
design. The wall beams of this project are flat, highlight the column lines, and do not
have too many external decorative components, which conforms to the industrial production characteristics of prefabricated building components with few specifications and
high repetition rate. The façade wall adopts a new type of wall panel produced locally
in Hezhou, and is designed as an integrated exterior wall. This wall panel integrates
enclosure, waterproofing, heat preservation and heat insulation, and is assembled on
site. The building façade enhances the façade effect through the combination of the
spaced arrangement of doors and windows. The overall structure is simple and individual. The door and window openings and façade partitions all meet the requirements
of modular design, presenting a standardized and diversified door and window enclosure system. And the component specifications are unified to meet the requirements of
industrialization of prefabricated buildings.
This project is a regular symmetrical model, and the grid size is 7800 mm × 7800 mm.
In order to increase the reuse rate and reduce the types of components, the project considers deepening design and component splitting in the architectural and structural design of
the project, designing and merging components with similar sizes, reinforcements, and
structures, and prefabricating components based on the standardization of component
dimensions. Standardized and modular design. Finally, one column size is 600 mm ×
600 mm, two main beam sizes (330 mm × 650 mm, 330 mm × 850 mm), one secondary
beam size (250 mm × 600 mm), and one floor size (120 mm).
2.2 Structural Design
The project uses PKPM software for structural design, and the structural parameters are
analyzed and calculated according to the actual situation of the project. Finally, the construction drawings of the structure were revised and perfected, considering the prominent
problem of steel reinforcement collision in prefabricated buildings, and manual adjustments were made according to the results of the reinforcement calculated by the system.
To reduce the collision problem of steel bars to a certain extent, and secondly, try to
unify the reinforcement of the components as far as possible. The reinforcement should
be controlled within ±5% according to the calculation area of the structural software,
and the reinforcement area should be as large as possible to be larger than the calculation
area to reduce the types of prefabricated components and improve the prefabrication of
the factory. Production efficiency.
2.2.1 Checking Calculation of Bending Bearing Capacity
The basic components of prefabricated building beams and columns are prefabricated
in the factory, transported to the construction site and then cast on site. According to the
calculation results of reinforcement, many prefabricated beam components need to be
equipped with multiple rows of steel bars at the bottom. When pouring on-site, it is easy
to have too much steel bars in the node area, which is inconvenient for the connection,
placement and pouring of the steel bars. The negative bending moment at the support
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is relatively large, and the lower bending moment is small, so consider a beam with
multiple rows of steel bars. Under the effect of meeting the bearing capacity, part of the
steel bars can be prevented from extending into the support. According to the concrete
structure design specification GB50010-2010 [7], the flexural bearing capacity of the
support can be checked. The check calculation results show that for beam members with
multiple rows of steel bars, only the bottom row of steel bars can meet the requirements
of flexural bearing capacity (Fig. 1). Therefore, the steel bars are cut according to the
requirements of the plan atlas, and some steel bars do not extend into the support to
reduce Anchor the steel bars at the cast-in-situ nodes to avoid serious collision problems
caused by too dense steel bars in the node area, and the concrete is not densely poured.

Fig. 1. Schematic diagram of truncated longitudinal bars

2.2.2 Checking Calculation of Shear Capacity
According to JGJ1-2014 [8] connection design requirements of the prefabricated concrete structure technical specification, the joint surface of the prefabricated component
and the post-pouring concrete, grouting material, and setting material should be provided with a rough surface and a keyway. For the prefabricated slab components, it is
sufficient to set the rough surface with a depth of not less than 4 mm and the post-cast
concrete laminate layer to be combined. The rough surface should be less than 6 mm.
The end face of the precast beam and the bottom of the precast column should also be
designed with keyways according to the regulations, and their shear capacity should be
checked. Therefore, the beam ends of this project are equipped with long keyways and
checked according to the regulations. For parts that do not meet the requirements for
shear resistance The required cross-section is added with shear-resistant steel bars in the
post-cast part (Fig. 2).

3 Pilot Application of Prefabricated Technology
In order to improve the construction efficiency of prefabricated buildings and solve the
quality problems of prefabricated buildings such as steel bar collision and improper
concrete pouring, this project has applied many systematic comprehensive technologies of prefabricated concrete structures with high technical content and high economic
benefits. The floor slab of the project adopts “reinforcement-free” laminated truss floor
slabs. The columns in the dotted line range of the figure are prefabricated columns with
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Fig. 2. Additional short ribs on parts that do not meet the shear requirements

corrugated pipes. The beam-column connection and the main and secondary beam connections adopt the new U-shaped steel bar ring buckle connection technology and steel
card grooves.
3.1 Laminated Truss Floor Slab
Components of the laminated floor slab are made in the factory, prefabricated slabs are
required to have lapped steel bars to be spliced on-site to form a force-bearing whole. The
current conventional method is “beard rib” connection, but because of its “reinforced”
structure that it has caused an increase in the process of opening holes, pouring and
leak-proof grout sealing, etc. which is not convenient for industrial production. The
“beard tendons” are also easy to bend and deform during transportation and hoisting,
and even cause precast concrete damage and missing corners. Affecting the appearance
and quality of the laminated board [9]. Formwork needs to be installed at the “beard
ribs” of adjacent floor slabs on the construction site, and collisions also bring a lot of
complicated procedures to the construction. Therefore, this project adopts the method
of “no ribs”[10] in the joints between the laminated slabs (Fig. 3). At the same time, the
composite wire mesh technology is used to improve the crack resistance of the slabs, so
that the thickness of the precast laminated slabs is reduced to 30 mm, which is better
than ordinary concrete. The laminated board is reduced by half, saving costs, and can be
free of formwork and plastering, which greatly improves the efficiency of construction
and installation.
3.2 U-Shaped Steel Bar Ring Buckle Connection Technology
On the third floor of the project, the ➅ axis y direction AB and BC span reinforcements
are 4 25, 2 25+2 22 respectively, and the left and right x direction beams are 2 25
reinforcements. At the intersection of the ➅ axis and the B axis, the lower part of the
joint is thick, and the amount is large, which is easy to produce Rebar collision problem.
In order to reduce the collision problem of steel bars in the node area and ensure the
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Fig. 3. Closely assembled laminated floor slab

effective transmission of node force, this project adopts U-shaped steel bar ring buckle
connection technology. As shown in Fig. 4, the upper part of the laminated beam is the
post-cast part, and the upper longitudinal steel bars of the beam can penetrate the nodes or
supports, because the node reinforcement is too dense, the lower beams and the column
reinforcements collide, and the lower longitudinal reinforcements of the beam undergo
U-shaped bending. After folding, anchor into the beam concrete without extending into
nodes or supports. Then arrange the closed circular steel bars and the U-shaped steel bars
at the beam end between the longitudinal bars in the core area of the beam-column node
to stagger each other, thereby forming a pair of U-shaped ring buckles at the beam end,
and place four ring buckles at the four corners of the ring buckle. Root short-inserted
steel bars, U-shaped steel bar ring buckle connection section stirrups are encrypted. The
U-shaped steel bar ring buckle connection technology forms a “pin type” connection
through the core area concrete surrounded by the ring buckle steel bar. The ring buckle
steel bar can effectively transmit the tension and pressure required for the connection,
ensuring the safety of the connection and effectively improving the on-site construction
Efficiency [11].
The U-shaped steel ring buckle connection technology is simple in structure and
convenient in construction. It can avoid the collision of the prefabricated beam steel
bars with the joints or the steel bars in the supports, and solves the problem of complex
and difficult anchoring of the steel bars in the core area of the beam-column of the
traditional post-cast integral connection node. At the same time, the length of the postcast section at the beam end can be shortened, and the standardization of prefabricated
beam components can be realized.

Fig. 4. U-shaped node connection technology
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3.3 Overlap Connection of Primary and Secondary Beams and Steel Slot
Connection Technology
The assembled monolithic concrete prefabricated secondary beam adopts the same superimposed form as the main beam, and the upper longitudinal steel bars are tied together
on-site and poured together with the upper steel bars of the floor. For the connection of the
lower reinforcement, that is, the connection of the primary and secondary beam nodes,
the integral cast or shelving connection is often used [12]. Partially vacant sections are
reserved in the prefabricated main girder using the cast-in-place method, which causes
the main girder to be discontinuous and increases the difficulty of prefabrication and
hoisting. However, the shelving type is not connected to the lower secondary beam steel
bar, which belongs to the “hinged connection” and is not suitable for structures that bear
dynamic loads and large spans. It can be seen that no matter whether the cast-in-place
or shelving connection method is used, there are construction drawbacks. The design
of this project The primary and secondary beam connections not only have no gaps in
the primary beam but also connect the lower longitudinal ribs of the secondary beam. In
addition to the U-shaped connection technology described above, there are also primary
and secondary beam lap connections and steel slot connections.
The lap connection of the primary and secondary beams is to set a keyway on the
side of the main beam and the part where the secondary beam is connected, and at the
same time reserve the steel bars that overlap with the lower part of the secondary beam,
and connect with the secondary beam reinforcement through the post-cast belt, as shown
in Fig. 5. This lap method can not only avoid gaps in the main beam, but also realize
the complete force of the primary and secondary beams, but the reserved lap steel bars
for the main beam are not convenient for transportation and consume more steel. At the
same time, the reserved post-pouring belt is longer and there are more wet operations.
In order to reduce the wet work of the post-cast belt, the project also adopted a new
type of steel slot connection technology, that is, the steel slot is pre-embedded on the side
of the main beam at the junction of the primary and secondary beams, and the stressed
steel bars at the bottom of the secondary beams can be directly extended into the steel.
The slot is anchored, mortar is poured, and concrete is finally poured to form a whole,
as shown in Fig. 6. The construction difficulty of the steel slot connection is greatly
reduced, and because of its special structure, when the connecting steel bar is stressed,
the mortar or concrete poured in the gap between the steel slot and the connecting steel
anchor head is in a three-way compression state. Its bearing capacity and ductility have
been greatly improved to ensure that damage does not occur in the steel slot [13].
3.4 Bellows Through Hole Prefabricated Column
In prefabricated concrete buildings, in order to ensure the reliability of vertical force
transmission, longitudinal prefabricated column reinforcement is generally connected by
grouting sleeves, but the grouting sleeve connection not only requires high manufacturing
precision of the prefabricated columns, but also detects the compactness of the mortar
inside the sleeves. The difficulty is also higher, and the construction cost is also higher
[14]. Therefore, this project uses a bellows through-hole precast column, that is, a metal
corrugated pipe with the same height as the column is inserted at the position of the
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Fig. 5. Lap connection of main-secondary beams

Fig. 6. Connection of main-secondary beam steel slots

steel bar inside the precast column, and the steel wire rope is tied and fixed with the
column stirrup skeleton, and then concrete is poured, as shown in Fig. 7. When the upper
and lower columns are connected, the longitudinal ribs of the upper and lower columns
are connected by mechanical connection or welding at the nodes first, and then the
prefabricated columns with the through-hole of the bellows are hoisted to the installation
position, and finally mortar or special purpose is poured along the through-holes of the
bellows. Grout until it is below the height of the bellows.

Fig. 7. Bellows through hole prefabricated column

The bellows through-hole prefabricated column has a large bellows cavity, which is
much larger than the diameter of the column longitudinal ribs. When the beam-column
steel bars collide, the longitudinal steel bars in the corrugated pipe have a larger space
that can be moved, which greatly increases the fault tolerance rate, thereby reducing
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the precision requirements of the prefabricated column components and improving the
construction efficiency. The longitudinal ribs of the upper and lower columns are welded
or mechanically connected, and the integrity of the longitudinal ribs is good, which
improves the load-bearing capacity of the precast column, and does not require the use
of sleeves and high-strength mortar, which further reduces the cost.

4 Bim Collaborative Forward Design
The “language” of traditional building structure communication is mainly in the form
of two-dimensional plan drawings, which has certain requirements for the space imagination ability of design and construction personnel. In addition, many problems cannot
be seen on the plan drawings, but they cannot be carried out in actual construction,
resulting in more on-site changes. In order to adapt to the increasing requirements of the
construction industry for building structure design, BIM technology came into being. As
a new comprehensive technology for building model design, BIM technology abstracts
the specific data of architectural design through software Data processing is expressed
in the form of 3D models [15]. Especially in prefabricated buildings, the components are
prefabricated in the factory, and the joints are poured on site. The reinforcing bars of various components are overlapped or anchored at the joints, resulting in dense reinforcing
bars at the joints and significant collision problems. If you continue to display with flat
drawings, it will be difficult to deal with the collision problems Therefore, this project
uses 3D modeling Rhino software to build 3D models of all components used in this
project, especially for the node areas with dense steel bars and new connection technology. The modeling structure shows that all nodes using the new connection technology
have not occurred. Joint collision problem, construction is convenient, and the joint steel
bar with collision problem is adjusted, the steel bar is anchored by the combination of
hook and anchor plate, and the colliding steel bar is bent, and the bending ratio is not
more than 1:6. A structural reinforcement is added to the bent steel bar. The collision
example is shown in Fig. 8. The two front and rear beams in figure a collide with the two
outermost steel reinforcement bars as shown in Fig. 8 (a) (Beam End). The two ends of
the steel bars are bent to the middle but collide with the column reinforcement as shown
in Fig. 8 (b) (Middle bend). Therefore, the final solution is to bend upwards and add
structural steel bars to the bending parts as shown in Fig. 8 (c)(Bends upwards).
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Fig. 8. BIM technology application examples

5 Conclusion
With the advancement of industrialization, the development of prefabricated buildings
is an inevitable trend. However, there are still some problems that restrict development,
mainly including insufficient standardization in design, various conflicts and collision
problems in construction affect the integrity of structural connections, in order to promote
the industrialization of prefabricated buildings, a standardized design system must be
established, and research and development Various new connection technologies and
new components optimize the structural system.
The design of prefabricated concrete buildings is integrated with the structural splitting. Under the premise of meeting the building functions, the principle of “less specifications, more combinations” and the modular coordination standard are followed to
carry out standardized, modular and integrated architectural design. And the structure
can also reduce the types of components through reinforcement merging, etc., and carry
out standardized design of node connections.
The use of new connection technologies, such as U-shaped buckle steel bar connection technology and steel card slot connection technology, can effectively improve
the problems of steel bar collision and construction inconvenience in the node area, and
improve construction efficiency; at the same time, the use of new components can not
only solve some of the current construction Problems, superior performance, low cost,
easy to popularize and use, and meet the requirements of building industrialization.
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Abstract. Multi-layer thick-walled cylinder is a common supporting structure in
engineering, which is widely used in various engineering fields. Considering the
complex boundary conditions and the different interlayer constraints, it is difficult to solve the theoretical solution of multi-layer thick walled cylinder. In this
paper, the general solution expressions of displacement and stress of multi-layer
thick-walled cylinder are derived in Hamiltonian mechanics system. The complex
boundary conditions are transformed into the form of algebraic sum by Fourier
series expansion, and the complex boundary problems are solved by superimposing the special solutions of each order expansion term. At the same time, according
to the characteristics of different interlayer constraints, the corresponding conditions of interlayer continuous smooth are proposed. Combined with the boundary conditions of thick-walled cylinder, the linear equations with undetermined
coefficients are established. By solving the equations, the mechanical problems of
multi-layer thick-walled cylinder are finally solved. By comparing the mechanical
responses of multi-layer thick-walled cylinder under different constraint conditions, it is concluded that the overall mechanical performance of the tight interlayer
connection is better, and the circumfluence stress component is more prominent
than other stress components. Finally, the influence of lateral pressure coefficient
and elastic modulus ratio on the circumferential stress of multi-layer thick-walled
cylinder is discussed. These research results provide the necessary theoretical basis
for solving the mechanical problems of multi-layer thick-walled cylinders.
Keywords: Multi-layer thick-walled cylinder · Hamiltonian mechanics · Smooth
interlayer contact · Tight interlayer connection · Complex boundary conditions

1 Introduction
Thick-walled cylinder is a common engineering structure, which is widely used in mining, hydropower, chemical, military and other fields [1]. Thick-walled concrete cylinder
is often used in mine engineering to ensure that the wellbore is still in elastic state under
large load conditions. However, when the thickness of the wellbore is already large,
simply relying on increasing the thickness of the wellbore will not only increase the
© The Author(s) 2022
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time and labor cost, but also fail to significantly improve the elastic ultimate bearing
capacity of the wellbore [2, 3]. It is a common economic and reasonable method to
adopt multi-layer composite cylinder, which can effectively reduce the wall thickness
and improve the ultimate bearing capacity of the structure [4].
On the basis of considering the different tensile and compression elastic modulus of
the material, Wang Su et al. [5] established the stress expression of double-layer thickwalled cylinder under uniform internal pressure. The elastic limit solution corresponding
to the internal pressure is obtained, and the influence of the cylinder parameters on
the elastic limit is discussed. Lu, A. et al. [6] discussed the optimal design method of
double-layer thick-walled cylinder by using the mixed penalty function method. Under
the known uniform external load conditions, the minimum wall thickness of the cylinder,
and the optimum thickness ratio and the elastic modulus ratio of the inner and outer layers
are calculated. The disadvantage of this method is that it can only solve the problem of
multi-layer thick-walled cylinder under uniform load with the help of classical elastic
mechanics solution. Qiu J et al. [7] proposed an analytical method to solve the pressure
and stress between multiple contact pairs by using the theory of multi-layer thick-walled
cylinder, and applied it to the design of interference fit for engine crankshaft bearing.
It mainly uses the finite element method to analyze the stress of the multi-layer thickwalled cylinder, which can not give the relationship expression between the variables
accurately. Wu, Q. et al. [8] studied the plane strain problem of double-layer thickwalled cylinder by using the power series method of complex variable function, and
obtained the analytical solution of stress of two-layer cylinder under the condition of
complete contact. It is difficult to determine the complex potential function during the
derivation of this method, and it needs to be recalculated for different external boundary
conditions, which lacks generality. Abbas Loghman et al. [9] studied the magnetothermo-elastic response of a double-layer thick-walled cylinder. The minimum effective
stress distribution and the minimum radial displacement can be obtained by selecting
the appropriate uniformity parameters under thermal-magnetic mechanical load.
With the development of modern mathematical and physical methods, Zhong [10]
and Yao et al. [11] introduced the concept of symplectic geometry into Hamiltonian
mechanical system, and established a new solution system of elasticity. It has shown great
advantages in dealing with complex elastic mechanics problems. Zhou Jianfang et al.
[12] extended the method of separating variables in Hamilton mechanics system, and
applied it to the elasticity problem of non-homogeneous boundaries in polar coordinates.
This method successfully solves the problem of thick-walled cylinder subjected to nonuniform hydrostatic pressure, which fully shows the superiority of Hamilton mechanical
system. Based on the Hamiltonian state space method, Tseng and Tarn [13] discussed the
theoretical solution of the stress field around a circular hole when the elastic plate with
a hole is subjected to unidirectional tension by the method of variable separation and
symplectic eigenfunction expansion. It can be seen that the symplectic elastic mechanics
method has a wide application prospect in the field of basic research. It avoids the
subjectivity of stress function selection, and uses rational logical derivation to solve
the problem. Therefore, it is of great significance to study the theoretical solution of
multi-layer thick-walled cylinder structure by symplectic elasticity in polar coordinate
system.
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2 Hamiltonian Mechanics in Polar Coordinates
2.1 The Mixed State Equation of Sector in Polar Coordinates
Define new variables: Sρ = ρσρ , Sϕ = ρσϕ , Sρϕ = ρτρϕ , in a typical sector region
(Fig. 1) R1 ≤ρ≤R2 , α≤ϕ≤β. Then perform variable substitution ξ = ln ρ, that is ρ =
eξ ; and ξ1 = ln R1 , ξ2 = ln R2 . In the variational principle, ϕ is simulated as time
coordinates, ξ is horizontal, and the Sρ lateral force factors is eliminated. Then the
mixed energy variational principle of the Hamiltonian system under polar coordinates
is obtained [14].
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The mixed energy variational principle is expanded, and the sign (·) = ∂/∂ϕ is used
to represent the derivative of ϕ, then the Hamiltonian regular equations can be written
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⎝ Ṡρϕ ⎠ ⎢ −E ∂
∂ ⎥⎝ S ⎠
0
0
1
−
v
ρϕ
⎣
⎦
2
∂ξ
∂ξ
Ṡϕ
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The total-state vector υ = uρ uϕ Sρϕ Sϕ and operator matrix H are introduced,
and the Hamiltonian regular equations Eq. (2) become
υ̇ = Hυ

(3)

It can be proved that the operator matrix H is a Hamiltonian operator matrix in
symplectic geometric space [15]. The Hamiltonian operator matrix is written in block
form.
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The homogeneous boundary conditions on both sides ξ = ξ1 and ξ = ξ2 are:
E

∂uρ
+ vSϕ = 0, Sρϕ = 0,
∂ξ

(5)
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Fig. 1. Mechanical problems of sector in polar coordinates

2.2 Basic Eigensolutions of Homogeneous Equations
Solving the Hamilton regular equations Eq. (2) under the homogeneous boundary condition Eq. (5), the general solution of the equation is only related to the properties of the
Hamilton operator H [16]. Therefore, the eigenvalues are μ = 0, ±i respectively.
When the eigenvalue μ = 0, the eigensolution and its Jordan-type eigensolution are
expressed as
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R2 R2

2 1
= − 1+v
2 R2 −R2 ln
2



1

2−v
1−v

R2
R1

(6)

⎟
⎟
⎟
⎠


.

When the eigenvalue μ = ±i, the eigensolution and its Jordan-type eigensolution
are respectively expressed as
ψ 0i = ( 1 i 0 0 )T
ψ 0−i = ( 1 −i 0 0 )T ;
T

1 S1i
ψ 1i = uρ1 i uϕ1 Sρϕ
ϕ
T

1 −S 1 i
ψ 1−i = −uρ1 i uϕ1 Sρϕ
ϕ

(7)
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where

−1

α=  2
4 R1 + R22 .

⎧
1
⎪
1
2ξ
−2ξ
⎪
⎪ uρ = (1 − v)ξ + α(1 − 3v)e + β(1 + v)e
⎪
⎪
2
⎪
⎪
⎪
1
⎪
⎪
⎪ uϕ1 = − [1 + v + (1 − v)ξ ] + α(5 + v)e2ξ + β(1 + v)e−2ξ
⎨
2

;
1
⎪
1
2ξ
−2ξ
⎪ Sρϕ = E
+
2αe
−
2βe
⎪
⎪
2
⎪
⎪
⎪


⎪
⎪
1
⎪
1
2ξ
−2ξ
⎪
+ 6αe + 2βe
⎩ Sϕ = E
2

β = −αR21 R22
The original problem corresponding to the eigensolution and its Jordan eigensolution
is solved as follow
υ nμ =

n
!
1 m n−m
ϕ ψ μ (n = 0, 1)
m!

(8)

m=0

2.3 Special Solutions of Non-homogeneous Boundary Conditions
It is usually difficult to solve the elastic mechanics problem under complex boundary
conditions. Considering that the geotechnical material is a small deformation elastic
body, the principle of linear elastic superposition is applicable. Any complex boundary function can be Fourier transformed and decomposed into simple regular triangular
series. Therefore, the complex boundary loads are decomposed into a series of triangular series loads, and the stress and deformation laws under each order of triangular
series loads are obtained, then the original problems are solved by superposition of the
calculation results of each order [17].
In polar coordinates, the boundary load is expanded by Fourier series as:
∞

f (ϕ) =

a0 !
+
(ak cos kϕ + bk sin kϕ)
2

(9)

k=1

"π
"π
"π
where a0 = π1 −π f (ϕ)d ϕ, ak = π1 −π f (ϕ) cos kϕd ϕ, bk = π1 −π f (ϕ) sin kϕd ϕ.
According to the property of the Hamiltonian operator matrix [18], the block operator
A has an orthogonal eigenfunction system in the Hilbert space X × X, and the eigenvalue
and eigenfunction system of A can be expressed as:


cos kϕ
Uk =
, (k = 0, ±1, ±2, · · · )
(10)
sin kϕ
Block operator −A∗ has orthogonal eigenfunction systems in Hilbert space X × X
and the eigenvalues and eigenfunction systems of −A∗ can be expressed as:


sin kϕ
Ûk =
, (k0 ± 1 ± 2 · · · )
(11)
cos kϕ
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First, a simple case is considered, that is, the inner side is homogeneous boundary
and the outer side is only subjected to k-order normal cosine boundary load. The specific
form is:
∂uρ
∂ξ
∂u
ξ2 , E ∂ξρ

When ξ = ξ1 , E

+ vSϕ = 0,

Sρϕ = 0

When ξ =

+ vSϕ = Pk cos kϕ, Sρϕ = 0

(12)

where, P0 is the k-order normal load coefficient, k is the coefficient of series term.
Especially when k = 0, the boundary load is a constant.
According to the eigenfunctions Eqs. (10) and (11) of the block operators A and
−A∗ , the special solution of the equation satisfying the non-homogeneous boundary
conditions Eq. (12) can be written as


⎧
ũρ = Pk A1 eλ1 ξ + A2 eλ2 ξ + A3 eλ3 ξ + A4 eλ4 ξ cos kϕ
⎪
⎪
⎪
⎪
⎨ ũϕ = Pk B1 eλ1 ξ + B2 eλ2 ξ + B3 eλ3 ξ + B4 eλ4 ξ  sin kϕ
(13)


⎪ S̃ρϕ = Pk C1 eλ1 ξ + C2 eλ2 ξ + C3 eλ3 ξ + C4 eλ4 ξ sin kϕ
⎪
⎪
⎪


⎩
S̃ϕ = Pk D1 eλ1 ξ + D2 eλ2 ξ + D3 eλ3 ξ + D4 eλ4 ξ cos kϕ
where Ai , Bi , C i and Di are undetermined coefficients.
These constants in the above formula are not completely independent, they should
also satisfy equation Eq. (3). Based on the relationship between these constants, the
quartic equation of the eigenvalue λ and the coefficient k of the series term can be
derived.



2
(14)
λ4 − 2 k 2 + 1 λ2 + k 2 − 1 = 0
Solve the equation and get
λ1,2 = ±(k + 1); λ3,4 = ±(k − 1)

(15)

Thus, the specific expression of the special solution is determined under k-order
normal outward load. Then the specific values of undetermined coefficients Ai , Bi , C i
and Di are determined accosrding to the boundary condition Eq. (12).
Similarly, the inner side is considered as homogeneous boundary, while the outer
side is only affected by k-order tangential sine boundary load. The specific form is as
follows:
∂uρ
∂ξ
∂u
ξ2 , E ∂ξρ

When ξ = ξ1 , E

+ vSϕ = 0, Sρϕ = 0

When ξ =

+ vSϕ = 0, Sρϕ = Tk sin kϕ

(16)

where, T0 is the k-order tangential load coefficient, k is the coefficient of series term.
By the same method, a special solution of the equation that satisfies the boundary
condition Eq. (16) can be calculated. Finally, according to the principle of linear elastic
superposition, the theoretical solution which satisfies the complex boundary condition
of the original problem can finally be obtained.
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3 Stress Analysis of Multi-layer Thick-Walled Cylinder
3.1 Problem Description
Considering the multi-layer thick-walled cylinder, the inner and outer radii of the i-th
layer are Ri and Ri+1 , respectively, and the material constants are Ei and vi . The stresses
in the x and y directions on the outside of the thick-walled cylinder are σx and σy (as
shown in Fig. 2). The lateral pressure coefficient K0 = σy /σx is defined according to
the stress values in the x and y directions. According to the theory of stress state, the
force on the outside of the structure is transferred to the outermost thick-walled cylinder,
and the stress boundary conditions remain unchanged along the axis of the multi-layer
thick-walled cylinder. In this way, the problem can be simplified as the plane strain
problem.

σy

Rn +1

Rn
R1

q

R2

o

σx

Fig. 2. The plane force diagram of multi-layer thick-walled cylinder

3.2 Boundary Conditions and Continuous Smooth Conditions
The inner and outer boundary conditions of the multi-layer thick-walled cylinder can be
expressed as:when ρ = R1 ,
1
σρ1 (R1 ) = 0, τρϕ
(R1 ) = 0;

(17)
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when ρ = Rn+1 ,
⎧
1 − K0
1 + K0
⎪
σx +
σx cos 2ϕ
⎨ σρn (Rn+1 ) =
2
2
⎪
⎩ τ n (R ) = 1 − K0 σ sin 2ϕ
x
ρϕ n+1
2

(18)

There are usually many constraint modes between layers of multi-layer thick-walled
cylinder, among which two limit modes are smooth contact and tight connection, while
the others are between them. The radial stress and displacement of the interlayer are
continuous with different constraint modes, but the difference is the equilibrium condition between layers. The continuous smooth conditions of the two limit modes are listed
below.
• Smooth interlayer contact
When ρ = Ri ,i = 2, · · · ,n, the continuous condition is:
# i−1
uρ (Ri ) = uρi (Ri )
σρi−1 (Ri ) = σρi (Ri )

(19)

At the same time, the stress equilibrium condition is:
i−1
i
τρϕ
(Ri ) = τρϕ
(Ri ) = 0

(20)

• Tight interlayer connection
The continuity condition between layers is the same as formula (19). The equilibrium
condition of stress and displacement between layers is as follows:
# i−1
uϕ (Ri ) = uϕi (Ri )
(21)
i−1
i
τρϕ
(Ri ) = τρϕ
(Ri )
According to formula (13), the general solution of displacement and stress of thickwalled cylinder of each layer can be written:
⎧


⎪
uρi = Ai1 eλ1 ξ + Ai2 eλ2 ξ + Ai3 eλ3 ξ + Ai4 eλ4 ξ cos kϕ
⎪


⎪ i
⎨
uϕ = B1i eλ1 ξ + B2i eλ2 ξ + B3i eλ3 ξ + B4i eλ4 ξ sin kϕ


(22)
i = C i eλ1 ξ + C i eλ2 ξ + C i eλ3 ξ + C i eλ4 ξ sin kϕ
⎪
Sρϕ
⎪
1
2
3
4


⎪
⎩ S = Di eλ1 ξ + Di eλ2 ξ + Di eλ3 ξ + Di eλ4 ξ cos kϕ
ϕi
1
2
3
4
Where, the relationship between undetermined coefficients of each layer is
⎧
%
$
⎪
(1 − vλi )(1 + λi ) − k 2 i
⎪
i
⎪
Aj =
Cj
⎪
⎪
⎪
Ekλ2i
⎪
⎪


⎨
λ3i + λ2i + vk 2 − 1 λi + k 2 − 1 i j = 1, 2, 3, 4
i
Bj =
Cj
⎪
⎪
Ek 2 λ2i
⎪
⎪
⎪
⎪
⎪
⎪ D i = 1 + λi C i
⎩
j
j
k
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According to the statistical data, the undetermined coefficients of multi-layer thickwalled cylinder are 4n in total, and the continuous smooth conditions between layers are
4 × (n − 1) equations, plus the 4 equations of the inner and outer boundary conditions,
a total of 4n linear equations, from which all 4n undetermined coefficients can be calculated. By substituting the solved undetermined coefficients into formula (22), the stress
and displacement fields of thick-walled cylinder of each layer can be calculated.
3.3 Example
The following parameters are selected for analysis and discussion of the calculation
example: the radius of double-layer thick-walled cylinder from inside to outside is R1 =
3 m, R2 = 4 m and R3 = 5 m respectively. The outside of the thick-walled cylinder
is subjected to σx = 7 MPa and the lateral pressure coefficient is taken as K0 = 0.6.
The elastic modulus of the inner and outer layers are taken as 2E1 = E2 = 40 GPa
respectively. Poisson’s ratio is the same, take v1 = v2 = 0.25. According to the symmetry
of the force on the multi-layer thick-walled cylinder, only a quarter model is taken for
study, that is, θ ∈ [0°, 90°]. There are two kinds of constraint modes between thickwalled cylinder: 1. Smooth interlayer contact, i.e. zero shear stress between layers; 2.
Tight interlayer connection. The effects of two kinds of constraint modes on the stress
and displacement fields of multi-layer thick-walled cylinder are compared.
5

5

4

4

3

3

2

2

1

1

0
0

1

2

3

Smooth interlayer contact

4

5

0
0

1

2

3

Tight interlayer connection

4

5

Fig. 3. Radial displacement uρ nephogram with different interlayer constraint modes (unit: m)

Figures 3, Fig. 4, Fig. 5, Fig. 6 and Fig. 7 describe the nephogram of stress and
displacement field under two different interlayer constraint modes. It can be seen from
the comparison that the distribution patterns of radial displacement uρ and radial stress σρ
under two different interlayer constraints are basically the same, and smooth contact will
cause the radial displacement value to be larger. However, the two constraint modes have
great influence on the circumpolar displacement uϕ , the circumpolar stress σϕ and the
shear stress τρϕ . The distribution of nephogram under different constraints is completely
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4

5

Fig. 4. Circumferential displacement uθ nephogram with different interlayer constraint modes
(unit: m)
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3

4

Tight interlayer connection

5

Fig. 5. Radial stress σρ nephogram with different interlayer constraint modes (Unit: MPa)

different. The thick-walled cylinder with smooth interlayer contact is bounded by layers,
and the inner and outer layers nephogram are distributed independently with similar
distribution rules; while for the thick-walled cylinder with tight interlayer connection, the
inner and outer nephogram are obviously continuous distribution. In terms of numerical
value, the extreme value of stress and displacement under tight interlayer connection is
smaller than that under smooth interlayer contact. Comprehensive analysis shows that the
tight interlayer connection of multi-layer thick-walled cylinder increases the interlayer
constrained force, the deformation is more coordinated, and the anti-deformation ability
of thick-walled cylinder is improved. The overall mechanical properties are better than
that of the thick-walled cylinder with smooth interlayer contact.
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Fig. 6. Circumferential stress σϕ nephogram with different interlayer constraint modes (Unit:
MPa)
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Fig. 7. Shear stress τρϕ nephogram with different interlayer constraint modes (Unit: MPa)

3.4 Analysis of Influencing Factors
The influences of elastic modulus E, lateral pressure coefficient K0 and other factors on
the stress field distribution of thick-walled cylinder are discussed below. Because the
mechanical properties of the tight interlayer connection of multi-layer cylinder are better
than the smooth interlayer contact, only the tight interlayer connection of multi-layer
thick-walled cylinder is considered. See the above example for other calculation parameters. In order to better study the relative relationship between the stress components of
thick-walled cylinders and the influencing factors, and to obtain the general rule, each
stress component is firstly dimensionless. The dimensionless values σρ /σx , σϕ /σx and
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τρϕ /σx are defined, and the relationship between the dimensionless stress values and
the elastic modulus ratio of the inner and outer cylinders E1 /E2 (0.1 ~ 10) and the lateral pressure coefficient K0 (0 ~ 1) are analyzed. The variation rule of each stress field
along the circumference direction of the cylinder and along the thickness direction of
the cylinder is discussed.
• Influence of elastic modulus ratio
The calculation model takes the lateral pressure coefficient K0 = 0.6, and the elastic
modulus ratio E1 /E2 of the inner and outer cylinders varies between (0.1 ~ 10). By
comparing the nephogram of each stress component in the above example, it can be seen
that the circumferential stress value is much larger than other stress components, and
the extreme value of circumferential stress appears on the inner and outer circumference
of the cylinder respectively. Therefore, the following focuses on the distribution of
circumferential stress σϕ along the inner and outer sides of the two-layer cylinder.
5
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3

3
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1
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3.5
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4.5

Fig. 8. Variation of σ ϕ /σ x along the cylinder
thickness 0° direction

0
3

3.5

4

4.5

Fig. 9. Variation of σ ϕ /σ x along the cylinder
thickness 30° direction

Figure 8, Fig. 9, Fig. 10 and Fig. 11 respectively describes the variation rule of
circumferential stress σϕ /σx along different directions of the cylinder thickness with
different elastic modulus ratio. It can be seen from the figure that when E1 = E2 , the
circumferential stress is discontinuous at the interface of thick-walled cylinder, which
is caused by boundary conditions; only when E1 = E2 , the circumferential stress is
continuous at the interface of thick-walled cylinder. The closer the elastic modulus ratio
E1 /E2 approaches 1, the smaller the difference of circumferential stress on both sides of
the cylinder interface is; otherwise, the greater the difference is. The closer the ratio of
elastic modulus E to 1, the smaller the difference of circumferential stress on both sides
of the cylinder interface is, and vice versa. It can also be seen that when the direction
angle is relatively small, the circumferential stress is an increasing function along the
thickness of the cylinder, that is, for the same layer of cylinder, the stress of the outer
cylinder is greater than that of the inner cylinder, and the stress extreme occurs in the
outer cylinder. When the direction angle is relatively large, the circumferential stress is
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Fig. 10. Variation of σ ϕ /σ x along the
cylinder thickness 60° direction
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Fig. 11. Variation of σ ϕ /σ x along the
cylinder thickness 90° direction

a decreasing function along the thickness of the cylinder, and the stress extreme occurs
in the inner cylinder.
• Influence of lateral pressure coefficient K0
The calculation model takes the elastic modulus ratio E1 /E2 = 0.5 of the inner
and outer cylinders, and the lateral pressure coefficient K0 varies between (0 ~ 1). The
distribution of circumferential stress ratio σϕ /σx along the thickness direction of thick
wall cylinder is discussed.
K0=0

K0=0.1

K0=0.7

K0=0.3

K0=0.9

K0=0.5

K0=0

K0=1

8

4

6

3

4

K0=0.1

K0=0.7

K0=0.3

K0=0.9

K0=0.5

K0=1

2

2

1

0

0

-2
-4
3

3.5

4

4.5

Fig. 12. Variation of σ ϕ /σ x along the
cylinder thickness 0° direction
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Fig. 13. Variation of σ ϕ /σ x along the cylinder
thickness 30° direction
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Fig. 14. Variation of σ ϕ /σ x along the
cylinder thickness 60° direction
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Fig. 15. Variation of σ ϕ /σ x along the
cylinder thickness 90° direction

Figure 12, Fig. 13, Fig. 14 and Fig. 15 respectively describes the variation rule
of circumferential stress σϕ /σx along different directions of the cylinder thickness with
different lateral pressure coefficients. It can be seen from the figures that (1) The circumferential stress is discontinuous at the interface of the multi-layer thick-walled cylinder.
(2) When the direction angle is relatively small, there is an intersection point of circumferential stress in the outer cylinder corresponding to different lateral pressure coefficient
K0 ; while when the direction angle is relatively large, the intersection point of the circumferential stress appears in the inner cylinder. (3) When the direction angle and the
lateral pressure coefficient K0 are relatively small, the inside circumferential stress of
the inner cylinder will be negative, while the outer cylinder will not be negative; when
the direction angle is relatively large and the lateral pressure coefficient K0 is relatively
small, the negative circumferential stress value will appear on the outside of the outer
cylinder. (4) In the 0° direction, there is a minimum value of circumferential stress inside
the inner cylinder; there is a maximum value of circumferential stress outside the outer
cylinder. In the 90° direction, there is a maximum value of circumferential stress inside
the inner cylinder; there is a minimum value of circumferential stress outside the outer
cylinder.

4 Conclusion
• The analytical expressions of displacement field and stress field of multi-layer thickwalled cylinder are derived by symplectic method of Hamiltonian mechanics.
• For the multi-layer thick-walled cylinder, the mechanical properties of tight interlayer
connection are better than that of smooth interlayer contact. The circumferential stress
component is much larger than other stress components, which is the main cause of
structural failure.
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• In the multi-layer thick-walled cylinder, as the ratio of inner and outer elastic modulus increases, the circumferential stress value of the inner layer cylinder gradually
increases, while the circumferential stress value of the outer layer cylinder gradually
decreases. It reflects that the softer the cylinder material is, the smaller the stress value
is, and the harder the cylinder material is, the greater the stress value is. The extreme
value of circumferential stress tends to appear in the cylinder region with larger elastic
modulus.
• In the multi-layer thick-walled cylinder, when the lateral pressure coefficient
approaches 1, the circumferential stress in the inner and outer layers changes gently and the numerical range becomes narrower. When the lateral pressure coefficient
approaches 0, the change of the inner and outer layers circumferential stress is steeper
and the numerical range is wider.
These conclusions provide specific theoretical guidance and technical support for
solving the mechanical problems of multi-layer thick-walled cylinder.
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Abstract. In order to ensure the normal operation of the traffic under the bridge,
reasonable calculation methods and construction techniques should be adopted
for the construction of the newly added railway station. This paper establishes a
structural calculation finite element model to calculate and analyze the various
construction stages of the steel beam incremental launching construction of the
newly-added Gaoping station on the Yichuang-Wanzhou Railway, and systematically study the mechanical properties of the steel beam in the process. The results
show that: (1) The deflection of each rod can meet the requirements of the railway
bridge steel structure construction specification. However, when the length of the
front cantilever of the steel beam reaches 11.4 m, the maximum deflection of the
upper and lower chord bars is close to the limit. (2) The load-bearing capacity of
each member of the steel beam meets the requirements, which indicates that the
structural design of the steel beam and the incremental launching construction plan
are reasonable. (3) In view of the complexity and uncertainty of the incremental
launching construction process, real-time monitoring of the construction process
is required, and the beam should be dropped in time when abnormal conditions
occur to ensure the safe operation of the existing line.
Keywords: Newly added station · Incremental launching construction · Steel
beam structure · Finite element · Mechanical properties

1 Introduction
Along with the demand of socio-economic and transportation development, the bridge
construction technology has also been developed tremendously [1–5]. And a common
construction methods called incremental launching has received wide attention from
© The Author(s) 2022
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scholars. Lou Song et al. analyzed the mechanical behavior of large tonnage steel truss
beam during step incremental launching and sliding construction based on MIDAS Civil
software modeling [6]; Zhou Jianting et al. proposed a construction control method for
incremental launching of large span rail steel box laminated beam bridge in the context of
the north bank approach bridge of Nanjimen rail special bridge [7]; Liu Junhua used finite
element method to study the facility construction method and incremental launching
safety analysis method of a large span arch beam combination system bridge incremental
launching construction [8]; Based on the law of lateral deflection of steel channel beam
tangential incremental launching, Yang Zengquan proposed the construction process
of steel channel beam step incremental launching without temporary pier and pier side
support in the middle [9]; Shi Xiaoye et al. proposed a guide beam strengthening scheme
with double rows of longitudinal stiffening ribs by analyzing the local instability and
buckling deformation characteristics of the guide beam [10].
In this paper, a structural computational finite element model is established to calculate and analyze each construction stage of steel beam incremental launching construction by taking the newly added flyover at Gaoping station on Yichuang-Wanzhou
Railway as a relying project, and calculating the steel beam displacement and stress
respectively to verify the safety of steel beam structure during incremental launching
construction.

2 Project Overview
Gaoping station is a new station on the Yichuang-Wanzhou Railway, which is one of
the main skeleton of China’s “eight vertical and eight horizontal” high-speed railroad
network, with up to 96 high-speed trains running every day. In order to reduce the
impact on the operation of existing lines and ensure the safety of the entire construction
process, the best construction method of the station flyover is incremental launching
method [11–13].
The bridge is equipped with 4 sets of step incremental launching equipment with
longitudinal center spacing of 12.6 + 14.4 + 12.8 + 7.9 + 5.5 m and transverse center
spacing of 9 m. The steel beam push can be divided into three stages. The first stage is to
assemble a 27 m steel beam, and then push 6 m integrally to the end of the steel beam to
reach the top D7 and D8 of the walker; the second stage is to continue to assemble a 6 m
steel beam. Then push it integrally for 10 m; the third stage is to continue to assemble the
remaining 10.075 m steel beam, push it 9.6 m integrally until the steel beam is pushed
to the design position.

3 Finite Element Modeling
3.1 Calculation Parameters
The steel used for the steel beam of the flyover at Gaoping station includes Q345qD and
Q235. The allowable stress for compression and bending of Q345qD steel is 250 MPa,
and the allowable stress for shear is 140 MPa; the allowable stress for compression and
bending of Q235 steel is 170 MPa, and the allowable shear stress is 100 MPa [14].
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3.2 Calculation Load
• Self-weight of steel beam
Taking into account the self-weight of steel beams, detailed structures such as
bridge decks, diaphragms and stiffeners are not included in the finite element model.
Therefore, the self-weight coefficient is increased to balance the gravity of the detailed
structure, and the self-weight coefficient is taken as 1.37.
• Self-weight of incremental launching temporary piers
The self-weight of the temporary pier support and the assembled support is automatically loaded by the program. Taking into account that the welds and stiff plates
are not included in the model, the self-weight coefficient is taken as 1.2.
• Lncremental launching horizontal force
Horizontal loads in the transverse and longitudinal directions are applied to the
top of the temporary piers, and the load is taken as 5% of the reaction force of the
vertical fulcrum.
• Construction load
Consider the construction load of 2.0 kN/m2 on the working platform on the top
of the temporary pier.
3.3 Calculation Conditions
The temporary piers supporting the steel beam structure at different positions during
the entire incremental launching construction process will change accordingly, and the
whole process will be divided into 17 working conditions (calculated once every 2 m of
incremental launching). The reaction force of temporary pier support, steel beam deflection and stress are calculated under each working condition. The calculation models
at different stages are shown in Figs. 1, 2 and 3, and the description of the controlled
working conditions and the length of the front and rear cantilever during the pushing
process of the steel beam are shown in Table 1.

Fig. 1. The first stage.

Fig. 2. The second stage.
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Fig. 3. The third stage.
Table 1. Controlled construction steps.
Working condition Front cantilever (m) Rear cantilever (m) Description
1

1.4

5

Assemble 27 m-long steel
beam sections

2

3.4

3

Push the assembled steel beam
forward integrally by 2 m

3

5.4

1

Continue to push the
assembled steel beams forward
integrally for 2 m

4

7.4

6.7

Continue to push the
assembled steel beams forward
integrally for 2 m

5

7.4

5

Continue to assemble steel
beam sections for 6 m

6

9.4

3

Push the assembled steel beam
forward integrally by 2 m

7

11.4

1

Push the assembled steel beam
forward integrally by 2 m

8

13.4

6.7

Push the assembled steel beam
forward integrally by 2 m

9

14.4

5.7

Push the assembled steel beam
forward integrally by 1 m

10

0

5.7

The front end of the steel beam
is put on the top D1 and D2

11

3

2.7

Push the assembled steel beam
forward integrally by 3 m

12

3

5

Continue to assemble the
remaining 10.075 m steel
beam section

13

5

3

Push the assembled steel beam
forward integrally by 2 m

14

7

1

Push the assembled steel beam
forward integrally by 2 m
(continued)
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Table 1. (continued)

Working condition Front cantilever (m) Rear cantilever (m) Description
15

9

6.7

Push the assembled steel beam
forward integrally by 2 m

16

11

4.7

Push the assembled steel beam
forward integrally by 2 m

17

13

2.7

Push the assembled steel beam
forward integrally by 2 m

4 Calculation and Analysis of Steel Beam Pushing Process
4.1 Steel Beam Displacement Calculation
The maximum displacement of each member of the steel beam under various controlled
construction conditions is shown in Fig. 4. The deflection of the lower chord (LC) and
the upper chord (UC) refers to the vertical displacement, and the web member deflection
(WM) refers to the horizontal displacement.
10
5

LC
UC
WM

Displacement(mm)

0
-5
-10
-15
-20
-25
-30

1 2 3 4 5 6 7 8 9 10 11 12 13 14 15 16 17
Working condition

Fig. 4. Maximum deflection of incremental launching steel beam member under various
controlled construction conditions.

It can be seen from Fig. 4 that under different working conditions, the maximum
deflection of the upper chord and the lower chord of the steel beam are basically the same,
and both are greater than the deflection of the web. The maximum deflection of each
member appears in working condition 7 (the front cantilever length is 11.4 m). At this
time, the maximum vertical deflection of the lower chord is −27.4 mm, the maximum
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vertical deflection of the upper chord is −27.5 mm, and the maximum horizontal deflection of the web member is −2.5 mm. Figure 5 shows the displacement cloud picture for
working condition 7.

Fig. 5. Steel beam deflection cloud map for working condition 7.

According to “Steel Structure Design Standard”, the allowable value of deflection
for working condition 7 is 28.5 mm [15]. From the above analysis, it can be seen that
although the deflection of each member can meet the requirements of the railway bridge
steel structure construction code, the maximum deflection of the upper chord and the
lower chord is close to the limit value, indicating that the steel beam structure has made
full use of some chords’ flexural stiffness.
4.2 Steel Beam Stress Calculation
Figure 6 shows the maximum normal stress of the upper chord (UC), lower chord (LC),
vertical web member (VWM), and inclind web member (IWM) of steel beams under
various controlled construction conditions.
As can be seen from the above figure, the maximum value of the normal stress appears
in the upper chord during the whole process of the steel beam incremental launching
construction. The phenomenon is particularly significant in working condition 7 and
working condition 16. The maximum normal stress of the lower chords of the steel beam
appears in the working condition 7, which is 107.9 MPa. The maximum normal stress
of the upper chords and the vertical web members both appear in the working condition
16, which are 52.4 MPa and 65.7 MPa, respectively. And the maximum normal stress of
the inclind web members appears in the working condition 17, which is 54.2 MPa. The
steel used in the steel beam is marked with Q235, whose allowable stress is 250 MPa.
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Fig. 6. Maximum normal stress of incremental launching steel beam member under various
controlled construction conditions.

Therefore, the load-bearing capacity of each member of the steel beam can meet the
requirements during the incremental launching process, and the structure is safe and
controllable.

5 Conclusion
Basing on the above researches, conclusions and suggestionscan be drawn as follows:
(1) In the whole process of steel beam incremental launching construction, the deflection
of each member can meet the requirements of the railway bridge steel structure construction code. But when the length of the front cantilever of the steel beam reaches 11.4 m
(working condition 7), the maximum deflection of the upper chord and the lower chord
is close to the limit. (2) During the construction of the steel beam incremental launching,
the load-bearing capacity of each member of the steel beam meets the requirements. It
shows that the design of steel flyover structure and the design of the incremental launching construction plan are reasonable, and the structure of the incremental launching
process is safe and controllable. (3) In view of the complexity and uncertainty of the
incremental launching construction process, real-time monitoring of the construction
process is required, and the beam should be dropped in time when abnormal conditions
occur to ensure the safe operation of the existing line under the bridge.
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Abstract. The fabricated foundation can be prefabricated in the factory, so it
is easy to control the size, weight and quality of components, and it’s easy to
transport since the size is controllable. The operation links such as on-site concrete
pouring and maintenance, on-site formwork and steel bar binding are omitted, the
opening time of foundation pit is reduced, and the construction time is greatly
shortened. In this paper, two different types of concrete block fabricated foundation
(Foundation-A and Foundation-B) are designed. The foundation is divided into
concrete blocks one by one, which are connected by bolts and steel plates on
site. In order to study the connection performance and bearing capacity of the
two types of foundation, the in-situ test and the numerical simulation analysis
of fabricated foundations is carried out. The research shows that both foundation
types can meet the requirements of bearing capacity, but Foundation-B is better
than Foundation-A in bearing performance, integrity, processing difficulty and
construction difficulty.
Keywords: Fabricated foundation · Concrete block · Bearing capacity

1 Instruction
The fabricated foundation has strong social and economic benefits in transmission line
projects with severe natural conditions such as high altitude, lack of water, difficult sand
and gravel collection, long transportation distance or urgent time limit [1–3]. Therefore, further research on fabricated foundation has important practical and engineering
significance. Since the 1960s, scholars have studied the bearing mechanism of aeolian
sand foundation by indoor model test, numerical analysis and field test, and deduced the
theoretical calculation formula of ultimate bearing capacity [4–9]. The ultimate bearing
capacity of foundation is influenced by the geometric dimension of foundation, buried
depth and ground overload [10, 11]. Liu [12] studied the bearing mechanism of straight
column extended bottom foundation on eolian sand foundation under uplift load based
on field tests. Qian [13] carried out field test research on inclined column extended foundation of aeolian sand foundation under the combined load of uplift horizontal force. Lu
© The Author(s) 2022
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[14] conducted a compressive test on the prefabricated concrete assembled foundation of
Qinghai-Tibet AC750 kV/DC ±400 kV frozen soil power grid interconnection project.
Under compression load, the displacement of the ring flange connecting the column, the
bottom slab, and the joint seam of the two consolidated bottom slabs conformed with
that of the top plane of the foundation. The displacement and the stress of the different
connected parts redistributed until the new balance developed. As a result, the different connected parts of the precast concrete assembly foundation co-operated to carry
the compression load. The joint working performance of foundation components under
external load is the key and difficult point of design, as well as an important guarantee
for the safety and stability of foundation. At present, there are few relevant specifications
and experience at home and abroad [15–17]. Compression Behavior on Precast Concrete
Assembly Spread Foundation for Qinghai-Tibet AC/DC Grid Interconnection Project.

2 Model Design
In this paper, two types of fabricated foundation are designed, including Foundation-A
and Foundation-B, both are formed by concrete blocks of different sizes. The two types
of foundation are shown in Fig. 1.

(a) Foundation-A

(b) Foundation-B

Fig. 1. Structure diagram of concrete block fabricated foundation
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Foundation-A is composed of special-shaped concrete blocks, and the concrete
blocks are overlapped into a Z-shape. Foundation-B adopts laminated type, and the two
layers of concrete blocks are staggered and tower overlapped with each other to form
the whole foundation. The overall structure of the two foundation types is similar to the
spread foundation with two steps, with a buried depth of 3.5 m, a bottom plate width of 3
m, and a square section with side length of 1 m in the middle column. In order to increase
concrete area at the junction of the upper and lower layers of special-shaped blocks of
Foundation-A, the step of Foundation-A is narrower than that of Foundation-B(The step
of Foundation-A is 400 mm wide and 300 mm high, and the step of Foundation-B is 600
mm wide and 300 mm high).
The in-situ test is adopted in this research. The test foundation is prefabricated
according to the above sizes. Uplift and compression static load test shall be conducted
for Foundation-A and Foundation-B respectively.

3 In Situ Test
In this test, two kinds of in-situ static load tests of foundations were carried out, including
two test conditions of uplift and compression. In the uplift test, it can be observed that
a circular soil failure surface is formed around the foundation, as shown in Fig. 2. After
the test, dig out the foundation was digged out to observe the foundation connection, as
shown in Fig. 3.

˄a˅Foundation-A

˄b˅Foundation-B
Fig. 2. Failure surface of uplift test

From the uplift failure mode of the test, it can be seen that the failure of FoundationA and Foundation-B is mainly due to the shear failure of the soil. While observing the
connection of the test foundation, it can be seen that the concrete blocks and connections
are not damaged, which means that the two types of foundation structures can meet the
requirements of bearing capacity. The load-displacement curve of two foundations is
shown in Fig. 4.
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Fig. 3. Connection of foundation
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Fig. 4. Load-displacement curve

The test results show that the bearing performance of Foundation-B is better than
that of Foundation-A. In the in-situ test, displacement rods (Fig. 5, composed of steel
bars welded on the upper surface of the foundation, the steel bars extend vertically out
of the soil surface, and the steel bars and the soil are separated by PVC tubes. During
the test, the displacement of the foundation at this position can be known by putting
the displacement monitoring on top of the steel bar extended out of the surface). The
displacement rods are respectively set at the four corners of two concrete steps, It is
used to measure the displacement of each step in the test. The displacement of the
displacement rods is shown in Fig. 6. In the figure, the displacement of the top of the
foundation is measured by the sensor at the top of the foundation, the displacement
of the upper step and the lower step are measured by the displacement rods, and the
displacement rods is the average value of the displacement of the upper and lower steps.
It can be seen from the displacement rods:
(1) From the data of the compression load test, the displacement difference between
two steps of Foundation-A is less than that of Foundation-B. In terms of mechanical
structure, Foundation-A is a special-shaped structure, and the upper and lower steps
belong to the same concrete block, so the displacement difference is less than that of
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Displacement rods
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Fig. 5. Load-displacement curve
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1000

1200

1400

268

H. Liu et al.

Foundation-B. However, the displacement difference between the top and the lower
part of Foundation-A is larger than Foundation-B, indicating that the connection
between the surrounding concrete blocks and the middle column of Foundation-A
is weak under the compression load, the punch-resistant capability is weak under
the compression load. Therefore, the connection performance of Foundation-B is
better than that of Foundation-A.
(2) From the perspective of uplift condition, the displacement dispersion of each position of Foundation-A is significantly greater than that of Foundation-B. The structural analysis of two types of foundation shows that the bolts is mainly sheared
during the uplift of Foundation-A, the upper step of concrete block is tensioned
under the action of the bolts. Meanwhile, the bolts is mainly tensioned during the
uplift test due to the stacking structure of Foundation-B and the concrete block has
obvious compression effect under the action of bolts. The tensile performance of
bolts is better than the shear performance, while the compressive performance of
concrete is better than the tensile performance. Therefore, the overall mechanical
performance of Foundation-B is better than that of Foundation-A.
(3) According to the above analysis, the mechanical performance of Foundation-B is
better than that of Foundation-A under both compression and uplift load tests. It
is also found that the difficulty of formwork and construction of Foundation-B are
less than that of Foundation-A, so the structural form of Foundation-B is better than
that of Foundation-A.

4 Numerical Simulation
The calculation model of the foundation is divided into two steps, the first step is the
global finite element model, which includes the foundation and nearby foundation soil.
The joint reaction force of the contact surface between foundation and soil can be
obtained according to the whole finite element model. The second step is the substructure element model, the foundation substructure model includes the concrete block of the
foundation, the connecting bolt between the blocks and the equivalent connecting key.
During the calculation, the reaction force of the foundation boundary node calculated by
the global finite element model in the first step is applied as the input, and the force of
the connecting bolt and the equivalent connecting key is calculated. The finite element
model is shown in the Fig. 7.
The global finite element model adopts Solid185 element, with a total of 576875
nodes and 565104 elements. Materials are divided into soil and concrete. Concrete has
a calculated density of 2400 kg/m3 and an elastic modulus of 28 GPa, while soil has a
calculated density of 1600 kg/m3 and an elastic modulus of 200 MPa. Friction contact
(TARGE170 element and CONTA174 element) was adopted for the foundation and
foundation, and the friction coefficient was set as 0.5.
As shown in the Fig. 8, the Foundation-A substructure model adopts solid185 element
(concrete) and Link180 element (simulating bolt and steel plate). The model consists
of 65,674 nodes and 65,148 units. The Foundation-B consists of 67,263 nodes and
62,920 units. Friction contact was adopted between the blocks (TARGE170 element and
CONTA174 element), and the friction coefficient was set as 0.5.
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Fig. 7. Finite element model (overall foundation model)

Fig. 8. Finite element model (Foundation)

According to the calculation results, the stress of Foundation-A is smaller under the
upward drawing condition and larger under the downward pressing condition. In order
to maintain the stability of the foundation under the uplift condition, the stress should
be greater than 0. Therefore, the uplift load that Foundation-A can bear is smaller. With
the same foundation bearing capacity, Foundation-A can bear a smaller down load.
Therefore, from the perspective of foundation bearing capacity, Foundation-B is a better
choice.
Foundation-A is connected by 32 vertical bolts, Foundation-B is connected by 12
vertical bolts for layer 1 flange, and 128 bolts for layer 2 flange. Table 1 shows the
maximum tension of vertical bolts and the corresponding bolt specifications. It can be
seen from the table that the vertical connecting bolt is most dangerous for Foundation-A
under the action of downward pressure, and the vertical connecting bolt is most dangerous
for Foundation-B under the condition of upward pulling. According to the calculation
of the corresponding bolt area based on the maximum bolt axial force, it can be seen
that the vertical bolt of the 1st floor flange of Foundation-B has the highest dimension
requirement, and M27 bolt is required at least. This is because the total number of bolts
is small and the bending moment caused by transverse load is greatly affected under the
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pulling up condition. However, there are more bolts in the second layer, so the stress of
the single bolt is smaller.
Table 1. Bearing capacity of Bolts
Foundation

Foundation-A

Foundation-B

Vertical bolt

Flange bolt

Vertical bolt

Uplift

3.36 kN

72.6 kN

13.6 kN

Compression

28.2 kN

4.38 kN

2.90 kN

Bolt area

177 mm2

454 mm2

85 mm2

Bolt specification

M18 and above

M2 and above

M14 and above

Link element is used for equivalent simulation of the steel plate. The sum of the
axial forces of two adjacent LINK elements is the force of the steel plate. For the upper
connecting steel plate, the steel plate is pulled under the pulling condition. For the lower
side connecting steel plate, the steel plate is pulled under the lower pressing condition.
Table 2 shows the maximum tensile stress of the connecting key, the corresponding
specification of the connecting bolt and the thickness of the steel plate. The thickness
of the steel plate is calculated according to the minimum bolt size. When the bolt size
is larger, the thickness of the steel plate can be reduced appropriately, so the calculation
results in the table are more safe and conservative. As can be seen from the table, although
the steel plate in Foundation-B is subjected to Foundation-A larger tension, the bolt area
and the corresponding steel plate thickness obtained in Foundation-B are smaller because
the number of stressed bolts in basic scheme B is twice that in Foundation-A on the same
steel plate.
Table 2. Bearing capacity of Connector
Foundation

Foundation-A

Foundation-B

Upper steel plate
(uplift)

Lower steel plate
(compression)

Upper steel plate
(uplift)

Lower steel plate
(compression)

Maximum
tension

38.9 kN

28.9 kN

66.6 kN

36.2 kN

Bolt area

122 mm2

90 mm2

104 mm2

57 mm2

Bolt
specification

M16 and above

M14 and above

M16 and above

M12 and above

Steel plate
thickness

8.6 mm

7.4 mm

7.4 mm

5.5 mm
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5 Conclusion
In this paper, two types of fabricated foundation are designed. The connection performance and bearing capacity of the two types of foundation are verified by in-situ test,
and the test results are analyzed by numerical simulation.
(1) No structural failure occurred in the two foundation in the test. The failure of two
foundations is mainly due to the shear failure of the soil. Both types of foundation
can meet the requirements of bearing capacity.
(2) The structural form of Foundation-B is superior to Foundation-A, considering
bearing performance, integrity, processing difficulty and construction difficulty.
(3) The conclusion of in-situ test is also verified by numerical simulation analysis.
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Abstract. Pavement cracks are difficult to monitor and quantify due to their complex texture and easy to be disturbed by noise and illumination. To solve this problem, a road crack monitoring and quantification method based on vehicle video
is proposed. First, a method for extracting morphological features of dynamic
road cracks is proposed. Combine automated vehicle-mounted equipment with
GPS signals to obtain crack images with location information. Then, a calculation
algorithm of crack parameters based on the combination of UK scanning grid and
projection method is proposed, which uses the reverse engineering principle of perspective transformation to correct the image and divides the entire image into grid
blocks. Finally, based on the analysis of different crack grades, the crack distress
evaluation method is improved. The experimental results show that the proposed
method has strong reliability and adaptability and achieves high-frequency and
wide-range road detection.
Keywords: Pavement cracks · Video image detection · Feature extraction ·
Crack quantification

1 Introduction
Crack detection technology is becoming more and more mature, providing a lot of technical support for pavement maintenance. Scholars from all over the world have gradually
developed a variety of pavement detection system based on intelligent detection technology [1], designed the double connectivity detection of pavement crack detection
algorithm [2], image measurement method of asphalt pavement damage [3]. Asphalt
pavement crack detection based on mathematical morphology [4] based on Prim pavement crack connection algorithm of minimum spanning tree [5]. The processing algorithm in HARRIS pavement damage detection system will be affected by environmental
factors. Therefore, the elements of a sidewalk automatic measurement and 3D methods,
based on 3D data of pavement crack detection algorithm [6, 7] is proposed.
The crack images are easily influenced by texture features and there’s a lot of noise
[8], so the next step is to filter the image, this method is often combined with neural
network classifier, for distress image segmentation [9]. For early pavement management
and repair, the circular Radon transform RGB camera image is used to propose a set
of better road infrastructure evaluation indicators [10]. When using cameras and deep
© The Author(s) 2022
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learning networks for crack detection, there is a problem of insufficient filtering of the
road background. In order to improve the detection efficiency as a whole, a lightweight
Tiny-Darknet is combined with YOLOv3, and open VINO is used for model optimization
and reasoning to accelerate the detection of road cracks. But this method slows down
the number of frames detected on the video image [11].
Traditional detection methods are time-consuming, while pavement detection vehicles are expensive [12]. In this paper, the improved UK scanner method divides video
frame image into grid block, which can not only calculate the number of cracks, but
also calculate the critical rate of cracks, and increase the accuracy of crack detection and
statistics.

2 Crack Image Acquisition and Feature Extraction
Perform image extraction and a series of image processing on the road video, and then
correct the image and remove duplicate parts. The process of crack image acquisition
and feature extraction is shown in the Fig. 1.

Fig. 1. The process of crack image acquisition and feature extraction.

2.1 Image Acquisition
A video data acquisition system is designed to collect images of pavement cracks, including a lightweight waterproof high-resolution GARMIN motion camera and a vehicle.
Set a specific angle and height to the camera fixed on the vehicle to ensure complete
collection of road images. Use GPS locator to record the longitude, latitude, altitude
and time of the vehicle during the video capture process. The camera acquires 20 to
40 frames per second. According to the principle of dynamic photography, a four-point
calibration method is used to calibrate the detection area of the road video frame image.
2.2 Feature Extraction
This paper uses the region growth algorithm to further process the image. First, enhancing
non-scale filtering and adaptive threshold segmentation, the contour of the crack is
obtained. However, this contour is not a complete crack but a part of the real crack.
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Fig. 2. Crack growth algorithm implementation flow based on region growth.

Second, calculate the complete crack size according to the extracting cracks image
features. The crack growth algorithm based on regional growth is shown in Fig. 2.
The traditional region growth algorithm can only grow adjacent pixels. If a crack is
not a seed point and is not adjacent to other crack seeds, these cracks cannot be detected.
The proposed crack growth algorithm optimizes the traditional region growth algorithm,
which the search scope is extended to the n*n region. The condition is that the absolute
difference between pixel values is less than or equal to the threshold K. Experiments are
carried out based on the optimization region of n*n region convolution. Let n be 3, 5, 7,
9, 11, 13, 15, 17, 19, 21, 23, 25, 27, 29, 31. The threshold K is set from 1 to 50. After
comparative analysis, when n = 15, K = 15, the effect is best.
2.3 Frame Correction and the Overlapping Part Removal
When acquiring video frame image of road surface, the detection area in the image is
irregular quadrilateral due to the difference in Angle of view and acquisition distance.
It leads to the errors of different pixel points corresponding to the actual coordinate
system values, which directly affects the calculation accuracy of geometric parameters
of crack distress. Therefore, the image detection area shown in Fig. 3(a) needs to be
corrected by reverse-engineering method of perspective transformation to restore to the
real rectangular road surface image shown in Fig. 3(b). Then, by using the image crack
feature extraction algorithm given in Sect. 2.2, the obtained binary image is shown in
Fig. 3(c).
There is inevitable overlap between the two frames in the detection area. By analyzing
the longitude, latitude, altitude and time information recorded every second, the method
of removing overlap in the detection area is shown in Fig. 4.
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(a) Original image.

(b) Crack extraction.

Fig. 3. Crack feature extraction.

Fig. 4. Remove overlap schematic diagram.

Figure 4 shows only the first frame image can be fully used, and the actual length
of pavement cracks in other frame images can be calculated according to Eq. (1). L1 is
the total length of road surface, l is the corresponding length of road surface in the first
video frame image, and N is the number of frames.
len =

L1 − l
N −1

(1)

3 Crack Image Distress Parameters Calculation and Assessment
The geometrical parameters of crack include crack area, crack length and crack width.
As long as the grids are small enough, the grids can be approximately regarded as
external rectangles of cracks. For each sub-block crack image, the image is scanned. If
there is crack pixel, the sub-block is marked as a crack region sub-block. Otherwise, the
sub-block will be not marked.
Set the initial pixel area of the crack Ax = 0 and scan each pixel in the sub-block
from left to right from top to bottom. If the pixel is a crack, increase the pixel area,
Ax = Ax + 1. If the pixel is the background, continue to scan the next pixel point until
all the pixels in the sub-block are scanned, and the pixel area of the sub-block can be
obtained. According to the actual length and width of each pixel, the actual area of each
pixel can be calculated. The crack area in this sub-block A can be obtained by multiplying
the number of pixels Ax .
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Initially set the length and width of crack projection Tc = 0, Tk = 0. Scan each
column pixel in the sub-block from left to right. If a column pixel contains crack pixels,
the projection width will increase, that is Tk = Tk + 1, otherwise no operation will be
carried out and continue to scan the next column pixel until all the columns are scanned,
then the projection width of crack Tk can be obtained. Similarly, scan each row pixel in
the sub-block from top to bottom to calculate the projection length T c .
The camera correction information for each pixel is calculated based on the actual
length and width. Projection length T c and projection width T k become an actual length
L c and an actual width L k . Since the sub-blocks of the whole pavement are small, the
crack length can be approximated according to the Pythagorean theorem, as shown in
Eq. (2).

L = L2c + L2k
(2)
The crack width can be approximately divided by the actual crack area by the actual
length.
The UK Scanner pavement crack damage assessment method is shown in Fig. 5.
The left picture is the original pavement image, and the right picture is the crack map
measured after grid division.

Fig. 5. UK Scanner pavement crack damage assessment schematic.

The UK scanner method divides the pavement crack grade into three categories:
light, medium and heavy. Different grades of cracks are different in the evaluation of
pavement condition. The measurement method of DMI (distress measurement index)
for relevant research and evaluation is shown in Eq. (3).
DMI =

1 ∗ N1 + 2 ∗ N2 + 3 ∗ N3
(1 + 2 + 3) ∗ N

(3)

In Eq. (3), N1 is the number of light crack distresses, N2 is the number of medium
crack distresses, N3 is the number of heavy crack distresses, N is the total number of
cracks, and 1, 2, 3 are the specified coefficients of cracks of different grades.
The crack width standard is k1 mm, k2 mm, where k1 ≤ k2 , the crack width D ≤ k1 is
the light crack, the crack width k1 < D ≤ k2 is the medium crack, the crack width D > k2
is heavy cracks. Calculation of the pavement condition index (DMI): The different grades
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of cracks have different degrees of distress to the pavement. Set the light crack coefficient
as, the medium crack coefficient as kM , and the heavy crack coefficient as kL . Calculate
the test pavement index DMI as shown in Eq. (4), and calculate the pavement distress
index. The crack data is processed, classified, calculated and stored in the database.
DMI =

kS ∗ NS + kM ∗ NM + kL ∗ NL
NS + NM + NL

(4)

4 Test Results Analysis
In order to test the accuracy of crack feature extraction algorithm, 20 image samples
were extracted from different video samples collected, and two methods were used for
processing. 1) The grid was divided with 15*6 (pixel) as the side length, and introduce
‘N1 ’ as the pseudo-ground truth. 2) The image is detected by crack feature extraction
algorithm. The grid is divided into 15*6 (pixel) edges, and the number N2 of the grid
containing cracks is counted in the background of the system. The relative error calculation formula obtained by comparing the detection results of the two methods is shown
in Eq. (5). The statistical results are shown in Table 1.
δ=

|N1 −N2 |
N1

× 100%

(5)

Table 1. Statistical table of cracks relative errors.
Sample number

N1

N2

δ(%)

1

1344

1032

23.21

2

2683

1879

29.97

3

461

613

32.97

…

…

…

…

19

639

872

36.46

20

1893

1259

33.49

average

/

/

31.57

The average relative error of the 20 samples is 31.57%, and the error between the
manual detection value and the system extraction value is analyzed as follows: N1 > N2
means that the grid containing cracks has not been detected, and N1 < N2 means that
many interferences have been mistakenly identified as cracks, such as water and shadows.
As the upper half of the perspective image has less image information than the lower
half, the incomplete and missing part of the corrected image leads to blurring, which
affects the detection results.
The length of the segment taken from the collection video is 4 25 52 s, and the
detection distance is 6213 m. All cracks were divided into three degrees according to
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the principle that the crack width less than 3 mm was considered as mild crack, the
crack width between 3 and 6 mm was considered as moderate crack, and the crack width
greater than 6 mm was considered as severe crack.
The number of crack grids, the total number of crack grids, the total number of grids
and the percentage of crack grids in each interval are respectively counted. The test
data are counted every 1000 m, and the number of crack grids with different damage
degrees in each interval is analyzed and compared, as shown in Fig. 6. The blue part is
the number of mild crack grids, the orange part is the number of moderate crack grids,
and the gray part is the number of severe crack grids.

Fig. 6. Crack level grid number statistics.

The actual damage degree of crack distress in test sections is shown in Fig. 7. It can
be seen that the distress degree of the measured section is the most serious in the range
of 3000–4000 m.

Fig. 7. Pavement distress assessment distribution.

5 Conclusions
This paper proposes methods to solve the problem of crack feature extraction and parameter quantification in video. The main conclusions can be summarized in the following
two aspects:
1) The image is segmented using automatic thresholds, and non-crack interferences are
filtered according to the area and crack morphological characteristics. The traditional
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area growth algorithm is improved to solve the problem of the algorithm’s inability
to grow across areas and identify the characteristics of cracks.
2) A crack quantification method based on the combination of UK Scanner grid method
and projection method is proposed. Count the crack information of all grid sub-blocks
and use the improved UK Scanner pavement crack damage evaluation method to
evaluate the detected road.
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Abstract. Perpetual pavement has become an important research field of highway
development in China. Reasonable selection of pavement structure and ensuring
the durability of the structure are one of the necessary measures to build perpetual
pavements. The inverted asphalt pavement structure can not only provide high
strength and good bearing capacity of semi-rigid base, but also make use of the
graded crushed stones for restraining the reflection cracks of semi-rigid base.
This paper presented a study on three pavement structures are, namely, a semirigid asphalt pavement and two inverted asphalt pavements. The performances of
the three pavement structures after one million loading repetition are obtained.
Taking rutting depth, deflection and dynamic response as evaluation indexes, the
feasibility of inverted asphalt pavement structure as perpetual pavement structure is
evaluated. It is found that the composite asphalt pavement structure with permeable
asphalt mixture of large particle size as base and cement stabilized macadam as
subbase has the best performance as perpetual pavement.
Keywords: Composite asphalt pavement structure · Accelerated pavement test ·
Rut · Subgrade settlement · Dynamic response

1 Introduction
Perpetual asphalt pavement is one of the hotspots in the field of highway development in
China. Semi-rigid base or flexible base structure is usually used in perpetual pavement
in China. The pavement structure with flexible material between asphalt layer and semirigid subbase is called inverted asphalt pavement structure [1]. Semi-rigid base has high
stiffness and stress diffusion capacity, but its bottom is prone to produce temperature
shrinkage cracks and dry shrinkage cracks when the temperature and humidity of the
surrounding environment changes. Such cracks may gradually develop into bottom-up
reflection cracks on the surface, which leads to the cracking of the pavement [2–4].
The inverted structure not only has the advantages of high strength and good bearing
© The Author(s) 2022
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capacity of semi-rigid base, but also has the advantages that the flexible base can reduce
the reflective crack [5, 6]. The lower layer of graded broken stone can bear the vertical
load from the top to the bottom of the road surface and dissipate the strain energy from
the bottom to the upper cement stabilized macadam base, and it can also make full use
of the characteristics of the high compressive strength and low tensile strength of graded
macadam base to reduce the damage of pavement structure caused by water erosion and
overloading of semi-rigid materials [7].
Researchers in the United States, Australia, South Africa and other countries found
that flexible interlayer can significantly reduce the asphalt pavement structure in the
use of structural reflection cracks [8]. However, the mix of composite structures varies
from country to country. The flexible interlayer of composite pavement structures in
South Africa is usually 15 cm of graded or asphalt stabilized macadam, while graded
macadam is commonly used in Australia and France [9]. The composite pavement structure consisting of asphalt stabilized macadam base course and granular subbase or cement
stabilized subbase course is usually adopted in Japanese highways [10]. Since the modulus of the flexible interlayer of graded macadam is smaller than that of water-stabilized
macadam, the stress transmitted by the base of water-stabilized macadam can be reduced,
the inverted base asphalt pavement structure can give full play to the graded macadam
base of the mechanical characteristics and drainage characteristics, so that the pavement
structure has good durability [11].
According to the summary, the inverted structure with graded crushed stone flexible
interlayer is rarely used at home and abroad. Moreover, most foreign studies are aimed
at the composite pavement formed by paving asphalt mixture layer on cement concrete pavement, and there is a lack of research on cement stabilized macadam subbase.
Through material design and accelerated loading test, this paper systematically compares and studies the performance differences between two kinds of Inverted Asphalt
Pavement and semi-rigid asphalt pavement. Lay the foundation for the inverted asphalt
pavement structure to be used as a perpetual pavement.

2 Pavement Structure and Material Design
2.1 Pavement Structure
According to the perpetual asphalt pavement structure in Hebei province and the perpetual pavement structure in Shandong Binda Expressway, three pavement structures are
selected. In order to study the durability of composite base course, the control variable
method was used. That is, the surface layer and the roadbed structure are consistent, but
the roadbed is different. The base of Structure A is Large Stone Porous asphalt Mixes
(LSPM) and cement stabilized macadam. The base of structure B is graded crushed stone
and cement stabilized crushed stone. The base of structure C is two layers of cement
stabilized macadam. Structure A and structure B were the experimental group, and the
structure C was the control group. The structure is shown in Table 1.
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Table 1. The structural forms in the accelerated pavement test section.

Structural
layer

A Structural form

B Structural form

C Structural form

Thickness

Materials

Thickness

Materials

Thickness

Materials

Surface

4 cm

SMA-13

4 cm

SMA-13

4 cm

SMA-13

Middle
course

8 cm

AC-16C

8 cm

AC-16C

8 cm

AC-16C

Lower
layer

10 cm

AC-20C

10 cm

AC-20C

10 cm

AC-20C

Base

18 cm

Unbound
aggregate

18 cm

LSPM-25

18 cm

Cement
stabilized
macadam

Subbase

20 cm

Cement
stabilized
macadam

20 cm

Cement
stabilized
macadam

20 cm

Cement
stabilized
macadam

Subgrade

Cement stabilized soil
Situ subgrade

2.2 Materials Design
2.2.1 Mixture
SBS modifier/crumb rubber composite modified asphalt (SRA) was used as binder for
asphalt mixture. To ensure the rationality of gradation design, the maximum nominal
size of gradation increases from the surface layer down. The grading is shown in Table 2.
In addition, the performance of the four kinds of asphalt mixture was studied. As shown
in Table 3. The process of splitting strength test are shown in Fig. 1.
Table 2. Mix proportion of asphalt mixtures.
Passing rate of sieve
(%)

Size (mm)
31.5 26.5 19.0 16.0

13.2 9.5

Gradation SMA-13

100

100

100

97.7 59.6 24.5 20.8 18.2 15.2 13.4 12.2 8.9

AC-16C

100

100

100

95.8 88.1 76.8 55.6 31.1 22.8 15.1 11.1

8.7 7.1

AC-20C

100

100

97.3

86.9 77.3 58.3 35.0 26.0 20.1 14.6

8.5

6.2 3.9

58.6 40.7 29.7 18.0 10.4

3.1

2.1 1.2

LSPM-25 100

94.7 68.7

100

4.75 2.36 1.18 0.60 0.30 0.15 0.075

7.5

4.6

As can be seen from Table 3, SMA-13 has the best high temperature stability and low
temperature stability among all asphalt mixtures. And its dynamic modulus is 9777 MPa,
which shows that its ability of resisting traffic load is the strongest. This also meets the
functional requirements of SMA-13 as an anti-wear layer. However, according to the
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Fig. 1. The process of splitting strength test.

Table 3. The performance of asphalt mixture.
Test projects

Unit

SMA-13 AC-16C AC-20C LSPM-25

Asphalt saturation

%

73.2

72.4

67.9

70.7

Marshall stability

kN

12.02

14.39

13.37

13.54

Flow value

mm

2.4

3.0

3.6

3.3

Loss of kentucky flying test

%

4.4

3.1

3.4

4.78

Loss of immersion kentucky flying test %

5.92

5.1

5.0

7.6

Tensile strength ratio

%

94.7

90.2

86.4

82.8

Marshall remnant stability

%

85.7

89.0

85.6

77.3

60 °C Rutting dynamic stability

Times/mm 8777

8521

8646

7893

−10 °C Bending strain

με

2318

2241

2316

1932

Fatigue life (10 °C, 10 Hz, 400 με)

Times

397571

504970

481560

253759

fatigue test data, the fatigue life of SMA-13 is lower than AC-16C and AC-20C, but higher
than LSPM-25. This is due to the discontinuous gradation of SMA-13 and its larger void
ratio will reduce the bond strength between coarse aggregates, which reduces its fatigue
life.
In summary, through the experimental verification, we can conclude that the asphalt
mixture used in the test road has good road performance.
2.2.2 Unbound Aggregate
Unbound aggregate is a mixture of aggregates of different sizes obtained by gradation
design. Graded macadam obtains its load-bearing capacity through the force between
its internal aggregates. Mixture gradation was shown in Table 4. Although the graded
macadam base can prevent the reflection crack very well, but its bearing capacity is
usually less than that of asphalt or cement stabilized base. In order to enhance the shear
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strength and rutting resistance of graded broken stone, 1‰ polypropylene fiber was
added to the mixture. The properties of graded broken stone are shown in Table 5.
Table 4. Mix proportion of unbound aggregate.
Passing
rate of
sieve (%)

Size (mm)
31.5

26.5 19.0 16.0 13.2 9.5

4.75 2.36 1.18 0.6 0.3 0.15 0.075

Gradation 100.0 98.1 77.2 69.0 60.7 47.7 35.9 23.5 14.7 9.1 5.9 3.6

2.7

Table 5. The performance of aggregate.
Test projects

Unit

Results
No fiber

Adding fiber

Optimum moisture content

%

4.9

5.6

Maximum dry density

g/cm3

2.327

2.333

Standard CBR test

%

280.6

330.4

Immersion CBR test

%

230.4

275.7

Unconfined compressive strength

MPa

1.7

2.1

Sheer strength

kPa

991

1354

Splitting strength

kPa

15.1

18.7

By comparing the performance of graded broken stone with and without fiber, we
can see that the performance of graded broken stone with fiber is greatly improved. The
standard CBR value is increased by 17.75%, and the flooding CBR value is increased
by 19.66%. The most remarkable thing is that the shear strength and splitting strength
of graded broken stone increased by 36.63% and 23.84% respectively after adding fiber.
This shows that its ability to resist wheel load is greatly improved.
2.2.3 Cement Stabilized Macadam
In order to obtain the best bearing capacity of cement-stabilized macadam, the influence
of different cement-based binders on the performance of cement-stabilized macadam was
studied during the design of cement-stabilized macadam. Three binders, 5% Portland
cement, 5% super sulphur cement and 2% steel slag powder + 3% Portland cement,
were compared in this test. The gradation and properties of cement stabilized macadam
are shown in Tables 6 and 7. The process of splitting strength test are shown in Fig. 2.
From Table 7, it can be seen that the unconfined compression strength of supersulphur cement stabilized macadam is the highest at 7 days, reaching 6.11 MPa under the
same curing condition. Its 14 days splitting strength is 1.21 MPa. The results show that it
has reached the design requirements of the intensity of the base of the expressway and the
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Table 6. Mix proportion of cement stabilized macadam.
Passing
rate of
sieve (%)

Size (mm)
31.5

26.5 19.0 16.0 13.2 9.5

4.75 2.36 1.18 0.6

0.3 0.15 0.075

Gradation 100.0 97.8 83.5 72.9 62.7 54.6 30.7 24.5 17.6 12.0 9.3 7.4

6.0

Fig. 2. The process of splitting strength test.

Table 7. The performance of cement stabilized macadam.
Test projects

Unit

Results
5%portland cement

5% super sulfated
cement

2% steel slag
powder + 3%
portland cement

Optimum moisture
content

%

5.7

5.2

6.1

7d unconfined
compressive strength

MPa

3.73

6.11

1.98

14d splitting strength

MPa

0.45

1.25

0.27

28d plitting strength

MPa

0.49

1.33

0.31

14d flexural-tensile
strength

MPa

0.73

1.97

0.41
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first-class highway under the extremely heavy traffic condition. The compressive strength
of steel slag powder + Portland cement stabilized macadam is the lowest in 7 days, which
is only 1.98 MPa. Its 14 days cleavage strength is also the lowest, only 0.27 MPa. When
the curing period reached 28 days, the unconfined compressive strength of three kinds of
cement stabilized macadam increased obviously. Among them, the unconfined compressive strength of super-sulfur cement stabilized macadam increased most significantly,
reaching 10.73 MPa. However, compared with the unconfined compressive strength, the
indirect tensile strength of three kinds of cement stabilized macadam did not increase
obviously.
Super sulfated cement was selected as binder for cement stabilized macadam.

3 Experimental Design and Data Collection Scheme
3.1 Experimental Design
In this research, based on the above research on the structure and materials, a test road
of perpetual asphalt pavement was built with an effective loading length of 12 m. Three
kinds of pavement structures were tested by linear accelerated loading test equipment,
as shown in Fig. 2. The test parameters are: axle load 100 kN and tire pressure 0.7 MPa.
In addition, a constant temperature control device is used to control the test temperature
at 25 °C. At the same time, through the sensors embedded in the test road in advance,
the road surface ruts, deflections, the settlement of the subgrade, and the longitudinal
and transverse tensile strain at the bottom of surface course and base course were monitored and studied for different loading amounts. The test road and accelerated loading
equipment as shown in Figs. 3 and 4 shows the embedding position and mark number
of each sensor.

Fig. 3. The test road and accelerated loading equipment.
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Fig. 4. Layout of sensor embedding position.

3.2 Data Collection Scheme
3.2.1 Rut Cross Section
The rutting was caused by the road surface deformation under the action of different
amounts of axle loading. The durability of the different structures could be obtained by
studying the change law of the rutting section for different load times amounts. In this
experiment, a three-dimensional laser section instrument was used to scan the rutting
sections for different amounts of axle loading. Each structure needed to collect five
groups of sections, and after processing, the average value was taken as the rutting depth
of each structure.
3.2.2 Deflection
In this experiment, a Falling Weight Deflectometer (FWD) was used to measure the
deflection of the road surface under different amounts of axle loading. The deflection data
of each structure were measured three points, and the deflection data of each measuring
point were measured three times. The average value of three measured points was taken
as the deflection data of the structure.
3.2.3 Strain
Tensile strain is an important index to control pavement cracking. In order to measure the
tensile strain of the base and the surface layer, the transverse strain sensor, the longitudinal
strain sensor and the vertical strain sensor are embedded. Firstly, the dynamic response
of three kinds of asphalt pavement under different axle load is studied. The dynamic
response of the road surface under the action of 80 kN, 100 kN and 120 kN is measured
by the acceleration loading equipment. Secondly, the dynamic response of asphalt layer
under different loading times is studied. It is an important data to reflect the internal
fatigue failure of pavement structure and to judge the service condition of pavement
structure under the action of axle load.
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4 Results and Analysis
4.1 Rut Cross Section
Figure 5 presents the results of the rutting depth data of the three structures after different
loading amounts.
Structure A
Structure B
Structure C

Rut depth (mm)

50
40
30
20
10
0
0

100000

200000

300000

400000

500000

600000

700000

800000

900000 1000000

The amounts of the accelerated loading test

Fig. 5. Rut depth curve.

As can be seen from Fig. 5, the rutting depth curves of structure a and structure B
are quite similar. Among them, the rutting depth of structure a increases evenly from 0
to 500,000 times and slows down from 500,000 to 800,000 times. But it began to grow
rapidly after 800000 times. The rutting depth of C structure increases relatively slowly.
The B structure is between the A and C structures. This is because the base of structure
A and B structure is flexible, and the aggregate is further compressed and compacted by
the wheel load at the early stage, which leads to the increase of rut depth. At this stage,
the cement-stabilized macadam subbase is still in the state of cementation. This stage
corresponds to the load number of 0 to 500000 times. At the end of the first stage, the
cement stabilized macadam subbase with C structure will be broken gradually under the
action of axle load. This is the transition phase, which corresponds to 500000 to 800000
times. After 800000 times, the cement stabilized macadam subbase of the C structure
is treated as an equivalent granular state, leading to a further increase in rutting depth.
However, the strength of B structure base is much higher than that of graded crushed
stone. Therefore, the duration of the first phase is greater than that of the A structure.
After one million times, the rutting depth of three pavement structures: structure A >
structure B > structure C. In the composite structure, the rutting resistance of structure
B is better than that of structure A.
4.2 Deflection
Figure 6 presents the results of the deflection test data after different loading amounts.
According to the curve chart of the deflection value change in Fig. 6, the deflection
value of structure A was the largest, followed by the values of structure B, and the value of
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Fig. 6. Road surface deflection value change rule graph.

structure C was the smallest. In other words, the deflection value of the composite asphalt
pavement with base layer of LSPM was generally lower than that of the composite asphalt
pavement with base layer of unbound aggregate, but both were larger than the deflection
value of the semi-rigid asphalt pavement. This showed that the bearing capacity of semirigid asphalt pavement is better than that of the composite asphalt pavement. In addition,
in the composite asphalt pavement, the bearing capacity of LSPM base was better than
that of the unbound aggregate base.
4.3 Dynamic Response of Pavement Structure Under Different Axle Load
In order to study the dynamic response of the three pavement structures under different
axle loads, the axle loads of 80 kN, 100 kN and 120 kN are adopted. The applied loading
speed is 22 km/h. The strain-time curves of the three structures under different axial
loads are shown in Figs. 7, 8, 9, 10, 11, 12, 13, 14 and 15.

Fig. 7. Transverse (left) and longitudinal (right) flexural strains of surface layer of A structure at
different loading times.

It can be seen that the strain in the pavement structure increases with the increase of
axle load and there is obvious correlation between them. And the shape of the strain curve
is related to the material properties of the structure and the depth of the monitoring point.
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Fig. 8. Transverse (left) and longitudinal (right) flexural strains of middle course of A structure
at different loading times.

Fig. 9. Transverse (left) and longitudinal (right) flexural strains of lower layer of A structure at
different loading times.

Fig. 10. Transverse (left) and longitudinal (right) flexural strains of surface layer of B structure
at different loading times.
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Fig. 11. Transverse (left) and longitudinal (right) flexural strains of middle course of B structure
at different loading times.

Fig. 12. Transverse (left) and longitudinal (right) flexural strains of lower layer of B structure at
different loading times.

Fig. 13. Transverse (left) and longitudinal (right) flexural strains of surface layer of C structure
at different loading times.
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Fig. 14. Transverse (left) and longitudinal (right) flexural strains of middle course of C structure
at different loading times.

Fig. 15. Transverse (left) and longitudinal (right) flexural strains of lower layer of C structure at
different loading times.

In the case of A structure, when the axial load is increased from 80 kN to 100 kN, the
longitudinal and transverse tensile strains of the upper layer increase by 33.3% and 62%
respectively. In addition, the transverse strain of the three structures is more sensitive to
load magnitude than the longitudinal strain. This may imply that this asphalt pavement
structure under heavy load may be sensitive to longitudinal cracks.
In structure C, the bearing capacity is strong because the base is made of semi-rigid
materials. It is shown in the strain diagram that the strain of the lower layer of structure
C is the smallest, indicating that its bending deformation is the smallest. It is found that
the transverse and longitudinal strains of structure B are smaller than those of structure
A. This is because the base of structure B using LSPM, has a stronger load-bearing
capacity than graded crushed stone materials. The maximum transverse tensile strain of
structure A and structure B appears in the lower layer, and the maximum longitudinal
tensile strain appears in the middle layer.
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4.4 Dynamic Response of Pavement Structure Under Different Loading Times
Figures 16 and 17 show how the longitudinal and transverse flexural tensile strains in
the three asphalt layers vary with loading times.

Fig. 16. Transverse bending strain at the bottom of asphalt layer at different loading times.
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Fig. 17. Longitudinal bending strain at the bottom of asphalt layer at different loading times.

The longitudinal flexural-tensile strain of the three pavement structures is smaller
than that of the transverse flexural-tensile strain at different loading times. In the course
of the test, the strain value of the three pavement structures fluctuates up and down, which
is mainly caused by the temperature change of the pavement layer during the loading.
However, the bending and tensile strains of the three structures show a decreasing trend.
Among them, the transverse and longitudinal flexural tensile strains appear at the bottom
of the asphalt layer of structure C is the largest. This shows that the bottom of structure
C asphalt layer is easy to incur Buttom-Up crack extending from bottom to top. In the
inverted asphalt pavement structure, the bending strain of structure B is less than that of
semi-rigid structure, but its changing trend is similar to that of structure C. However, the
bending strain at the bottom of A structure asphalt does not increase during the loading.
This indicates that the fatigue cracking resistance of structure A is the strongest. That
is to say, the bending and tensile strain at the bottom of asphalt layer can be reduced
obviously by setting graded broken stone base.
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5 Results and Analysis
Through material design and accelerated loading test, this paper studies the performance
of composite asphalt pavement structure and its feasibility as a perpetual pavement
structure. The following conclusions are obtained:
(1) Through the study on the properties of graded broken stone, it is considered that the
bearing capacity, wheel load resistance and rutting resistance of graded broken stone
with fiber are improved. The rutting resistance increases the most. This material can
greatly improve the performance and service life of composite asphalt pavement.
In addition, the bearing capacity of cement stabilized macadam can be improved
by using super sulfate cement.
(2) In three kinds of pavement structure, semi-rigid asphalt pavement has strong
mechanical advantages. The inverted asphalt pavement with graded crushed stone
base is the worst. The rutting resistance of semi-rigid asphalt pavement is better
than that of composite asphalt pavement. In the composite structure, the rutting
resistance of composite pavement with LSPM base is better than that with graded
macadam base. Of the three pavement structures, structure A is the most prone
to fatigue cracks. The pavement performance of structure C is still very good after
loading one million times, and there is no structure fatigue phenomenon. This shows
that improving the modulus of flexible base can improve the bearing capacity and
rutting resistance of composite asphalt pavement.
(3) The transverse flexural-tensile strain of the three pavement structures is more sensitive to axle load than longitudinal flexural-tensile strain. And semi-rigid asphalt
pavement is more sensitive to the load. The inverted asphalt pavement structure
with graded macadam base is more adaptable to load, and its sensitivity to load
is much less than semi-rigid asphalt pavement. This shows that graded macadam
base can play the role of diffusion stress, can effectively extend the service life of
pavement.
(4) By comparing the loading test results, it is concluded that the bearing capacity
and rutting resistance of structure B are stronger than that of structure A. Its stress
change is more similar to that of semi-rigid asphalt pavement. It can also restrain
the reflective crack to a certain extent. Therefore, it is recommended to use LSPM
base compound asphalt pavement structure for perpetual pavement.
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Abstract. In order to explore the regularity of alignment and stress variation of
long-span corrugated steel web (CSW) continuous beam bridge during cantilever
casting construction was taken as the engineering background. Based on numerical
simulation, the sensitivity of parameters of alignment and stress of the main beam is
carried out on cast-in-place section weight, modulus of elasticity and temperature
gradient. The results show that the obvious influence of cast-in-situ section weight
and temperature gradient on the alignment and stress is the key control parameters,
while modulus of elasticity is the secondary control parameters. Therefore, it is
necessary to monitor concrete dense and environmental temperature change in real
time during construction, closure at a suitable temperature. Correct construction
errors in time, ensure structural safety and smooth alignment.
Keywords: Corrugated steel web · Parameter sensitivity · Cantilever casting
construction · Deflection · Stress

1 Introduction
With the continuous growth of China’s economy, new materials and new technologies
are also emerging. CSW replace concrete webs to form a new type of bridge structure,
which has been widely used in China [1]. Since France built the world’s first highway
bridge with CSW-Cognac bridge, it have been deeply studied and developed because of
their unique “accordion effect” [2], small axial stiffness, reduced constraints on the roof
and floor, improved prestress efficiency, less cracks in the webs, great shear performance
[3], good energy dissipation capacity and seismic performance [4]. However, there are
many errors in the cantilever casting construction of long-span CSW bridge, and there
are errors between the actual construction state and the design theoretical state. In order
to reduce the influence of error, the parameter sensitivity of CSW has been studied. It is
analyzed that the main beam quality, concrete elastic modulus, prestress loss, shrinkage
and creep are linear sensitivity parameters [5]. It is recognized that concrete density,
elastic modulus and prestress loss are the main parameters of linear control, and temporary load is the secondary parameter [6]. The least square method is used to identify the
parameters, combined with the grey system theory to predict the construction deflection
© The Author(s) 2022
G. Feng (Ed.): ICCE 2021, LNCE 213, pp. 298–305, 2022.
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error, compare it with the measured value, and the feedback is timely corrected, so as to
form an adaptive control [7]. The influence of temperature difference and temperature
gradient on bridge deformation is studied by numerical simulation and actual measurement. The error between the measured value and the calculated value of the model is
used to identify and correct the design parameters and guide the subsequent construction
[8].
At present, the parameter sensitivity research of long-span CSW bridge mostly
focuses on the main beam alignment at the completion stage, and there is a lack of sensitivity research on the construction process and main beam stress. This paper mainly
analyzes the parameter sensitivity of the alignment and stress in the maximum cantilever stage and the completion stage, monitors the changes of stress and alignment,
and corrects the deviation in time to ensure that the main beam reaches the ideal design
state.

2 Project Overview
A bridge has a total length of 319.0 m, crosses the river valley, with a span of 83 m +
153 m + 83 m. It is a three span PC composite continuous box girder bridge with CSW.
The design standard is a two-way four lane expressway, the design reference period is
100 years, Fig. 1 show general layout of bridge.

Fig. 1. General layout of bridge (unit: m).

The upper structure of the bridge is single box single chamber variable section CSW
box girder, the roof and floor are made of C50 concrete, the width of the roof is 13.1 m,
the length of the cantilever on both sides is 3.3 m, the thickness of the roof is 0.3 m, the
thickness of the cantilever plate end is 0.2 m, the width of the floor is 6.5 m, and the
thickness of the floor is 0.3 m~1.1 m. The height of the fulcrum is 8.8 m, the height of
the side span end and the middle beam are 3.5 m. The thickness of the box girder floor
varies from the fulcrum to the middle of the span according to a parabola of 1.8 times,
Fig. 2 show standard transverse section.
Figure 3 show dimension drawing of CSW. The type of CSWs used in the experiment
is the BCSW-1600. The length of the flat subpanel and the horizontal projected length of
the inclined are 430 mm and 370 mm, a height of 220 mm and the thickness is 10~22 mm.
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Fig. 2. Standard transverse section (unit:
m).

Fig. 3. Dimension drawing of CSW (unit: mm).

3 Establishment of Finite Element Model
The bridge adopts Midas civil 2020 finite element software for numerical simulation
calculation. Using the CSW section provided by the software, a total of 84 elements
are established for the main beam. The single-side cantilever had 16 suspension casting
sections with a length of 4.8 m, and the length of middle span and side span closure
section was 3.2 m, adopting the method of side span first and then middle span closure,
Fig. 4 show finite element model of the main bridge.

Fig. 4. Finite element model of the main bridge.

4 Parameter Sensitivity Analysis
In order to reasonably control the alignment and stress and guide the design and construction, parameter sensitivity is vital to the alignment and stress control of the completed
bridge. Therefore, the ±10% variation of the reference value of each parameter is taken
to analyze its influence on the alignment and stress of the main beam, Table 1 show
variation range of each parameter.
4.1 Cast-In-Situ Section Weight
Due to the influence of concrete dense temperature variation, size error of formwork
and other factors during cantilever pouring, the actual weight value of cast-in-place
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Table 1. Reference value and variation interval of design variables.
Design parameters

Reference value

Variation range

Concrete dense (KN/m3 )

2600

[2340, 2860]

Modulus of elasticity (MPa)

34500

[31050, 37950]

Temperature gradient difference (°C)

8.5

[7.65, 9.35]

section always deviates from the theoretical value, resulting in the variation of section
dead weight. Change the concrete dense to simulate the change of section weight, and
monitor the change of main beam alignment and stress.

Fig. 5. Stress variation of main beam in
bridge completion and cantilever stage under
different concrete dense.

Fig. 6. Deflection variation of main beam in
bridge completion and cantilever stage under
different concrete dense.

It can be seen from Figs. 5 and 6 that the variation range of roof and floor stress
is almost the same in the maximum cantilever stage and bridge completion, and the
maximum variation of 0# block is 1.5 Mpa. With the increase of concrete dense the
tensile stress of roof and compressive stress of floor increase. The maximum deflection
variation is 12.5 mm at the quarter point of side span and middle span.
4.2 Modulus of Elasticity
The modulus of elasticity will increase with the pouring age, and the measured value
of the modulus of elasticity is generally greater than the theoretical value after the
completion of the bridge. it directly affects the stiffness of concrete, thus affecting the
alignment and stress of the main beam, so the sensitivity analysis of the change of elastic
modulus should be carried out.
It can be seen from Figs. 7 and 8 that the variation of modulus of elasticity in the
maximum cantilever and bridge completion has no obvious effect on the stress, the
maximum value is 0.33 Mpa, and the change of roof stress is greater than that of the
floor. The maximum deflection in the maximum cantilever and bridge completion is only
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Fig. 7. Stress variation of main beam in
Fig. 8. Deflection variation of main beam in
bridge completion and cantilever stages under bridge completion and cantilever stages under
different modulus of elasticity.
different modulus of elasticity.

5.0 mm, and the modulus of elasticity has little effect on the alignment and stress of the
main beam.
4.3 Temperature Gradient
For the temperature load, seasonal temperature difference load and sunshine temperature
difference load are mainly considered in the construction, but the seasonal temperature
difference load has no obvious influence on the structural stress and deformation. This
paper only studies the influence of temperature gradient change on the alignment and
stress of main beam in the construction and bridge completion.
Table 2. Stress variation of roof and floor of 0# block under different temperature gradient in the
maximum cantilever stage.
Temperature gradient variation Roof stress variation
(unit:Mpa)

Floor stress variation
(unit:Mpa)

+10%

−0.248

−0.013

−10%

0.248

0.013

It can be seen from Table 2 that during the construction process, the cantilever
structure is a static structure, the temperature secondary internal force does not change
significantly, and only slight stress changes are generated in the cantilever 0# block [9].
It can be seen from Figs. 9 and 10 that the change of roof stress is greater than that
of floor stress at bridge completion stage. The stress change of floor stress is within
1.2 Mpa, and the maximum change of roof stress can be up to 5.7 Mpa, the maximum
deflection in the bridge completion stage is 9 mm. The change of temperature gradient
has a significant impact on the stress and alignment of the main beam in the bridge
completion stage.
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Fig. 9. Stress variation of main beam in
bridge completion stage under different
temperature gradient.
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Fig. 10. Deflection variation of main beam in
bridge completion under different modulus of
elasticity.

5 Sensitivity Calculation
There is no clear functional relationship between design parameters and objective parameters, so it is difficult to obtain the analytical solution of objective function accurately. In
order to facilitate parameter analysis and reasonably optimize the alignment and stress
during construction. Parameter sensitivity is introduced to quantify the impact of each
parameter on target parameters [10].
η=

lim

x→yields 0

y/y
x/x

(1)

Where, y is the target control parameter, i.e. stress and deformation in cantilever state
and bridge completion state. x is the design parameter.
According to Formula (1), take ±10% of the change of each parameter to calculate
the sensitivity of it to alignment and stress. The calculation results are shown in the Table
3.
Table 3. Sensitivity of design parameters in bridge completion and maximum cantilever stages.
Design
parameters

Bridge completion
Stress sensitivity
ησ

Maximum cantilever
Deflection
sensitivity ηω

Stress sensitivity
ησ

Deflection
sensitivity ηω

Concrete dense 0.895

0.918

1.150

1.092

Modulus of
elasticity

0.226

0.527

0.026

0.331

Temperature
gradient

1.624

1.479

0.017

0.429

Note: Higher sensitivity value means higher sensitivity of parameters
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It can be seen from Table 3 that the sensitivity of concrete dense and temperature
gradient is strong, and the sensitivity of modulus of elasticity is weak.

6 Conclusion
(1) The concrete dense and temperature gradient have great influence on the alignment
and stress of the main beam, which is the key control parameter, and the elastic modulus has little influence, which is the secondary control parameter. The parameters
of midspan closure section, midspan and side span quarter points and cantilever 0#
blocks vary greatly, so the above positions should be monitored during construction
to ensure that the stress and alignment of the bridge meet the design value.
(2) During construction, real-time monitoring of concrete dense changes, according
to the specification of concrete vibration and formwork. Select the appropriate
temperature to close the bridge, monitor the temperature field and temperature
gradient effect, avoid the structure being affected by the temperature gradient, and
ensure the smoothness of the bridge alignment.
(3) There are abrupt changes in stress and deflection corresponding to parameter
changes at the closure of mid span and side span, which is related to the closure method, closure sequence, age and weight of closure section. There are abrupt
changes in stress and deflection corresponding to parameter changes at the closure
of mid span and side span, which is related to the closure method, closure sequence,
age and weight of closure section.
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Abstract. Fiber reinforced metal laminates (FMLs) are a kind of interlaminar
hybrid composites made of metal sheets and fibers alternately stacked and cured
at a certain pressure and temperature. In this paper, through the simulation of
ABAQUS finite element software and recording the change of projectile velocity,
the energy loss of projectile is calculated and the impact resistance is judged.
Through the comparison of three groups of simulation experimental results, the
energy absorbed by carbon fiber reinforced metal laminate is about 300 times that
of aluminum alloy plate, which fully shows that carbon fiber reinforced metal
composite has excellent impact resistance compared with aluminum alloy. After
adding 1 wt% carbon nanotubes to carbon fiber reinforced metal laminates, the
absorbed energy is about 10 times that of the original, which shows that carbon
nanotubes improve the ultimate yield stress of resin and materials in epoxy resin
and enhance the weakness that the composites are easy to delamination under
impact load.
Keywords: FMLs · Carbon fiber · Finite element · Carbon nanotubes · Impact
load

1 Introduction
Fiber reinforced metal laminates (FMLs) are formed by alternately stacking metal material layers and fiber reinforced composite layers, similar to sandwich structure. Each
material layer is bonded by adhesive under certain temperature and vacuum conditions.
It can show the excellent mechanical properties of fiber composites and metal materials, the high strength, high stiffness and fatigue resistance of carbon fiber reinforced
composites, as well as the high toughness and excellent damage tolerance of metal materials [1–3]. As an excellent modifier and reinforcing material, carbon nanotubes have
attracted extensive attention of scientists all over the world [4, 5]. After adding CNTs,
the performance of FMLs is greatly improved, and the crack resistance, interlaminar
fracture toughness and impact resistance of the matrix are improved [6].
© The Author(s) 2022
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Avila et al. [7] studied the effect of adding nano clay to glass reinforced composites
under low velocity impact. The results show that adding 5 wt% nano clay can increase
the energy absorption by 48%. Khoramishad et al. [8] studied the effect of multi walled
carbon nanotubes on the impact resistance of fiber metal laminates and found that adding
0.5 wt% CNT can improve the impact resistance of fiber metal laminates. Xian Xingjuan
[9] studied the static and fatigue tensile failure characteristics of CFRP (epoxy resin
matrix) composite laminates with 0° and 45° ply without notch and with straight edge
notch through the analysis of a series of test results of 120 groups of specimens. Lin
Xiaohong and others used the finite element analysis software ABAQUS/explicit for
low-speed impact analysis of carbon fiber epoxy resin composites in the 0°/90° paving
direction. The Johnson cook model parameters were used for aluminum alloy, and the
Hashin damage criterion was used for fiber layer to establish the bonding layer element,
analyze the loss of impact energy and observe and analyze the stress distribution diagram.
Therefore, ABAQUS is used to simulate the results of FMLs under high-speed impact,
and to simulate the impact resistance of FMLs with CNTs.

2 Preparation and Testing of Carbon Fiber Reinforced Metal
Laminates Modified by Carbon Nanotubes
2.1 Preparation of Carbon Fiber Reinforced Metal Laminate
The carbon fiber reinforced metal laminate used in the experiment is composed of two
metal plates and a layer of orthogonal carbon fiber woven cloth. The metal aluminum
plates are aluminum alloy 2024-T3 aluminum commonly used in aircraft, with a thickness of about 0.3 mm, and the thickness of orthogonal carbon fiber woven step is about
0.25 mm. E51 epoxy resin is used between layers. CNTs were added to epoxy resin by
ultrasonic method. Finally, the method of autoclave curing is used for molding (Table
1).
Table 1. Shows the material parameters of 2024-T3 aluminum alloy.
Property

Value

Elastic
parameters

E = 70 GPa

μ = 0.3

Yieldsurface
parameters

A = 318 MPa

B = 673 MPa

C = 0.011

n = 0.4822

m=0

Failure
parameters

d1 = 0.112

d2 = 0.123

d3 = 1.5

d4 = 0.007

d5 = 0

Fracture
energy

Gf = 8 kJ/m2

Density

ρ = 2700 kg/m3

ε0 = 1
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2.2 High Speed Impact Test
In order to explore the impact resistance of carbon fiber reinforced metal laminates
modified by carbon nanotubes under high-speed conditions, this experiment mainly
tested the energy absorption of aluminum plate, carbon fiber reinforced metal laminate
and carbon fiber reinforced metal laminate modified by carbon nanotubes with the same
thickness compared with that after complete breakdown of projectile, So as to judge the
impact resistance. The experimental device is mainly composed of launcher, target box
and high-speed photography system. First fix the test piece in the target box, and then
spray the projectile with an air gun at high speed, and then puncture the test piece. Two
high-speed cameras record the velocity of the projectile before and after passing through
the test piece, as shown in Fig. 1.
The basic working principle of the experimental device is to use a high-speed camera
to record the impact velocity VI of the projectile and the residual velocity VR after
passing through the experimental plate. The evaluation criterion of impact resistance is
the kinetic energy loss of projectile in the process of penetration  Ek:
Ek =


1  2
Mp V i − Vr2
2

(1)

In this paper, three groups of test pieces were tested: pure aluminum plate, carbon
fiber reinforced metal laminate without carbon nanotubes and carbon fiber reinforced
metal laminate with 1 wt% carbon nanotubes.

Fig. 1. High speed impact test device.

3 Finite Element Simulation
3.1 Model Establishment and Grid Division
In the simulation, the plate size of the test piece is 60 mm * 60 mm, as shown in
Fig. 2. Orthogonal carbon fiber interlayer bonding property parameters and carbon fiber
aluminum alloy interlayer bonding property parameters are shown in Tables 2 and 3
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respectively. The impact projectile is made of 45# steel, the density is 7.8 g/cm3 , the
elastic modulus is 210 gpa, the radius R is 5 mm and the mass is 4.16 g. Considering that
the number of elements affects the computer computing speed, the approximate global
size of each component is 1. In the load, the contact between the projectile and the target
plate adopts general contact, the contact attribute is tangential contact, normal hard
contact, and the friction coefficient is 0.2. The four sides of the carbon fiber reinforced
composite are completely fixed, the degrees of freedom and rotation of the projectile
in three directions are limited, and the initial velocity in the negative direction of the
x-axis is defined as 200 m/s. The bonding layer is very thin, so it is defined by interlayer
constraints. The modeling process of carbon fiber reinforced metal laminate and carbon
nanotube fiber reinforced metal laminate is exactly the same. The difference is that the
mechanical properties of the bonding layer of carbon fiber reinforced metal laminate
with carbon nanotubes are about 15% higher than those without carbon nanotubes.

Fig. 2. High speed impact finite element model

Table 2. Interlaminar bonding property parameters of orthogonal carbon fiber plates
Parameter

Knn (GPa)

Kss (GPa)

Ktt (GPa)

tn (MPa)

tt (MPa)

ts (MPa)

Parameter value

5.2

3.91

3.91

71

78

78

Table 3. Bonding property parameters between carbon fiber plate and aluminum alloy
Parameter

Knn (GPa)

Kss (GPa)

Ktt (GPa)

tn (MPa)

tt (MPa)

ts (MPa)

Parameter value

3.5

3.5

35

35

39

39

3.2 Simulation Results and Analysis
Figure 3 shows the finite element simulation results of the three kinds of experimental
parts after high-speed impact. It can be seen from the Fig. 3 that the aluminum plate
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has higher shape, smaller bullet holes and more regular edges after impact. Because
of the high brittleness of carbon fiber plate, the damage of high speed impact is great,
and the cracking phenomenon is great. Because of the dual properties of metal and
composite material, the carbon fiber reinforced aluminum alloy composite has better
impact resistance and smaller damage area after high speed impact.

Fig. 3. Stress nephogram of breakdown of different materials under high speed impact (a)
Aluminum plate (b) Carbon fiber composites (c) Carbon fiber reinforced aluminum alloy
composites

Carbon fiber composite material stress and strain contours of each layer are shown
in Fig. 4 below, the carbon fiber orientations can be found on the damage form of
fiber reinforced metal laminates composite materials have great influence, therefore, in
practice, according to the characteristics of different structure optimization design in the
form of different bearing to meet different needs.

Fig. 4. Hashin Criteria for different Angle carbon fiber layer damage cloud (a) 0° (b) 90°

The output speed of the projectile in the simulation process is shown in Fig. 5 below,
and the kinetic energy and energy loss of the three groups of projectile are calculated by
this speed, and the results are shown in Table 4 below:
By comparing the results of three groups of simulation experiments, the energy
absorption of carbon fiber reinforced metal laminates is about 300 times that of aluminum alloy plates, which fully demonstrates that the impact resistance of carbon fiber
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Fig. 5. The velocity curve of the projectile hitting different materials (a) Aluminum plate (b)
Carbon fiber metal laminates (c) Carbon fiber metal laminates modified by carbon nanotubes

Table 4. Projectile velocity change and kinetic energy loss
Group

Al plate

CFMLs

CNTs-CFMLs

Initial velocity (m/s)

10

−200

−200

The residual speed (m/s)

9.83

−197.4

−172

The kinetic energy loss (J)

0.00701

2.14913

21.66528

reinforced metal composites has a great advantage compared with aluminum alloy. However, when 1 wt% carbon nanotubes were added to the carbon fiber reinforced metal
laminates, the absorption energy was about 10 times of the original, indicating that carbon nanotubes increased the ultimate yield stress of the resin and the material in the
epoxy resin, and alleviated the weakness that the composite was easy to delaminate
under impact load.

4 Conclusion
The impact resistance of carbon fiber reinforced metal composites and mechanical properties of carbon nanotube modified carbon fiber epoxy resin matrix were studied, and
the conclusions were as follows:
(1) Compared with traditional aluminum alloy materials, the impact resistance of carbon fiber reinforced metal composites has been greatly improved, but the delamination fracture of bond layer is still the weak part of carbon fiber reinforced metal
composites.
(2) Adding a certain amount of nano-materials into epoxy resin matrix can improve
the impact resistance of composite materials.
(3) The laying Angle of carbon fiber metal laminates has a great influence on the
damage form of high-speed impact. In practical application, composite materials
can be designed according to this characteristic to meet the actual demand.
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Abstract. The dynamic load allowance (DLA) of the bridge structure is an important parameter in the bridge design. In order to study the variation law of displacement DLA and bending moment DLA of continuous girder bridge, taking 2 ×
30 m continuous girder bridge and five-axis vehicles as the research object, the
road roughness was simulated by the trigonometric series approach. With the help
of ANSYS and APDL language, the influence of vehicle speeds, vehicle weights
and road roughness on the displacement DLA and bending moment DLA are studied. The results show that the displacement DLA showed increasing trend with
the increase of vehicle speed, and bending moment DLA showed increasing first
and then decreasing; With the increase of body weight, the displacement DLA and
bending moment DLA show a gradually increasing trend; Displacement DLA and
bending moment DLA do have numerical differences. And the value of the displacement DLA is slightly larger than the value of the bending moment DLA. It
is suggested that the displacement DLA and bending moment DLA should be distinguished in engineering design and dynamic load test. The research conclusion
can provide reference for bridge structure engineering design and dynamic load
test.
Keywords: Bridge engineering · Continuous girder bridge · Vehicle-bridge
interaction · Dynamic load allowance · Time-history curve

1 Introduction
DLA is one of the important aspects of the application research of vehicle bridge coupling
vibration analysis. There are many factors affecting the DLA of bridges, and the stress
mechanism is very complex, so it has attracted more and more attention of researchers.
The DLA of the bridge structure was first a model test conducted by British and
French engineers in 1844 to study the dynamic performance and bridge carrying capacity
of the vehicle-bridge system. Many experts and scholars have done a lot of studies from
many aspects: G G.Stokes [1], K.P.Chatterjee [2], V Kolousek [3] analyzed the coupling
response of the bridge under the moving load, and derive the vehicle-bridge coupling
© The Author(s) 2022
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vibration equation of the vehicle load when the vehicle load passes through the bridge
structure; Song Yifan [4] found that the road roughness of bridge deck is the most
significant factor affecting the dynamic action of vehicles based on analysis method of
vehicle vibration response caused by pavement roughness; Shi Shangwei [5] analyzed
the trend of difference and causes between the measured value and standard value of the
DLA of the girder bridge. Jiang Peiwen [6] calculated the time history response of longspan continuous girder bridge under the action of multiple vehicles, and summarized the
variation laws of displacement DLA and bending moment DLA based on the vehicle
bridge coupling calculation method in ANSYS single environment; Zhou Yongjun [7]
comprehensively considered the impact effect of vehicle load on the whole bridge,
weighted the DLA at all peaks on the time history curve, and fully included the impact
effect at multiple positions of the bridge structure; Denglu [8] found that the strain
dynamic amplification factor is basically less than the deflection dynamic amplification
factor by using the methods of theoretical derivation and numerical simulation.
In conclusion, many experts and scholars have carried out many researches on the
DLA of bridges, and have made fruitful research results. But most of them are only for
displacement DLA, and few researches on bending moment DLA are involved. In this
paper, the coupling vibration model of the vehicle and bridge is established by ANSYS.
The displacement time history curve and bending moment time curve of the bridge under
different working conditions are analyzed. The change law of displacement DLA and
bending moment DLA of continuous girder bridge under different vehicle speed, vehicle
weight and road surface road roughness are studied.

2 Solution Method of Vehicle-Bridge Interaction
Through the coordination relationship of the action force and displacement at the contact
point, the equation of vehicle-bridge interaction is established as follows [9]:
  
  
  


ÿb
Cb Cbv ẏb
Kb Kbv yb
Fbr + Fvg
Mb
+
+
=
(1)
Mv ÿv
Cvb Cv
ẏv
Kvb Kv
yv
Fvr
Where M, C, K are the quality, damping and stiffness matrix of the vehicle and bridge
respectively; d is the vertical displacement, b and v are the bridge and vehicle respectively; Fbr and Fvr are the interaction force of the vehicle-bridge system respectively,
the subscript r represents the road roughness, and Fvg represents the vehicle gravity.
Based on the above principle, the time-variation equation is solved by the Newmarkβ method. Using the transient analysis function of large-scale finite element program
ANSYS, the vehicle bridge coupling vibration model is established by APDL language
and displacement contact method, and the time-varying equation is solved by direct
integration method.

3 Bridge, Vehicle and Road Roughness Model
3.1 Bridge Model
In order to study the displacement DLA and bending moment DLA of continuous girder
bridge, 2 × 30 m continuous girder is selected the research object, the material is C50
concrete, and its section form is shown in Fig. 1.
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Fig. 1. Cross section of bridge (unit: cm)

3.2 Vehicle Model
1/2 vehicle model is selected. The vehicle layout diagram is shown in the Fig. 2, detailed
parameters reference literature [10].

M2

M1
Ks1
Kt1

Ds1
m1
Dt1

Ksi
Kti

Dsi
m3
Dti

(i=3,5)
m5
(i=3,5)

Ksj
Ktj

Dsj
m7
Dtj

(i=7,9)
m9
(i=7,9)

Fig. 2. 1/2 Vehicle model

3.3 Road Roughness Model
Road roughness is a very important excitation source of vehicle bridge coupling vibration. In practice, the statistical characteristics of road roughness are usually described
by power spectrum, and the power spectral density of pavement roughness can be fitted
as
 −ω
n
(2)
Gx (n) = Gx (n0 )
n0
Where n is the spatial frequency; n0 is the reference spatial frequency; Gx (n) is the
displacement power spectral density value, Gx (n0 ) is the coefficient of road roughness;
ω is the frequency index, ω = 2.

4 The Method of DLA Calculation and the Working Condition
Layout
4.1 Working Condition Layout
2 × 30 m continuous girder bridge is used for analysis. The effects of vehicle speed,
vehicle weight and road roughness on the DLA of continuous girder bridge are considered. Among them, five speeds, five vehicle weights and three grades of road roughness
are considered respectively. The specific working conditions are shown in the Table 1:
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Table 1. Working conditions
Vehicle speed/m · s−1

Vehicle body weight/%

Road roughness

10,20,30,40,50

50,75,100,125,150

A, B, C

4.2 Calculation Method of the DLA
The DLA (μ) is defined under the current specification:
μ=

fd . max
−1
fs. max

(3)

Where f d.max is the maximum dynamic response of the vehicle when passing the
bridge; f s.max is the maximum static response corresponding to the bridge structure of
the same vehicle. μd is the displacement DLA, and μM is the bending moment DLA.

5 Results Analysis
Based on the established calculation model and considering various influencing factors
in the Table 1, the vehicle-bridge interaction calculation is carried out, and the effects of
different grades of road roughness, vehicle speed and vehicle body weight on the displacement DLA and bending moment DLA in the mid-span of the first span of continuous
girder bridge are analyzed. The relevant results are analyzed as follows.
5.1 Influence of Vehicle Speed on the Displacement DLA and Bending Moment
DLA of the Continuous Girder Bridge
In order to study the influence of vehicle speed on the displacement DLA and bending
moment, the road roughness is not considered in the analysis. The analysis results are
shown in the following Figs. 3, 4 and 5:

Fig. 3. Displacement curve at different
speeds of smooth pavement

Fig. 4. Bending moment curve at different
speeds of smooth pavement

The vehicle speed has a significant impact on the displacement DLA and the bending
moment DLA of the continuous girder bridge. With the increase of the vehicle speed,
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Fig. 5. Comparison of displacement DLA and bending moment DLA at different speeds

the change rules of the displacement DLA and the bending moment DLA are different.
And the maximum value of the bending moment DLA is less than the maximum value
of the displacement DLA. At the same time, the difference between the value of the
displacement DLA and the value of the bending moment DLA changes with the increase
of the vehicle speed. And the value of the former is about double that of the latter.
5.2 Influence of the Vehicle Body Weight on the Displacement DLA and Bending
Moment DLA of the Continuous Girder Bridge
In order to study the influence of vehicle body weight on the displacement DLA and
bending moment DLA of continuous girder bridge, the influence of road roughness is
not considered in the analysis process, and the vehicle speed is set as v = 20 m/s. The
analysis results are shown in the Fig. 6:
The weight of vehicle body has a significant impact on the displacement DLA and
bending moment DLA of continuous girder bridge. With the increase of vehicle body
weight, the variation law of displacement DLA and bending moment DLA is the same,
showing a gradual increasing trend, and the displacement DLA is greater than the bending
moment DLA. And the value of the former is about triple that of the latter.
5.3 Influence of Road Roughness on the Displacement DLA and Bending
Moment DLA of the Continuous Girder Bridge
In order to study the impact of road roughness on displacement DLA and bending
moment DLA of continuous girder bridge, the vehicle speed v = 20 m/s during the analysis. In order to avoid the influence of the randomness of the road roughness samples on
the results, the DAL under 15 randomly generated road roughness samples is calculated
for each working condition, and then the average value is calculated. The analysis results
are shown in the Fig. 7.
The road roughness has a significant influence on the displacement DLA and bending
moment DLA of the continuous girder bridge. Compared with grade A road roughness,
the value of DLA under grade C road roughness is about 9 times that under grade A road
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Fig. 7. Comparison between displacement
DLA and bending moment DLA under
different road roughness grades

roughness. With the increase of the grade of road roughness, the displacement DLA and
bending moment DLA both increase gradually. At the same time, displacement DLA is
slightly larger than bending moment DLA for the same grade of road roughness. And
the difference between them increases with the increase of the grade of road roughness.
The maximum difference between them is  = 0.016.

6 Conclusion
Through the calculation and analysis of the finite element model, the influence of vehicle
speed, vehicle body weight and road roughness on the displacement DLA and bending
moment DLA of the continuous girder bridge are studied. The conclusion of comparative
analysis as follows:
(1) The vehicle speed has a certain impact on the displacement DLA and bending
moment DLA of the continuous girder bridge. With the increase of the vehicle
speed, the displacement DLA gradually increases, and bending moment DLA first
increases and then decreases.
(2) The vehicle body weight has a certain impact on the displacement DLA and bending
moment DLA of the continuous girder bridge. With the increase of the weight of the
vehicle body, the displacement DLA and bending moment DLA gradually increase.
(3) The road roughness has a significant impact on the displacement DLA and bending
moment DLA of continuous girder bridge. With the increase of the grade of road
roughness, the displacement DLA and bending moment DLA gradually increases.
(4) Compared with the displacement DLA and bending moment DLA, there is a numerical difference between them. And the value of the displacement DLA is slightly
larger than the value of the bending moment DLA. It is suggested to distinguish the
displacement DLA and bending moment DLA in engineering design and dynamic
load test.
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Abstract. The objective of this paper was to investigate the temperature distribution and the law of temperature transmission in multilayer porous asphalt courses.
Three types of multilayer porous asphalt courses are designed as the same thickness of actual pavements. In order to achieve this objective, experiments were
conducted in an oven with different temperature, and samples were enwrapped
with an efficient insulation material except the surface. The final temperature in
samples is lower by 5~10 °C than ambient temperature and reduced gradually
from top to bottom. The ability of heat transmission is related to the mixture’s
air void and ambient temperature. The temperature transmission rate in porous
asphalt mixture is lower than traditional dense graded asphalt mixture. At last,
temperature transmission formulas of porous asphalt mixture are given.
Keywords: Porous asphalt mixture · Multilayer porous asphalt courses ·
Temperature distribution · Temperature transmission · Temperature reduction

1 Introduction
Pavement distresses, such as rutting and moisture damage, were occurred in porous
asphalt (PA) pavements during their service life because asphalt material is a typical
temperature sensitive material. There is a closed relationship between pavement distresses and temperature [1–3]. When the solar radiation falls on the road surface, the
surface start to warm up and heat begin to pass down. Gradually, the pavement structure
was heated up to a certain temperature and forming a temperature gradient in pavement
structure. The road materials and structure may appear damage in such environmental
conditions for a long term. High temperature causes rutting damage, and great temperature gradient would cause cracking in pavement structures [4, 5]. Furthermore, frequent
changes in temperature will exacerbate the possibility of such damage. In order to better
prevent the emergence of these diseases, it is necessary to study the law of heat transfer
in PA pavement.
PA pavement is a kind of open graded asphalt pavement which has a large air void
(AV) content of 15%~25%, and skeleton-pore structure [6, 7]. PA pavement has the
advantages of runoff mitigation, driving safety improvement, noise reduction, and et al.
[8]. Asphalt types, aggregate type, porosity will affect heat-conducting property of road
© The Author(s) 2022
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structure. Due to the high AV content, temperature in PA pavements is lower than traditional dense graded asphalt pavements, and PA pavements are used to mitigate the effects
of urban heat island (UHI) [9]. In addition, the temperature has a significant effect on the
bearing capacity and performance of PA pavement [10–12]. A variety of common damage is also directly or indirectly related to the distribution of road surface temperature.
At present, many research concentrate on the temperature field under the comprehensive
impact of solar radiation and temperature for dense graded asphalt pavements. In this
paper, the temperature distribution and the law of temperature transmission in multilayer
PA courses was investigated.

2 Materials and Experiment Design
2.1 Materials
PA mixture and dense graded asphalt mixtures (SUP) with different nominal maximum
aggregate size (NMAS) was used in the paper, including PAC-13, PAC-16, PAC-25, SUP20 and SUP-25. The details of these mixtures are illustrated in Table 1. Aggregates of
basalt and limestone were used in this paper. Limestone was used in PAC-25, SUP-20 and
SUP-25, and other mixtures used basalt. High viscosity binder (HVB) and SBS modified
asphalt was used in the paper and the optimal asphalt contents is presented in Table 1. The
technical properties of HVB and SBS modified asphalt are shown in Table 2.
Table 1. Aggregate gradations and mix design results.
Sieve size(mm)

Passing Percent (%)
PAC-13

PAC-16

PAC-25

SUP-20

SUP-25

31.5

100.0

100.0

100.0

100.0

100.0

26.5

100.0

100.0

98.1

100.0

97.0

19.0

100.0

100.0

70.5

97.6

85.5

16.0

100.0

91.6

52.3

84.1

80.0

13.2

95.3

83.4

48.1

71.4

68.9

9.5

61.6

56.8

29.1

64.6

53.1

4.75

23.3

20.1

17.7

44.9

37.4

2.36

16.3

12.3

11.9

28.7

24.0

1.18

13.2

10.0

9.1

17.8

16.8

0.60

10.7

8.1

7.0

11.3

12.5

0.30

8.8

7.1

5.7

7.8

8.7

0.15

7.4

6.0

4.5

6.7

7.2

0.075

5.4

4.7

3.3

4.6

5.6

Binder

HVB

HVB

HVB

SBS

SBS

Optimal binder content (%)

4.8

4.6

4.0

4.5

4.2
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Table 2. Properties of HVB and SBS modified asphalt.
Properties

HVB

SBS

Penetration (25 °C, 100g, 5s) (0.1 mm)

47

56

Ductility (5 °C, 5 cm/min) (cm)

32

42

Softening point (Ring and ball method) (°C)

86

85

Viscosity of bitumen (60 °C) (Pa·s)

133105

21510

Solubility (Trichloroethylene) (%)

99.95

99.98

Elastic recovery (%)

96

88

0.14

0.08

RTFOT
(163 °C, 5 h)

Mass loss (%)
Penetration ratio (%)

83

78

Ductility (5 °C, 5 cm/min) (cm)

21

28

2.2 Specimen Preparation

PAC-13

6cm 4cm

PAC-13

SUP-20

6cm 4cm

PAC-13

PAC-16

PAC-16

8cm

SUP-25

8cm

6cm 4cm

Specimen with a diameter of 150 mm was compacted by Superpave gyratory compactor
(SGC) with the height control model to obtain the target air voids. As shown in Fig. 1,
three types multilayer PA courses were designed. Multilayer PA courses consist of singlelayer PA (type I), double layer PA courses (type II), and triple layer PA courses (type
III). All of them consist of top layer, middle layer and bottom layer with a total thickness
of 18 cm, and emulsified asphalt was used to glue each layer together. The thickness of
top layer, middle layer, and bottom layer is 4 cm, 6 cm, and 8 cm, which is equal to the
actual pavement.
In order to record the temperature inside the sample and study the law of heat
transmission accurately, temperature sensor was put in the drill hole which is made in
advance. The location is shown in Fig. 2.

PAC-25

8cm

SUP-25

I

(a) Type I

II

(b) Type II

Fig. 1. Types of samples.

III

(c) Type III
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Fig. 2. The location of sensors.

2.3 Test Scheme
All the tests are performed in an oven, which can keep a constant temperature during
the test. A temperature recorder is used to record the temperature through temperature
sensor. In actual pavements, heat only transit from surface to bottom. In experiment, in
order to simulate this situation, an efficient insulation material is applied to the sample
except the top. Three temperatures of 40 °C, 50 °C and 60 °C are selected. When the oven
reach the given temperature, put sample in and turn on the temperature recorder. The
record interval of recorder is 10 min. The Termination condition is that the temperature
change of 14 cm less than 1 °C in an hour.

3 Results and Discussion
3.1 Temperature at Depth of 2 cm
As we can see from the Fig. 3, firstly, the final temperature of 2 cm is lower about
5 °C than the ambient temperature no matter what temperature the sample I in. The
explanation is that there will be heat losses in distribution of temperature because of the
heat-transfer capability of mixture. Secondly, no matter what the temperature conditions,
the early heating rate is very high and then become gentle slowly. But, the time of the
first phases is different. The period in which sample warm up quickly is 150 min when
the ambient temperature is 40 °C, while 50 °C is 200 min, 60 °C is 250 min. It means
the ambient temperature which the mixture in is higher, the time which mixture will
go through temperature changes is longer. Thirdly, the higher the temperature at which
the sample is placed, the greater the rate of temperature rise. In that case, the ambient
temperature of mixture is higher, it will undergo more sharp temperature changes.
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(b) Sample II

(c) Sample III

Fig. 3. Temperature of 2 cm in sample I, II, and III

3.2 Temperature at 10 cm
As shown in the Fig. 4, the following results can be achieved. When samples are placed
in low temperature environment, the ability of temperature transmission of different
aggregate gradations is equivalent. In the beginning, the PAC-16 mixture is better than
SUP-20 mixture, gradually, the SUP-20 is better than PAC-16. When in medium or high
temperature, the PAC-16 mixture shows a pretty excellent performance of temperature
transmission, especially in medium temperature.

326

H. Chen et al.

Fig. 4. Temperature at 10 cm in Sample I II

3.3 Temperature at 14 cm
The temperature distribution at 14 cm is shown in Fig. 5. Obviously, the temperature
transmission ability of PAC-25 and SUP-25 is pretty equivalent. It has been concluded
in the previous results. The temperature of bituminous concrete subsurface is a little low.
In lower ambient temperature, the ability of SUP and PAC is pretty close.
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Fig. 5. Temperature at 14 cm in sample II III

3.4 The Temperature Transmission Law
In order to study the temperature transmission law, the following method is adopted.
Firstly, the temperature of 2 cm in sample I, 10 cm in sample II and 14 cm in sample
III is selected, and the corresponding ambient temperature is 40 °C 50 °C and 60 °C.
Secondly, calculate the different value between ambient temperature and temperature
of the above location and draw them in coordinate system. Then, connect them with a
smooth curve. Lastly, fitting curve with cubic polynomials and obtain the temperature
transmission formulas. Figure 6 (a) shows the temperature difference between 2 cm in
sample I and ambient at the 40 °C and the fitting line of the temperature differences.
Figure 6 (b) shows the temperature difference between 10 cm in sample II and 50 °C,
and Fig. 6(c) shows the temperature difference between 14 cm in sample III and 60 °C.
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(a) 2cm in Sample I

(b) 10cm in Sample II

(c) 14cm in Sample III

Fig. 6. The fitting curve of temperature transmission

All the formulas above is concluded from few limited date and there isn’t every
verification. At the same time, there are lots of effects which can influence the temperature transmission. As a result, the applicability and practicability of those formulas
are limited. In this paper, they are adopted to reveal the sketchy low of temperature
transmission, which can provide a reference for the further research.

4 Conclusions
The main conclusion of this paper can be summarized as followed:
(1) The higher ambient temperature the samples are placed in, the longer time samples
experienced sharp temperature change. The final temperature in samples is lower
5~10 °C than ambient temperature and reduce gradually from top to bottom.
(2) The ability of temperature transmission is related to ambient temperature. Generally
speaking, in low temperature, the ability of SUP mixture is closed to the PA mixture.
But in medium and high temperature, the PA mixture possesses more outstanding
performance than SUP.
(3) Through the analysis of the different value between ambient temperature and the
temperature of particular location, temperature transmission formulas of PA mixture
are given.
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Abstract. During the operation of highway bridges, the bearing stiffness will
decrease with the service life, and the mechanical properties will also change. In
order to study the influence of stiffness damage on bearing. In this paper, a continuous beam bridge is selected for finite element model analysis, and the effects of
stiffness damage on bearing force and bearing offset under the conditions of concrete shrinkage and creep and 30 °C temperature difference are comprehensively
considered. The results show that the bearing stiffness damage has little influence
on the vertical displacement, horizontal displacement and bearing capacity of the
bearing, but has a great influence on the vertical compression deformation and
durability of the bearing.
Keywords: Rubber bearing · Stiffness reduction · Mechanical performance ·
Support offset · Durability

1 Introduction
In recent decades, with the continuous development of highway bridges in China, the
traffic mileage of expressway is also increasing. Plate rubber bearing is widely used
because of its simple structure, simple processing, manufacturing and installation, simple
maintenance and low cost. According to the survey, the terrain of Shanxi Province is
complex and the temperature difference between day and night is large. Under the
influence of coal transportation, the traffic volume increases suddenly. This makes the
bridges in this area overloaded seriously, resulting in the stiffness problems of 95% of
the bridge bearings, and the durability of the bearings will be affected.
Chen Yanjiang et al. [1] studied the influence of recycled rubber on the durability of
plate rubber bearing from the perspective of material, and came to the conclusion that
the amount of recycled rubber added into the branch seat rubber can be determined by
detecting the mechanical index of compression shear modulus before and after bearing
aging, so as to judge the early failure of bearing; Xu Yue et al. [2] studied the influence of
plate rubber bearing stiffness on the stress and deformation of bridge structure through
T-beam finite element analysis. It is concluded that the loss of bearing stiffness has little
influence on internal force, but has great influence on structural deformation; Huang
Yueping [3], studied the influence of uneven rubber layer thickness on the durability of
© The Author(s) 2022
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plate rubber bearing, and concluded that uneven rubber layer thickness will lead to the
improvement of its mechanical properties, and the processing and testing process should
be strictly controlled during the production and inspection of rubber bearing.
The above studies are from the perspective of materials and bridge structure stress.
However, in the actual bridge operation, under the influence of environmental factors
such as load and climate, the bearing stiffness will be reduced, which will have a great
impact on the bearing durability and bridge durability. This paper mainly studies the
stiffness damage of bearing, taking a 2 × 40 m T-beam bridge as an example, the damage
of the bearing is simulated, and then by changing the bearing stiffness, the stress, stress
and offset are analyzed to obtain the impact of the reduction of bearing stiffness on the
bearing.

2 Bearing Damage Simulation
There are two very important mechanical indexes of the bearing: compressive elastic
modulus and shear elastic modulus, so the design of the bearing is inseparable from
these two data. According to the above analysis, the damage of plate rubber bearing can
be simplified as the change of shape coefficient and shear modulus of rubber bearing
[4].
Support damage simulation can generally be carried out from the following two
aspects: a. change the plane size of the support; b. Change the rubber shear modulus in
the bearing. In the finite element software, the elastic connection is generally used to
simulate the restraint effect of the bearing. Since the degrees of freedom in six directions
SDx , SDy , SDz , SRx , SRy , SRz , in the elastic connection are determined according
to the plane size and shear stiffness g of the rubber bearing, the damage degree of the
bearing can be effectively simulated by adjusting the corresponding restraint stiffness
[5–13].
The stiffness calculation formula of plate rubber bearing is:
Stiffness in x-axis direction of element local coordinate system: SDx = EA/L;
Stiffness of element local coordinate system in Y, Z axis direction: SDy = SDz =
GA/L; Rotational stiffness in x-axis direction of element local coordinate system: SRx =
GI p /L; Rotational stiffness of element local coordinate system in Y-axis direction: SRy
= EI y /L; Rotational stiffness of element local coordinate system in Y-axis direction: SRz
= EI z /L.

3 Model Building
The supporting bridge is a river crossing bridge. The main beam adopts C50 concrete,
and its superstructure is fabricated prestressed concrete T-beam. The bearing is teflon
plate rubber bearing, its differential settlement is  = 5 mm and the specification of
the side fulcrum bearing is GJZF4400 × 400 × 85 mm, and the specification of the
middle fulcrum support is GJZ F4550 × 550 × 130 mm. The bridge is located in the
environment with large temperature difference between day and night. Rigid connection
between main beam and pier; In order to comprehensively analyze the bearing stress,
under the basic load combination, simulate the displacement and stress of the bearing
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under the combined overall temperature rise of 30 °C and overall temperature drop of
30 °C and concrete shrinkage and creep. The bridge model and model bearing reaction
are shown in Figs. 1 and 2.

Fig. 1. Depends on the 2 × 40 m finite element model of the bridge

Fig. 2. Reaction value of rear support of bidirectional movable support of the model

4 Bearing Durability Analysis
4.1 Stress and Deformation Analysis
In order to better analyze the impact of stiffness reduction of two-way movable bearing,
this paper takes longitudinal bearing, transverse bearing and two-way movable bearing
for comparison, and takes a point for each type of bearing for analysis. In the environment
with large temperature difference, the thermal expansion and cold contraction of concrete
beam and the shrinkage and creep of concrete have a great impact on the bearing.
Therefore, considering the shrinkage and creep of 10 years and the temperature difference
of 30°, the stress and offset of the bearing are analyzed. The stress and offset of various
bearings under different working conditions are shown in the Tables 1, 2and3 below.
It can be seen from the above table that the longitudinal displacement of the longitudinal movable bearing is large, and the temperature has a great impact on the longitudinal
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Table 1. Forces and offsets of longitudinal movable supports under different working conditions
Working condition

DX/mm

Shrinkage and creep

−3.1769

Rising 30 °C

−16.5867

Cooling 30 °C

13.4040

DY/mm

DZ/mm

FX/kN

FY/kN

FZ/kN

0.0073

−1.2801

−18.63

−80.64

854.98

−0.0073

−1.2809

6.09

80.64

855.49

0.0073

−1.2793

−38.63

−80.64

854.48

Table 2. Forces and offsets of lateral movable supports under different working conditions
Working condition

DX/mm

DY/mm

DZ/mm

FX/kN

FY/kN

FZ/kN

Shrinkage and Creep

0.0491

−0.0276

−2.5840

−491.10

0.06

2038.26

Rising 30 °C

0.0491

−1.6395

−2.5827

−491.12

3.07

2037.22

Cooling 30 °C

0.0491

1.6164

−2.5853

−491.08

−3.02

2039.29

Table 3. Forces and offsets of bidirectional movable supports under different working conditions
Working condition

DX/mm

DY/mm

DZ/mm

FX/kN

FY/kN

FZ/kN

Shrinkage and creep

−3.1474

−0.0379

−1.2065

−18.63

0.06

800.66

Rise 30 °C

−16.5572

−1.6496

−1.2075

6.04

2.47

801.27

Cooling 30 °C

13.4038

1.6385

−1.2055

−38.63

−2.45

800.04

stress and displacement of the bearing. When the temperature rises by 30 °C, the longitudinal displacement of the bearing changes by 13.4 mm; When the temperature drops
by 30 °C, the longitudinal displacement of the support changes by 16.58 mm.
The vertical displacement of the lateral movable bearing is large, but the temperature
has a great influence on the lateral displacement. When the temperature rises to 30 °C,
the lateral displacement of the bearing changes by 1.61 mm; When the temperature drops
by 30 °C, the lateral displacement of the support changes by 1.64 mm.
The support reaction force of two-way movable bearing is small, the vertical displacement is small, and the longitudinal and transverse displacement is large. Temperature
change has great influence on longitudinal and transverse displacement. The variation
amplitude of longitudinal displacement is similar to that of longitudinal movable support,
and the variation amplitude of transverse displacement is similar to that of transverse
movable support.
According to the specification, for the support GJZF4400 × 400 × 85 mm, the limit
value of two-way movable bearing along the bridge direction is 90 mm, the limit value
of transverse bridge direction is 40 mm, the limit value of one-way movable bearing
along the bridge direction is 90 mm, and the limit value of transverse bridge direction
is 3 mm; For the support GJZF4550 × 550 × 130 mm, the limit value of unidirectional
movable bearing along the bridge is 130 mm, and the limit value of transverse bridge
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is 3 mm. According to the results of the above analysis, the maximum longitudinal
displacement of the support is 18% of the longitudinal limit and the maximum transverse
displacement of the support is 55% of the transverse limit. Although the displacement
meets the requirements of the specification, the lateral offset of the support is obviously
larger than the longitudinal offset.
According to the above analysis results, the bearing reaction value is less than the
maximum bearing capacity of the bearing, and there is nearly 30% surplus, which meets
the requirements of the specification. However, with the passage of time, the bearing
disease will reduce the rubber stiffness of the bearing, and the surplus in the design may
be offset in the operation process, making the bearing reaction greater than the design
value, resulting in the failure of the bearing.
4.2 Bearing Stiffness Damage Analysis
The above analysis of the force and deflection of the support under three different conditions shows that the force of the support has a certain margin in the design. However,
during the operation of the bridge, the stiffness of the support will continue to weaken,
causing the surplus to be gradually offset, which will have a great impact on the durability of the support. Next, for the support of the bridge, under three different conditions,
the force and displacement of the support are analyzed under the conditions of constant
stiffness of the support and reduction of 20%, 40%, and 60%. Because the force and
deformation changes of the two-way movable support under different working conditions are relatively large, this article takes the two-way movable support as an example
to analyze the influence of the change of the stiffness of the support on the force and
deformation of the support. The 10-year shrinkage and creep of the concrete, the combined temperature rise of 30 °C, and the combined temperature drop of 30 °C support
offset and force are shown in Figs. 3, 4 and 5.

Fig. 3. 10-year shrinkage and creep of concrete

It can be seen in Fig. 3 that under the condition of shrinkage and creep of the concrete
10, the value of the support in the F(x) and F(y) directions is very small, which can be
ignored and unchanged, and the support is in these three directions. The force changes are
very small. However, the offset changes in the three directions of the support are different.
The offset in the D(z) direction is very obvious, from −1.2065 mm to −3.0557 mm; the
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Fig. 4. Temperature rising 30 °C

support is in the D(x) direction. Before the stiffness of the seat is reduced to 40%, the
offset changes more gently, but when the stiffness is reduced to 60%, the offset of the
support is larger.

Fig. 5. Temperature cooling 30 °C

Fig. 6. Comparison of three working conditions

It can be seen from Fig. 5 and Fig. 6 that under the temperature difference of 30 °C,
the stress change of the bearing is roughly the same as that under the shrinkage and creep
of concrete, with little change; The variation range of bearing offset in D(x) and D(y)
directions is very small, but the increase range of vertical displacement is very obvious,
from −1.2055 mm to −3.0548 mm.

336

M. Fang et al.

In conclusion, the reduction of bearing stiffness weakens the bearing durability.
Under the three different conditions given above, the increase of stiffness damage of
bidirectional movable bearing reduces the stress in x and y directions and increases the
stress in z direction, but the increase range is small; The influence on the longitudinal
and transverse deformation of the bearing is very small and can be ignored, but it has
a great influence on the vertical displacement of the bearing. The vertical deformation
change of support under three working conditions is shown in the figure below.
It can be clearly seen from Fig. 6 that under the condition of 10-year shrinkage
and creep, the stiffness of the two-way movable bearing is reduced to 60%, which is
1.8492 mm higher than the vertical extrusion deformation without reduction, with an
increase of about 60.52%; Under the condition of combined temperature rise of 30 °C, the
vertical extrusion deformation of the support increases by 1.8491 mm, with an increase
of about 60.49%; When the combined cooling temperature is 30 °C, the vertical extrusion
deformation of the support increases by 1.8493 mm, with an increase of about 60.54%.
Therefore, with the passage of time, the stiffness of the support is continuously reduced
and the vertical displacement of the support is continuously increased, which is not
conducive to the durability of the support, and the increase of the extrusion deformation
of the support is more likely to cause bulging cracks.

5 Conclusion
(1) Concrete shrinkage and creep have little effect on the displacement of the support,
but the change in temperature will greatly increase the longitudinal and lateral
displacement of the support, and the longitudinal displacement will reach about
4–5 times of the original. The offset range is 60 times as much as before. Although
the displacement of the support varies greatly, it still meets the standard support
offset limit. The maximum longitudinal displacement of the support is 18% of the
longitudinal limit, and the maximum lateral displacement of the support is 55% of
the transverse limit.
(2) The stiffness damage of the support has little influence on the longitudinal and lateral
displacement and force, but it has a greater influence on the vertical compression
deformation of the support.
(3) When the rigidity of the plate rubber bearing is reduced to 40% of the previous one,
the vertical compression deformation of the bearing is increased by 61%, which
is likely to cause the bearing to produce bulging cracks, which will increase the
rigidity of the bearing over time Reduction is not conducive to the durability of the
support.
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Abstract. Collapsible loess exists in a large area in Northwestern China. When
collapsible loess exists in the ground, it is usually necessary to treat it to eliminate
the collapsibility before placing the building foundation. When compacting piles
are used to treat the collapsible loess foundation, there are three different construction schemes for the construction of the basement exterior wall, which are
the conventional excavation scheme, the outer frame edge excavation scheme, and
the unilateral support form excavation scheme. Through the detailed description
of the three construction schemes, and the comparative analysis from the aspects
of construction difficulty, economy, construction period, etc. It can be concluded
that the conventional excavation scheme has the highest cost, the highest construction efficiency, the longest construction period, and other aspects. The frame
edge excavation scheme has the lowest construction efficiency, and the unilateral
formwork excavation scheme has the lowest cost and the shortest construction
period.
Keywords: Basement exterior wall · Collapsible loess · Compacted piles ·
One-sided support module · Construction plan

1 Introduction
Collapsible loess is a kind of soil with special properties. Microscopically, it is composed
of structural units, cements and pores. The color is mostly light gray-yellow or yellowbrown, the soil quality is relatively uniform, good permeability, large pores, and easy
disintegration, vertical joint development, and the mechanical properties are anisotropic.
The landform and structure of loess are shown in Fig. 1. The characteristics of Collapsible
loess are generally higher strength and lower compressibility when it is not wetted. When
it is wetted by water under a certain pressure, the soil structure will be destroyed quickly,
resulting in a large additional subsidence and a rapid decrease in strength.
Loess collapsibility is an unstable deformation with a large amount of subsidence
and a fast subsidence rate. It can lead to uneven settlement of the foundation, which is
© The Author(s) 2022
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more harmful to the building. It will cause the tilt of the structure, the damage of the wall
in the house and the cracking of the load-bearing structure such as beams and columns.
In addition, the hazards to road engineering are mainly manifested in uneven settlement
after encountering water, causing large-scale cracking of municipal roads, and sinking
affects road construction quality and driving safety.
It is necessary to consider the importance of the building, the degree of the possibility
of the foundation being wetted by water and the strictness of the uneven settlement limit
during the use period when constructing in collapsible loess areas. In order to prevent the
loess foundation from collapsing, the replacement cushion method, dynamic compaction
method, impact compaction method, Compacted pile method and other measures can
be used to strengthen the soil to improve the bearing capacity of the soil layer. Some
foundation treatment methods are shown in Fig. 2.

a) Loess landform

b) Schematic diagram of loess structure

Fig. 1. Landform and structure of loess

a) Replacement cushion method

b) Compacted pile method

Fig. 2. Some foundation treatment methods
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Under normal circumstances, the construction of the basement exterior wall is to
erect the frame after the excavation of the foundation pit reaches the specified elevation,
and then support the formwork for concrete pouring. However, when there is collapsible
loess in the construction zone, it is necessary to treat the collapsible loess foundation
locally or wholly. When using compacted piles to wholly treat the collapsibility, the
plane treatment range should exceed the outer edge of the building exterior wall by
2 m, and should not be less than 1/2 of the thickness of the treated soil layer [1]. At
this time, if the outer edge of the foundation pit excavation is designed outside the
compacted pile, the construction site needs a larger plane working surface. However,
with the continuous advancement of the urbanization process in China, the old and new
buildings are often close to each other, and measures should be taken to reduce the mutual
influence between the buildings when the new buildings are under construction in the
basement. However, with the continuous advancement of the urbanization process, the
old and new buildings are often relatively close, and measures should be taken to reduce
the mutual influence between the buildings during the construction of the new building
basement [2]. For this kind of project with narrow construction site and limited space,
reduce the excavation range of the foundation pit fertilizer trough, and directly carry out
the compaction pile construction from the positive and negative zero elevation. It is a
good way to use unilateral support for the construction of the basement exterior wall. A
construction plan that effectively saves working surface and reduces the mutual influence
between buildings. Based on a typical residential project in Xi’an, this article introduces
in detail three construction schemes for the basement exterior wall when using plain soil
compaction piles to treat collapsible loess foundations [3, 4]. Comprehensive analysis
of several programs.

2 Overview of Construction Scheme
For a residential project in Xi’an City, the seismic grade of shear wall of the project is
grade 2, the design grade of underground garage foundation is grade C, and the basement
has two layers, each with a height of 3.7 m. Some foundation soils are of grade II heavy
collapsibility. The collapsible loess foundation is treated as a whole with plain soil
compaction piles. The diameter of compaction piles is 400 mm, the distance between
piles is 500 mm. The collapsibility treatment range is 4 m outside the raft cushion, the
foundation is 400 mm thick raft, and 170 mm thick foundation cushion is set under the
raft.
2.1 Conventional Excavation Scheme
In order to ensure the effectiveness of foundation treatment, the conventional excavation
scheme carries out pile row support construction at the edge of collapsibility treatment
range, excavates all soil within collapsibility treatment range, and constructs compacted
piles at elevation of pit bottom at −9.670 m after excavation. After construction of
compacted piles, external frames are set up in turn, reinforcement bars of external walls
are tied up, and external wall formwork is set up. Then the concrete construction of
the basement outer wall is carried out [5, 6]. The schematic diagram of conventional
excavation scheme is shown in Fig. 3.
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b)Plan for standard excavation scheme

Fig. 3. Schematic diagram of conventional excavation plan

2.2 Excavation Scheme for Outer Frame Edge
Considering the installation of scaffolding for basement outer wall construction, the row
pile support in this scheme is set at 2.5 m away from the outer edge of the outer wall,
reserving the erection space for the outer frame and excavating all the earth inside the
support. The compacted piles outside the excavation scope are drilled from the zero
elevation and compacted to the elevation of −9.670 m. The above part is backfilled with
plain soil. The compacted piles on the side within the excavation scope are constructed
from the bottom elevation of −9.670 m pit. Schematic diagram of excavation scheme
for outer frame edge is shown in Fig. 4.
2.3 Excavation Scheme of One-Sided Formwork
Regardless of scaffolding during construction of basement exterior wall structure, unilateral formwork supporting technology is proposed for construction of basement exterior
wall structure. In this scheme, row pile support is set 0.9 m away from outer edge of basement exterior wall, and excavation side line is close to inner side of support. Compacted
piles with collapsibility treatment and expansion range are constructed from positive
and negative zero elevation, compacted to −9.670 m elevation, and the above parts are
backfilled with plain soil. Brick tyre film is used on the outside of the basement outer
wall, and fine sand is used to fill the gap between the support and row of piles. The
basement outer wall is constructed with one-sided formwork from the inside without
setting up external scaffolding.
The schematic diagram of the one-sided support mode scheme is shown in Fig. 5.
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a)Section of excavation
b)Plan of excavation scheme
scheme for outer frame edge
of outer frame edge
Fig. 4. Schematic diagram of outer frame edge excavation plan

a)Section of one-sided support
module scheme

b)Plan of one-sided formwork
support scheme

Fig. 5. Schematic diagram of unilateral formwork plan

3 Overview of Construction Scheme
3.1 Economical Efficiency
The list of quantities of the three schemes is shown in Table 1 and the economic comparison diagram is shown in Fig. 6. From the chart, it can be seen that the foundation pit of
conventional excavation scheme has a large scope of outlay. Even without considering
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the support form, large area earthwork excavation and backfilling will cause significant
increase in cost and relatively high construction cost. Due to the small excavation scope,
Table 1. Quantities list of exterior wall construction plan
Programme

Name

Unit

Quantity of
works

Reference unit
price (Yuan)

Total Tax free
price (Yuan)

Standard
excavation
scheme

Earthwork
excavation and
backfilling of
fertilizer tank

m3

46.5

100

4650

Plain soil
compaction pile
(empty pile)

m

0

12

0

Formwork works m2

14.3

110

1573

m2

7.8

60

468

Earthwork
excavation and
backfilling of
fertilizer tank

m3

19.47

100

1947

Plain soil
compaction pile
(empty pile)

m

55.62

12

667.5

14.3

110

1573

7.8

60

468

Erection and
disassembly of
outer frame
Subtotal
Excavation
scheme for
outer frame
edge

6691

Formwork works m2
Erection and
disassembly of
outer frame

m2

Subtotal
Excavation
scheme of
one-sided
formwork

4655.5

Earth excavation
of fertilizer tank

m3

3.44

100

344

Plain soil
compaction pile
(empty pile)

m

74.16

12

889.9

Brick mould

m3

1.85

300

555

Fine sand
backfilling

m3

1.11

210

233.1

6.9

135

931.5

Single side
m2
formwork works
Subtotal

2253.5
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the one-sided formwork construction scheme basically does not need soil backfilling
of the fertilizer tank, and the minimum amount of earth excavation and backfilling is
required. At the same time, no external erection and double-sided formwork support are
required. Only the tyre form of outer wall bricks is required, thus the construction cost
is relatively low. The construction cost of the outer frame edge construction scheme is
between the conventional construction scheme and the one-sided formwork construction
scheme [7, 8].

Fig. 6. Economic comparison chart of the three options

3.2 Difficulty of Construction
Conventional excavation schemes increase the amount of work due to earth excavation
and backfilling within 4.4 m of the outer side of the foundation, and often due to site
constraints, foundation pit support is affected after foundation treatment is expanded,
sometimes it is necessary to strengthen or even change the form of support, resulting in
passivity of the constructor, reinforcement, formwork and support for the outer basement
wall. Concrete construction is the same as inner wall construction, which cannot effectively improve work efficiency. The excavation scheme of one-sided formwork avoids
the problem of ineffective earthwork excavation and backfilling outside the basement [9].
Because the exterior expanded compacted piles are struck from the ground, the length of
bore holes needs to be increased. This part of work is relatively small and controllable.
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At the same time, the construction efficiency of the exterior wall structure is improved
by using the single-sided formwork technology and the single-sided formwork frame
can be rented, although it is necessary to increase the tyre form of exterior wall Costs
have increased, but construction convenience has increased considerably. The foundation treatment of outer frame edge excavation scheme is partially excavated and then
compacted piles are constructed. Some compacted piles are driven from the ground by
the same measures as the one-sided formwork scheme, which improves the efficiency to
a certain extent. However, the general formwork is still used to construct the basement
outer wall structure with lower overall efficiency.

4 Conclusion
Conventional excavation schemes will be affected more by pollution control, haze reduction, rainy season and other factors due to more earthwork excavation and backfilling
in the expanded part of foundation treatment, thus affecting the construction period. In
addition, the basement exterior wall structure is constructed by traditional technology,
which is relatively time-consuming and has the longest construction period. The main
difference of the excavation scheme of single-side formwork is that the exterior wall
uses brick tyre mould, while the basement exterior wall structure uses single-side formwork technology, which effectively improves labour efficiency. In addition, when the
expanded part of compacted piles of foundation treatment are laid from the ground, a
certain construction period can be saved and the construction period is relatively shortest. The construction period of the outer frame edge excavation scheme is between the
above schemes.
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Abstract. At present, the blasting theory of high and steep rock slope mainly
focuses on flat terrain, ignoring the influence of micro-terrain boundary factors on
blasting effect, which leads to excessive blasting energy and affects the stability
of slope. Therefore, based on the theory of multilateral boundary rock blasting,
this paper deduces the calculation formula of blasting charge for high and steep
rock slope under multilateral boundary conditions, and verifies it with field test.
The results show that: (1) The multilateral boundary charge calculation formula
directly includes micro-topography boundary conditions and blasting effect, and
the rock blasting theory is based on the interaction of blasting energy provided by
explosives and potential energy in medium, which effectively improves the energy
utilization rate of explosives. (2) The influence of surplus blasting energy on the
surrounding environment under different boundary conditions is controlled, and
the explosive explosion effect is effectively controlled, so that a stable high and
steep slope of open pit mine is formed after blasting.
Keywords: Micro-topography · Multilateral boundary · Blasting charge · High
and steep slope

1 Introduction
The application and research of engineering blasting technology in national economy
and national defense construction has a long history. Since modern open pit mine stripping works are mostly carried out under the condition of high mountains and complex
changes of wavy micro-topography, it is very important to establish blasting characteristics and blasting charge calculation theory under multilateral boundary conditions. The
multilateral boundary condition refers to the boundary condition of micro-topography,
which belongs to the shape geometry condition compared with the horizontal boundary
condition [1].
Wang [2] systematically proposed the comprehensive theory of multilateral boundary
stone blasting for the first time, and directly introduced the micro-topography into the
© The Author(s) 2022
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blasting theory as a main condition. Chen et al. [3] studied quantitatively the influence
of geological conditions and physical and mechanical properties of rock on the blasting
effect and the effect of blasting on the stability of mountain or slope. Gu [4] proposed
that the possibility of amplitude superposition should be considered when the interval
time between charge bags is small, and the permissible distance of blasting vibration
should be calculated according to equivalent charge. Chen et al. [5] improved the threemultiple blasting method and adopted multi-layer, multi-initiation and multi-face open
terrain blasting to make the deep cutting take shape in one blast, which improved the
blasting method of deep cutting facing open terrain in multi-boundary blasting theory.
Xia et al. [6] made equivalent transformation of blasting vibration speed monitored on
site according to Sadoski formula, and used linear regression control method to calculate
blasting charge amount for subsequent construction. Huang et al. [7] uses high-speed
photography technology and numerical calculation method to carry out research, and
obtains that the maximum initial throwing velocity of slope rock increases, stabilizes
and decreases in the direction of blasting propagation in the extended blast hole. Hu
et al. [8] put forward the concept of equivalent path, which provides a new method for
predicting the peak value of particle vibration velocity of bench blasting seismic wave.
Gan et al. [9] built a theoretical model of iron ore crushing energy, which provides a
theoretical basis for the calculation of ore crushing energy in iron mines. Yang et al.
[10] proposed a liquid explosive fracturing technology based on deep-hole blasting of
coal and rock, which enhanced the energy utilization rate of explosives in the direction
of hard rock fracturing.
The above-mentioned research mainly focuses on the blasting theory and charge
calculation of flat terrain. However, the change of boundary conditions of the microtopography is not considered enough, or only the micro-topography is considered as a
factor that has an influence on the blasting effect. Since the charge calculation formula and
design, method did not consider the potential energy of the rock mass itself, it caused a
waste of explosive charge, easily caused geological diseases, and caused slope instability.
Based on the comprehensive blasting theory of multi-boundary stonework, this paper
directly introduces the micro-topography boundary conditions into the charge calculation
and blasting effect, and conducts deep-hole controlled blasting to study the action law
of charge, terrain conditions and blasting effect under multi-boundary conditions.

2 Main Role of Explosive Under Multilateral Boundary Conditions
2.1 Upswing
Upswing is also called sublation action under horizontal boundary condition. The explosive wave generated by the explosive charge explosion and the thrust of the expansion
of the explosive product make the medium rise upward and then blow out to form the
blasting funnel. It can be seen that the size of the blasting funnel and the quality of the
throwing effect depend on the kinetic energy generated by the explosive explosion. The
larger the dosage and the higher the throwing, the larger the throwing amount obtained,
and the stable blasting effect. Under the condition of horizontal boundary, the drop rate
is proportional to the amount of charge.
E∝Q

(1)
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Upswing is the basis for determining the volume of the visible blasting funnel and
the throwing rate of the two types of boundary conditions, the horizontal and the concave
pass.
2.2 Collapse
Under non-horizontal terrain conditions, the medium in the collapse funnel itself contains
a certain amount of potential energy, and the blasting surface of the charge receiving
bag collapses. It has a great effect on a number of technical indicators of engineering
blasting, such as blasting hopper volume, throwing rate and unit consumption, etc. It is
also the physical basis of multi-boundary blasting theory. According to the statistics of
a large number of engineering practices, in different media, the ratio of the upper and
lower damage radius is calculated by Eq. (2):


α2
Rl
(2)
Ru = 1 +
5000 ∼ 7000
In Eq. (2), Ru is the upper destruction radius of the blasting funnel (m). Rl is the
lower destruction radius of the blasting funnel (m). α is the ground slope (°).
Under the inclined boundary condition, the reason why the upper destruction radius
of the blasting funnel increases with the increase of the ground slope is essentially caused
by the collapse. The upper damage radius increases with the slope of the ground, which
is 1 to 2.6 times larger than the lower damage radius, and it is larger in soil and rock
masses controlled by structural planes. From this, it can be seen that the collapse effect
expands the damage range of the cartridge explosion.
2.3 Slump
The high throwing rate in steep terrain is due to the existence of slump. When the
medicine packet is only broken, the slump rate of the rock block is Eq. (3):



tan θ
tan α
1
(3)
Eo = 1 −
ξ 1 − cot ψ tanθ 1 − cot ψ tanα
In Eq. (3), Eo is the slump rate of the rock block when the medicine packet is only
broken (%). ξ is the looseness coefficient of the rock, generally taken as 1.3. θ is the
average angle of repose of the rock, generally around 35°, not more than 40°. ψ is the
angle formed by the designed step slope line and the horizontal plane.
According to Eq. (3), it is obtained that when the cartridge only serves to break
the rock mass, the slump rate of the exploded rock mass increases sharply with the
steepening of the natural ground slope. Therefore, in the terrain above the steep slope
(α > 50◦ ), the rock mass only needs to be fully broken, and its slump rate will reach
the best throwing rate of the slope terrain using throwing blasting, and it has a good
effect on the stability of the steep slope. In cliff topography, the slump rate can exceed
70%. Under steep terrain, no need to use throwing blasting. Because the potential energy
contained in the rock mass itself has replaced the explosive energy required to throw the
rock block out of the blasting funnel, the potential energy contained in the rock mass
itself increases the effective utilization of explosive energy.
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2.4 Side Throwing
The effect of side throwing can be expressed by the increment of throwing rate, and the
relationship with the natural ground slope is shown in Eq. (4):
E = −77.52 lg f (α)

(4)

In Eq. (4), E is the increment of throwing rate (%). f (α) is the slump coefficient,
and the calculation method is shown in Eq. (5):


2
◦
1−
 α 7000 α < 30◦
f (α) =
(5)
26 α
α < 30
Under multiple boundary conditions, the charge volume remains unchanged, and the
increase in throwing rate increases with the steepness of the natural ground slope. The
essence is that under multiple boundary conditions, the explosive kinetic energy and the
potential energy of the rock are the result of the combined effect. The rock mass has a
certain potential energy and a favorable throwing angle, so that the rock mass thrown
from the side is not easy to fall back into the blasting funnel. Therefore, only a smaller
throwing height and throwing distance are required to obtain a higher throwing rate.

3 Calculation Formula of Blasting Charge Under Multilateral
Boundary Conditions
3.1 Basic Principles and Assumptions
(1) Under multiple boundary conditions, the mechanical energy required to slump a
certain amount of the same medium is constant. In addition to the kinetic energy
provided by the explosion of the cartridge, this mechanical energy also has the
potential energy contained in the medium itself. In horizontal and steep terrain,
kinetic energy and potential energy respectively play a major role in the blasting
effect. The mutual transformation of kinetic energy and potential energy depends
on the change of boundary conditions. Under general boundary conditions, the
blasting effect is usually the result of the combined action of kinetic energy and
potential energy.
(2) The potential energy of the medium itself is equivalent to an increase in the effective
explosive energy of explosives.
(3) The throwing rate is used as the standard for evaluating the blasting effect. With
horizontal boundary conditions, the throwing rate E = 27% is the standard state.
(4) In order to achieve a new balance, the rock blocks formed by blasting slid into piles
outside the blasting funnel under the action of their potential energy. The slope of
the piles is the angle of blasting repose.
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3.2 Multilateral Boundary Dose Calculation Formula
(1) Theoretical calculation formula of multilateral boundary dose
According to the law of conservation of mechanical energy, the principle of functional
balance and the above assumptions, the calculation formula for the multilateral boundary
drug amount is obtained as follows:
100.0129E

Q = KW 3 Fψ (E, α) = KW 3 √
0.05α + 1 1.11 − 86.133
E lg f (α)

(6)

In Eq. (6), Q is the multi-boundary blasting charge (kg). K is the dosage per cubic
meter of standard throwing blasting (kg/m3 ). W is the minimum resistance line (m).
Fψ (E, α) is the theoretical drug packet property index, which can be calculated by
Eq. (7):
Fψ (E, α) = ϕ(E) · fψ (α, E)

(7)

In Eq. (7), ϕ(E) is the function of the throwing rate, generally ϕ(E) = 0.45 ×
100.0129E , for the collapse blasting, ϕ(E) = 1. fψ (α, E) is the topographic coefficient
or the dose attenuation coefficient, which can be calculated by Eq. (8):
fψ (α, E) = V (α) · E(α)

(8)

In Eq. (8), V (α) is the collapse factor, calculated by Eq. (9). E(α) is the side throwing
factor, calculated by Eq. (10):
√
V (α) = 2 ( Aα + 1)

(9)

In Eq. (9), A is the collapse coefficient. In the calculation of multi-boundary drug
dose, A = 0.05, and Aα ≥ 1.

77.52
lg f (α)
(10)
E(α) = 1
1−
E
In Eq. (10), f (α) is the slump coefficient, and the calculation method is shown in
Eq. (5).
According to Eq. (8)–(10), the topographic coefficient is shown in Eq. (11):


√
38.76
(11)
lg f (α)
0.05α + 1 0.5 −
fψ (α, E) = 1
E
The Eq. (11) to calculate the theoretical property index of the drug pack is shown in
Eq. (12):
Fψ (E, α) = √

100.0129E

0.05α + 1 1.11 − 86.133
E lg f (α)

(12)
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(2) Empirical calculation formula of multilateral boundary dose
Q = KW 3 F(E, α)

(13)

In Eq. (13), F(E, α) is the property index of the drug package.
F(E, α) = ϕ(E) · f (α)

(14)

3.3 Comparison of Theoretical Formula and Empirical Formula
By comparing theoretical Eq. (6) and empirical Eq. (13), we can see that there are certain
differences between the two, which are mainly manifested in the following two aspects:
(1) The terrain coefficient is different from the slump coefficient
The theoretical topographic coefficient refers to the slump coefficient when
considering the law of lateral tossing, and takes a step forward, so that the topography or slump coefficient has a clear physical and mechanical meaning, that is, the
fψ (α, E) value reflects the effective utilization rate of blasting energy along with the
topographic boundary The law of changing conditions. The terrain is favorable, the
effective utilization rate of explosive energy is increased, and the amount of charge
needs to be reduced. On the contrary, the terrain is unfavorable, and the utilization
rate of explosive energy decreases, and the amount of charge needs to be increased
like the terrain of a pass.
(2) The relationship between slump coefficient and terrain coefficient
The current empirical formula may produce the following situations in production: when the design-throwing rate E < 60%, the actual effect is higher and safer.
When E > 60%∼70%, it is likely to be slightly lower, mainly in steep terrain. At
this time, due to the sharp increase in slump, the actual blasting effect will not be
affected. Therefore, it can be considered that the calculation Eq. (13) of the multiboundary charge is consistent with the theoretically derived formula. In the steep
terrain, the principle of slump should be obeyed, and slump blasting should be used.
3.4 Calculating Formula of Charge for Multilateral Boundary Deep Hole
Blasting
Based on the analysis of the characteristics of rock mass blasting under multi-boundary
conditions, especially the rock mass blasting of high and steep slopes, according to the
calculation principle of formula (13), the formula for calculating the packing charge of
deep-hole blasting columnar charge under multi-boundary conditions is obtained:
Q = KW 3 F(E, α) = KF(E, α)aWh

(15)

In Eq. (15), a is the hole distance (m). h is the drilling depth (m).
The multilateral boundary charge calculation formula directly includes the terrain
boundary conditions and the blasting effect. The blasting theory is based on the combination of the explosive energy provided by the explosive and the potential energy in
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the medium to control the excess blasting energy and excessive explosive consumption
under different terrain conditions. Established the functional relationship among the
explosive quantity, terrain boundary conditions and blasting effect, which is convenient
for practical inspection and application of engineering blasting, and has been widely
used in engineering blasting in our country.

4 Project Example
4.1 Project Overview
Xingguang Coal Mine is located in the west wing of Zhuozishan anticline, and its
geomorphic features belong to the low mountain and hilly area of the Inner Mongolia
Plateau. The terrain is relatively flat, the thickness of the loose cap layer is small, and
geological disasters such as landslides and mudslides are rarely occurred. Gray-white
medium and coarse sandstone with a small amount of gray-green sandy mudstone are
distributed in a large area in the area. The stratum has been extensively weathered
and eroded and is in integrated contact with the underlying Shanxi Formation. Sandy
mudstone has weak water richness, hardens after losing water, easy to crack, and has
little water content. The softening coefficient of various types of rocks varies greatly,
ranging from 0.21 to 0.83, with an average of 0.40. Except for coal, all kinds of rocks
are basically easy to soften rocks. The mine is a gas mine, and there is no outburst of
coal and gas.
4.2 Deep Hole Blasting Design Under Multilateral Boundary Conditions
According to the multilateral boundary blasting theory, the open-pit mine blasting design
is carried out. The deep hole loosening millisecond delayed blasting construction is
used to control the direction of the minimum resistance line of blasting, avoid facing the
direction of residential houses and various buildings, and take safety protection measures.
The environmental conditions of the blasting area are good, and the rock is drilled once
and blasted to reach the design depth to ensure the construction progress. In order to
control the blasting flying rocks, ensure the length of the blockage during construction,
press sandbags at the orifices, and cover the wicker if necessary. At the same time, the
millisecond delayed detonation technology is used to limit the maximum amount of
detonating charge in a period to control the impact of blasting vibration and flying rocks
on the surrounding environment. The blasting design parameters are as follows:
(1) The unit consumption of explosive is q = 0.22 kg/m3 , the density of linear charge
is q1 = 5.7 kg/m, and the single hole charge is Q = 44 kg.
(2) The height of step is H = 16 m, and the slope angle of step is 80°.
(3) The depth of step hole is L = 16.5 m, the ultra-depth is H = 1 m, and the resistance
line of chassis is W = 4 m.
(4) The distance between rows of holes is a × b = 5 m × 4 m, and the delay time is
50–100 ms between rows and 20–40 ms between holes.
(5) The drilling type is DTH drilling rig with a drilling diameter of 90 mm.
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(6) The blasting workers measure the actual hole depth when charging, and then charge
and plug.
(7) Charge. ANFO explosives are used for anhydrous holes, and 70 mm emulsion
explosives are used for water holes.
(8) Plugging. The plugging is dense, plugging with blasting mud and tamping with
blasting stick and the plugging length L 2 = 2.8 m.
4.3 Detonation Network
The network of digital electronic detonator is used in blasting, in which the outermost
row near the side slope is firstly detonated, and then detonated hole by hole from outside
to inside. Delay time setting: delay time between holes is 25 ms, and delay time between
rows is 60 ms. The schematic diagram of initiation network is shown in Fig. 1.

Exploder
150ms

125ms

100ms

75ms

50ms

25ms

210ms

185ms

160ms

135ms

110ms

85ms

270ms

245ms

220ms

195ms

170ms

145ms

330ms

305ms

280ms

255ms

230ms

205ms

Fig. 1. Initiation network diagram of bench blasting.

4.4 Blasting Effect and Analysis
In this mining area, the multilateral boundary blasting theory is studied for deep-hole
controlled blasting. The blasting of 76848 m3 and 73438 m3 is studied by multi-boundary
design method and empirical design method respectively. Combined with the actual
situation in the field, groups of measuring points are arranged at the horizontal distance
of 70 m, 90 m, 110 m and 130 m respectively. Through the analysis of waveform diagram
of vibration time history of four groups of measuring points (Fig. 2), the amplitude of
blasting vibration velocity produced by multilateral boundary design method is less
than that of empirical design. Under the same conditions, the multi-boundary design
method uses less explosives, improves the energy utilization rate of explosives, makes
the construction safer, and has less influence on the surrounding disturbance.
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Fig. 2. Vibration monitoring waveform diagram.

Based on the theory of multi-boundary rock blasting and the formula of explosive
charge calculation, the design and construction of rock mass blasting on high and steep
slope of mine have been fully considered, and the blasting effect has been significantly
improved. Field monitoring and camera show that blasting vibration and flying rocks
have been effectively controlled; the fragmentation of blasting pile meets the design
requirements, and all broken rock mass collapses within the design range (Fig. 3 and
Fig. 4).

(a) Multilateral boundary design method

(b) Experiential design method

Fig. 3. Comparison of blasting fragmentation.
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(a) Multilateral boundary design method (b) Experiential design method
Fig. 4. High and steep slope formed after blasting.

5 Conclusions
Multi-boundary blasting theory considers the influence of topography and geological
conditions on charge blasting. The blasting engineering practice of Xingguang Coal
Mine in Inner Mongolia Kinergy Blasting Co., Ltd. shows that based on the analysis
of blasting characteristics of charge under multi-boundary conditions, the following
conclusions are drawn:
(1) The multi-boundary charge calculation formula directly includes micro-terrain
boundary conditions and blasting effect, the theory of rock blasting is based on
the interaction of explosive energy and potential energy in the medium, and controls the influence of surplus explosive energy on the surrounding environment
under different boundary conditions, to effectively improve the energy utilization
rate of explosives.
(2) The multi-boundary blasting theory considers the influence of topography and geological conditions on blasting at the same time, the millisecond delay controlled
blasting inside and outside the hole is adopted to effectively control the explosive
explosion, control the rock breaking effect of blasting and the harm of blasting
vibration to the slope. All the broken rock mass collapses within the design range,
effectively prevent blasting flying rocks, and stabilize the high and steep bench
slope of open-pit mine after blasting.
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Abstract. In order to study the protective effects of eco-concrete slope and the
influencing factors of eco-concrete slope deformation. The displacement characteristics and ultimate bearing capacity of the slope model under different geometric parameters are obtained through the laboratory model test of eco-concrete
slope protection, and the influence laws of slope deformation under different protection slope conditions are summarized, as well as the influence laws of soil
compaction, soil moisture content and slope ratio on the horizontal displacement
restraint capacity and stability of the slope. Compared with the unprotected slope,
the ultimate load of the reinforced concrete slab slope and the ordinary concrete
slab slope are increased by 2.2 times and 2.4 times respectively, and the horizontal displacement restraint capacity of the slope is increased by 29.3% and 51.6%
respectively. The moisture content, compactness and slope gradient of slope soil
have a certain influence on the deformation restraint capacity of slope protected
by vegetation concrete slab.
Keywords: Eco-concrete · Moisture content · Compactness · Slope gradient

1 Introduction
In the traditional concrete slope protection project, ordinary concrete can effectively
improve the stability of the slope, while also causing the balance of the slope ecological
environment to be broken. In order to avoid sacrificing the ecological environment in
exchange for urban development, in the early 1990s, many experts and scholars developed a new type of concrete-vegetable concrete that can maintain the high-strength
properties of concrete while also taking into account the biocompatibility.
After continuous research by scholars at home and abroad, certain results have been
achieved in the preparation of vegetation concrete [1–3], water permeability [4–6] and
alkali reduction technology [7, 8]. However, the eco-concrete can protect the slope The
extent of the impact still needs to be studied.
This test is designed as a scaled test to simulate the damage of the slope model,
to study the protection effect of the eco-concrete slope and the factors affecting the
deformation of the eco-concrete slope. Through the experiment, the displacement characteristics and ultimate bearing capacity of the slope model under different geometric
parameters are obtained. According to the force, the slope failure load, the maximum
settlement and the horizontal displacement of the slope are obtained, which provides a
reference for the application of the eco-concrete slab on the slope.
© The Author(s) 2022
G. Feng (Ed.): ICCE 2021, LNCE 213, pp. 358–367, 2022.
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2 Test overview
2.1 Experiment Material
The cement used in the test is P.O 42.5 grade ordinary Portland cement, and the ultrafine ore powder is obtained by crushing the ore of AnShan Iron and Steel Group.
The water reducing agent is a polycarboxylic acid water reducing agent liquid, and
the designed usage amount is 0.5%. The coarse aggregate of eco-concrete is recycled
concrete aggregate.
2.2 Test Plan
The test includes the following four working conditions, and the specific scheme is
shown in Table 1. The planting soil suitable for plant growth in the local suburbs of
ShenYang was selected as the test soil sample to be filled into the slope model groove
as the main filling material for the slope. The specific model slot is shown in Fig. 1.
Table 1. The model test scheme
Test conditions

Slope protection
method

Compactness (%)

Soil water content
(%)

Slope ratio

Condition1

No reinforce

90

12

1:1

Eco-concrete

90

12

1:1

Ordinary concrete 90

12

1:1

Eco-concrete

85

12

1:1

Eco-concrete

90

12

1:1

Eco-concrete

95

12

1:1

Eco-concrete

90

8

1:1

Eco-concrete

90

12

1:1

Eco-concrete

90

16

1:1

Eco-concrete

90

12

1:1

Eco-concrete

90

12

1:1.5

Condition2

Condition3

Condition4

2.3 Specimen Production
Before the soil sample is prepared, the test soil sample is air-dried and crushed first,
and the soil sample is sieved with a 10mm square hole sieve. Calculate the mass of the
soil samples required for each group of test models according to the standard of 90%
compaction, multiply it by the loss coefficient of 1.1, weigh it, and mix with water.
Randomly test the moisture content of the soil sample, and fill the model slope
in layers when the moisture content is close to ±2% of the optimal moisture content
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Fig. 1. The test model tank

value. The weight of the compaction hammer is M = 13.5 kg, the drop distance is H
= 685.5 mm, the total length of the guide rod is L = 800 mm, and the diameter of the
compaction backing plate is ϕ = 153 mm. The filling height of each layer is 20 cm,
and 40 compaction points are set in the filling section of each layer, and each layer is
compacted 3 times. Each compaction ensures staggered compaction.
2.4 Sensing Element Layout and Loading
During the test, the column tension and compression load cell was used to collect the
vertical load, and the load cell range was 0–200 kn. The YHD displacement sensor is used
to measure the slope displacement, and the comprehensive layout of the displacement
sensor is shown in Fig. 2.

Fig. 2. The displacement sensor layout scheme

The loading phase is divided into the initial loading phase and the destruction loading
phase. In the primary loading stage, the vertical load is applied at a loading speed of
5 KN/min. The vertical deformation of the specimen is detected by Disp1 and Disp2.
When the values of Disp1 and Disp2 are stable and the difference between the two does
not increase, the next First class load. In the loading stage of the destruction period, the
loading speed is 1 KN/min. When the load reading appears “falling back”, record the
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peak load stress at this time as the load design value. Stop loading until the first-level
load value is reached, and collect the displacement count value after the compression
deformation and stress redistribution inside the model soil (about 10 Min) are completed.
Begin to apply the lower load. When there are obvious cracks in the slope, reduce the load
loading level and increase the number of data observations until the slope is damaged
on a large scale and the peak load no longer increases.

3 Effect Analysis of Eco-Concrete Slope Protection
For the unprotected slope test,eco-concrete slope test and ordinary concrete slope test,
the relationship between displacement and load at different positions of the slope is
shown in Fig. 3, 4 and 5.
From the point of view of the vertical settlement of slope, slope ecological concrete
and ordinary concrete slope compared with no protective slope, slope vertical settlement
aspects appear very big contrast, the vertical settlement of the slope changed little,
considering this is the laboratory scale experiments, the actual situation of the ecological
concrete slope and no protective slope vertical settlement will be bigger; Compared
with the unprotected slope, the concrete slab will have greater vertical settlement due
to its larger weight during the experiment. The maximum settlement measured in the
experiment is 10 mm, which is acceptable compared to the model size.
From the point of view of the horizontal displacement of the slope, with the increase
of the vertical load, the trend of the horizontal displacement of the slope with different
disposal methods is roughly the same. As can be seen from Table 2, both ecological
concrete slab and ordinary concrete slab can increase their ultimate bearing capacity and
effectively control their horizontal displacement. The maximum horizontal displacement
of ecological concrete slope and ordinary concrete slope is reduced by 29.3% and 51.6%
respectively compared with unprotected variable slope.In terms of the control ability of
slope horizontal displacement, eco-concrete slab is slightly lower than ordinary concrete
slab, but with the growth of plant roots, the control ability of eco-concrete slab on slope
horizontal displacement will be greatly improved [9, 10].

Fig. 3. The load displacement curve of bare slope test
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Fig. 4. The load displacement curve of vegetation regenerated concrete test

Fig. 5. The load displacement curve of normal concrete slope test

Table 2. The ultimate load and maximum horizontal displacement of slopes on different slopes
Slope type

Ultimate load (KN/m2 )

Maximum horizontal displacement of slope
(mm)

Unprotected slope

45

21.01

Eco-concrete slope

100

14.86

Concrete slope

110

10.16
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4 Analysis of Influencing Factors on Deformation and Stability
of Ecoconcrete
4.1 The Influence of Soil Compaction Degree Change on Slope
Figure 6 shows the distribution of horizontal displacements at different positions of the
slope surface under the action of different soil compaction degrees of the slope. The
horizontal displacement of the slope surface gradually decreases with the increase of the
slope soil compaction. When the slope soil compaction degree increases from 85% to
95%, the maximum horizontal displacement of the slope surface decreases by 11.3% and
19.8%, which is a large reduction; therefore, the degree of compaction is an important
factor affecting the horizontal displacement of the slope surface.
Figure 7 shows the maximum settlement of the top of the slope when the slope of the
soil with different compaction degrees is damaged. From the analysis of the relationship
between the degree of compaction and the maximum settlement of the top of the slope, the
maximum settlement of the top of the slope increases with the degree of soil compaction
of the slope. And quickly decrease. The compaction of the slope soil increased from
85% to 95%. When the slope is damaged, the maximum settlement of the slope top also
decreases by 1.7% and 4.1%. From the analysis of the relationship between the degree of
compaction and the ultimate load of the slope, the ultimate load gradually increases with
the increase of the degree of compaction; the compaction of the slope soil increases from
85% to 95%, the ultimate load of the slope It also increases by 11.1% and 21.5%. The
compaction of the soil is the key influencing factor of the ultimate load of the slope. In
the design of vegetation concrete slope protection, the degree of soil compaction should
be increased as much as possible. The increase of the degree of compaction is conducive
to reducing the deformation of the slope and improving the stability of the slope.

Fig. 6. The influence of compactness on slope horizontal displacement

4.2 Influence of Soil Water Content Change on Slope
Figure 8 shows the horizontal displacement distribution diagram of the slope soil under
different water content conditions. The horizontal displacement of the slope gradually
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Fig. 7. The influence of compaction degree on the maximum settlement of slope top

increases with the increase of the water content of the slope soil. When the water content
of the slope soil increased from 12% to 18%, the maximum horizontal displacement of
the slope increased by 4.6% and 8.5%, and the increase in the horizontal displacement
of the slope gradually increased. Therefore, the water content of the slope soil is an
important factor affecting the horizontal displacement of the slope.
Figure 9 shows the maximum settlement of the slope top under different moisture
content conditions. Based on the analysis of the relationship between the water content
and the maximum subsidence of the top of the slope, the maximum subsidence of the
top of the slope gradually decreases with the increase of the water content. The moisture
content of the soil has increased from 12% to 18%, and the maximum settlement of
the top of the slope has also been reduced by 8.1% and 1.9%. From the analysis of
the relationship between the moisture content and the ultimate load of the slope, the
ultimate load of the slope gradually decreases with the increase of the moisture content.
The moisture content of the soil increased from 12% to 18%, and the ultimate load of
the slope was also reduced by 15% and 11.8%. The moisture content of the soil has a
greater impact on the ultimate load of the slope. When vegetation concrete is used for
slope protection, special attention needs to be paid to the possibility of slope damage
when the soil moisture content changes due to precipitation, changes in underground
runoff and other factors.
4.3 Influence of Different Slope Ratios on Slope
Figure 10 shows the horizontal displacement distribution diagram of the slope under
different slope ratios. As the slope ratio decreases, the horizontal displacement of the
slope gradually decreases. When the slope ratio of the slope is reduced from 1:1 to 1:1.5,
the maximum horizontal displacement of the slope is reduced by 7.8%. Therefore, the
slope ratio of the slope has a certain influence on the horizontal displacement of the
slope.
Figure 11 shows the relationship between the slope ratio and the maximum settlement
of the top of the slope. From the analysis of the relationship between the slope ratio and
the maximum settlement at the top of the slope, the maximum settlement at the top of the
slope gradually increases as the slope ratio decreases; the slope ratio decreases from 1:1
to 1:1.5, the slope top when the slope is damaged The maximum settlement increased
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Fig. 9. The influence of water content on the maximum settlement of slope top

Fig. 10. The influence of slope on horizontal displacement of slope
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Fig. 11. The influence of slope ratio on the maximum settlement of slope top

by 0.9%, and the slope ratio had little effect on the maximum settlement of the top of
the slope when the slope was damaged. From the analysis of the relationship between
the slope ratio and the ultimate load of the slope, the ultimate load of the slope gradually
increases with the decrease of the slope ratio; the slope ratio is reduced from 1:1 to
1:1.5, the ultimate load of the slope failure This has increased by 15%. In the design
of eco-concrete slopes, the slope ratio should be reduced as much as possible, which
greatly improves the ultimate load of eco-concrete slopes.

5 Conclusion
Under the action of slope top load, the deformation law of different slopes is basically the
same, partial failure of slope occurs, slope protection structure is different, corresponding
to the amplitude of each stage is also different.
Compared with the unguarded slope, the ecological concrete slope is significantly
improved in ultimate bearing capacity and slope constraint capacity. In terms of ultimate
load of slope, the ecological concrete slope and ordinary concrete slope are increased by
2.2 times and 2.4 times respectively. In terms of slope constraint capacity, the horizontal
displacement of eco-concrete slope and ordinary concrete slope is reduced by 29.3%
and 51.6%, respectively. Compared with the conventional concrete slope, there is still a
gap in the protection effect of ecological concrete slope, but it has met the requirements
of slope protection.
Slope in the case of ecological concrete protection, the deformation and stability of
slope compaction, slope moisture content, slope ratio and other factors, in the design
of ecological concrete slope, should consider the above factors on the deformation and
stability of the slope.
Eco-concrete can restrain slope deformation and improve slope stability. By changing
the above factors, the constraint ability of eco-concrete on slope deformation can be
improved and the stability of slope can be improved, thus providing a certain reference
for the application of eco-concrete in slope ecological restoration and reinforcement.
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Abstract. In order to research the influence and the function mechanism of calcium formate and defoaming agent on the compressive strength of cement-based
grouting material with low water-binder ratio at different ages, quadratic polynomial regression models were established by RSM, and the mix proportion was
optimized. The function mechanism of additives was analysed by macroscopic
mechanical properties and microstructure. The results indicated that the response
surface method is scientific in optimizing the mix proportion of cement-based
grouting material. The optimal mix proportion was obtained as fallow: the calcium formate was 0.64%, the water-binder ratio was 0.21 and the defoaming agent
was 0.26%, with taking 1d, 3d, 28d compressive strength as the optimization objective. Calcium formate is highly significant for the early compressive strength of
cement-based grouting materials with low water-binder ratio, while the waterbinder ratio and defoaming agent are highly significant for that of the middle and
late period. Calcium formate promotes the formation of CSH gel and Ca(OH)2
crystallization in the early period, and the defoaming agent can effectively reduce
macropores. The results can provide an optimization method for the mix proportion design of cement-based grouting material and a theoretical reference for its
mechanical properties.
Keywords: Cement-based grouting material · Response surface method ·
Compressive strength · Calcium formate · Defoaming agent · Mix proportion

1 Introduction
Cement-based grouting material is a kind of building material prepared in a professional
factory, which has the characteristics of early strength, high strength, self-levelling and
micro-expansion after mixing with water in a prescribed proportion at using sites. With
the rapid advance of infrastructure construction, cement-based grouting materials have
been widely used in the fields of bolt anchorage, reinforcement and reconstruction of
concrete, and prefabricated construction projects. At the same time, higher requirements
are placed on the performance of cement-based grouting materials.
© The Author(s) 2022
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Cement-based grouting material should adopt low water-binder ratio to obtain excellent later strength, but it will lead to slow early hydration of cement and insufficient early
strength [1]. Early strength agent is often added to dry powder system to satisfy the early
strength requirements of cement-based grouting materials in practical engineering applications. Calcium formate has been widely used in dry powder system as early strength
agent due to its excellent coagulation promotion ability and solubility. Calcium formate
solution is weakly acidic, and it improves the hydration rates of C2 S and C3 S. And the
ionized Ca2+ accelerate the crystallization of AFT owing to ion effect, it promotes the
early strength development [2–4]. However, the incorporation of calcium formate will
lead to the loss of fluidity, and it is harmful to working performance [5, 6]. As a surfactant, defoaming agent can promote the rupture of bubbles in slurry, reduce the porosity,
and effectively improve the strength of cement-based grouting materials [7, 8].
Response surface methodology (RSM) is an analytical method to establish an accurate prediction model with limited experimental data which is obtained from standard
tests. RSM uses second-order standard polynomial to fit the response value and different
factors, and can draw response surfaces that intuitively reflects the influence of factors
on the response value. RSM has been widely used in the process formulation design of
grain, oil and food, chemical engineering, and biological engineering [9], but it is rarely
used in the related fields of construction and civil engineering [10–12].
There are few reports on the influence of calcium formate and defoaming agent on the
mechanical properties of cement-based grouting materials with low water binder ratio.
In this paper, calcium formate content, water-binder ratio and defoaming agent content
were selected as experimental factors, and the compressive strength of 1d, 3d and 28d
were response values. Box-Behnken design (BBD) was used to design the compressive
strength test of cement-based grouting materials with low water-binder ratio, and the
functional relationships between the response values and the factors were established to
analyse the influence of various factors and their interactions on the compressive strength,
so as to optimize the mix proportion. And the mechanism of agents was analysed of action
combined with macroscopic mechanical microscopic morphology.

2 Experiment
2.1 Materials and Instruments
P · II 52.5R portland cement (PC), II fly ash (FA) and S95 slag powder (SL) were used
as cementitious materials, and the chemical composition is shown in Table 1.
Table 1. The chemical composition of cementitious materials
CaO

SiO2

Al 2 O3

PC

62.83

21.08

FA

38.09

31.15

SL

3.71

52.73

28.68

SO3 −

Fe2 O3

MgO

Loss

4.49

3.41

2.11

2.04

15.64

1.02

8.67

0.78

1.22

7.29

1.38

0.62

5.24
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Concrete admixtures used in the experiment included industrial grade calcium formate (purity > 95%), P803 powder defoaming agent, low alkali u-type expansive
agent, QH-100 plastic expansive agent, QS-8020 polycarboxylate superplasticizer. Other
materials included water and ISO standard sand.
The compressive strength test adopted NELD-CH2000 electro-hydraulic servo pressure testing machine (Beijing Nierde Intelligent Technology Co., Ltd), structural equation model (SEM) analysis adopted Gemini300 scanning electron microscope (Carl Zeiss
AG, German).
2.2 Compressive Strength Test Design
According to preliminary test results, the basic mix proportion is shown in Table 2.
Table 2. The basic mix proportion
S/B

FA

SL

U-type expansive agent

Superplasticizer

Plastic expansive agent

1.0

5%

5%

8%

0.5%

0.05%

BBD method was used in the experimental design and data analysis would be
completed. Calcium formate ratio, water-binder ratio and defoaming agent ratio were
expressed as x1 , x2 and x3 , respectively. Each independent variables was set at low level,
central point and high level, which were encoded as −1, 0 and +1, respectively. The
level of each factor and the corresponding coding value are shown in the Table 3.
Table 3. Coding and level of independent variables
Coding and level
−1

Independent variables
x1 (%)

x2

x3 (%)

0

0.17

0.10

0

0.5

0.22

0.20

+1

1.0

0.27

0.30

2.3 Specimen Forming and Test Method
The dry powder was weighed according to the proportion during the molding process
of the specimen. After mixing evenly, water was added in proportion and stirred at a
low speed for 2 min, stopped for 15 s, and stirred at high speed for 2 min. The mortar
was poured into the triple mold, demoulded after curing for 24 h, and maintained to the
target age. The loading speed of compressive strength test was controlled at 2.4 ± 0.2
k N/s. The blocks with particle size less than 5 mm were taken on the new section in
SEM analysis, and the microstructure of hydration products was observed after drying,
spraying gold, fixing and vacuuming.
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3 Results and Analysis of Compressive Strength Test
3.1 Results and Fitting Models
The test results of 1d, 3d, 28d compressive strength are shown in Table 4. A total of 17
groups were set up, of which 5 groups were at the central point of each factor values,
repeated to evaluate the test deviation.
Table 4. Design and results of Box-behnken test
Sample

Independent variable level

Compressive strength/MPa

x1

x2

x3

1d

3d

28d

1

−1

−1

0

24.65

52.66

78.33

2

1

−1

0

28.68

55.82

78.56

3

−1

1

0

26.84

49.70

73.13

4

1

1

0

31.62

53.51

73.82

5

−1

0

−1

25.70

52.47

75.80

6

1

0

−1

31.77

53.94

76.47

7

−1

0

1

27.05

55.41

77.23

8

1

0

1

33.07

56.19

78.02

9

0

−1

−1

29.41

54.91

77.34

10

0

1

−1

31.09

51.69

70.90

11

0

−1

1

32.11

55.88

78.78

12

0

1

1

32.20

54.39

77.03

13

0

0

0

31.57

57.86

80.54

14

0

0

0

32.64

57.64

78.93

15

0

0

0

32.34

59.06

80.75

16

0

0

0

32.56

59.17

79.40

17

0

0

0

31.19

58.60

80.98

The second-order standard polynomials fitting of Table 4 test data were carried out by
RSM. The simulation models of 1d compressive strength (S 1 ), 3d compressive strength
(S 2 ) and 28 d compressive strength (S 3 ) are Eq. (1)–(3).
S1 = −2.77 + 15.46x1 + 232.46x2 + 13.84x3 + 7.5x1 x2 − 0.25x1 x3 + 79.50x2 x3
 −11.84x12 − 461.50x22 + 29.62x32
(1)
S2 = +0.38 + 12.08x1 + 467.41x2 + 47.14x3 + 6.50x1 x2 − 3.45x1 x3 + 86.50x2 x3
 −10.52x12 − 1165.70x22 − 133.42x32
(2)
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S3 = +41.35 + 6.05x1 + 347.89x2 + 25.05x3 + 4.60x1 x2 + 0.60x1 x3 + 234.50x2 x3
 −6.59x12 − 1005.50x22 − 159.38x32
(3)
Table 5 shows variance analysis of regression models. F-value represents the test
index of obviousness and P-value represents the probability, in which the smaller the
P-value is, the stronger the significance of the model is and the higher the simulation
accuracy is. The P-value of lack of fit reflects the significant degree that the experimental
data is not related to the model. If the value is less than 0.05, the item is significant. and
when the value is less than 0.05, the item is highly significant. The P-values of S1 ,
S2 and S3 are 0.0004, 0.0005 and 0.0010, respectively, which are not greater than 0.01,
indicating that the simulation models are highly significant. As for lack of fit, the P-values
of each model are 0.2141, 0.2347 and 0.4019, which are greater than 0.05, indicating
that the mismatch term is not significant and the errors of simulation models are small.
The fitting equation is highly consistent with the actual.
Table 5. Variance analysis and of regression models
Sourse

df

Mean square

F-value

P-value

S1

S2

S3

S1

S2

S3

S1

S2

S3

Model

9

12.30

12.64

12.81

18.77

17.59

14.24

0.0004

0.0005

0.0010

x1

1

54.60

10.63

0.71

83.34

14.79

0.79

< 0.0001

0.0063

0.4045

x2

1

5.95

12.45

41.09

9.08

17.33

45.65

0.0196

0.0042

0.0003

x3

1

5.22

9.81

13.91

7.96

13.66

15.46

0.0257

0.0077

0.0057

x1 x2

1

0.14

0.11

0.053

0.21

0.15

0.059

0.6572

0.7128

0.8154

x1 x3

1

6.250E−004

0.12

3.600E−003

9.540E−004

0.17

4.000E−003

0.9762

0.6961

0.9513

x2 x3

1

0.63

0.75

5.50

0.96

1.04

6.11

0.3587

0.3414

0.0427

x12

1

36.86

29.11

11.41

56.26

40.52

12.68

0.0001

0.0004

0.0092

x22

1

5.60

35.76

26.61

8.56

49.78

29.56

0.0222

0.0002

0.0010

x32

1

0.37

7.50

10.69

0.56

10.43

11.88

0.4771

0.0144

0.0107

Residual

7

0.66

0.72

0.90

Lack of
Fit

3

0.97

1.04

1.02

2.35

2.17

1.25

0.2141

0.2347

0.4019

Pure
Error

4

0.42

0.48

0.81

It can be seen from Table 6 that P(x1 ) > P(x2 ) > P(x3 ) for the 1d compressive
strength model S1 . It indicates that the water-binder ratio, the amount of calcium formate
and the amount of defoaming agent all have a significant effect on the 1d compressive
strength of the cement-based grouting material, and the main factor is calcium formate.
For the 3d compressive strength model S2 ,P(x2 ) < P(x1 ) < P(x3 ) < 0.01. The influence of water-binder ratio, calcium formate and defoaming agent on the 3d compressive
strength of the cement-based grouting material is highly significant. The influence order
is x2 > x1 > x3 , and water-binder ratio is main factor.
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The order of influence on the 28d compressive strength model S3 is x2 > x2 > x1 ,
where the P-value of x1 is greater than 0.05. The influence of water-binder ratio and
defoaming agent on 28d compressive strength of grouting material is highly significant,
among which water-binder ratio is still the most important factor, but calcium formate
will not have a significant impact.
In summary, the incorporation of calcium formate plays a significant role in the
early strength development of low water-binder ratio cement-based grouting materials,
but contributes less to the later strength. The effects of water-binder ratio and defoaming
agent on the compressive strength of cement-based grouting materials with low waterbinder ratio at all ages cannot be ignored, especially for the strength contribution in the
middle and late stages.
The closeness of R2 and Adj R2 can be used to verify the fitting degree of the
simulation models, and the smaller the C.V is, the Adeq Precisior is greater than 4,
indicating that the reliability and accuracy of the test are higher. It can be seen from
Table 6 that the C.V of each model are 1.97%, 3.57% and 1.45%, respectively, and the
Adeq Precisior of each model are 7.527, 9.524 and 6.199, respectively, indicating that
the simulation models has high reliability and accuracy.
Table 6. Model reliability test analysis
Group Std. Dev/MPa

R2

Adj R2 Pred R2 Press

C.V/% Adeq. precisior

S1

0.81

30.26 0.9602 0.9090

0.5715

49.38 2.67

13.120

S2

0.85

55.23 0.9577 0.3032

0.5554

52.80 1.53

12.470

S3

0.95

77.41 0.9482 0.8816

0.5567

53.92 1.23

12.184

3.2 Response Surface Interaction Analysis
The response surface diagrams of 1d, 3d and 28d compressive strength were established
as shown in Fig. 1, 2 and 3. The response surface reflects the effect of the interaction
of two factors on the compressive strength of each age when the other factor is at the
central point.
Figure 1 shows the 1d compressive strength had a process of first increasing and
then decreasing with the increase of calcium formate ratio and water-binder ratio from
−1 level and the increase of defoaming agent ratio promoted the continuous growth
of 1d compressive strength, but the growth was limited under high ratio. Maximum 1d
compressive strength was attained at around 0.72% calcium formate, 0.23 water-binder
ratio and 0.30% defoaming agent. Table 6 shows that the P-values of the interaction
of two factors in the 1d compressive strength model are 0.6572, 0.9762 and 0.3587,
respectively, which are greater than 0.05. It indicates that the interaction of any two
factors does not contribute significantly to the 1d compressive strength.
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Fig. 1. Effect of two-factor interaction on 1d compressive strength

The compressive strength of 3d and 28d increased first and then decreased significantly with the increase of calcium formate ratio, water-binder ratio and defoaming
agent ratio, as is shown in Fig. 2 and Fig. 3. Maximum 3d compressive strength was
attained at around 0.60% calcium formate, 0.21 water-binder ratio and 0.24% defoaming agent, while Maximum 28d compressive strength was attained at around 0.54%
calcium formate, 0.20 water-binder ratio and 0.23% defoaming agent. The compressive
strength decreased slightly with the increase of the dosage, after the defoaming agent
ratio reached the optimal solution, but the decrease was limited. Plot of Table 6 reveals
the P-values of the interaction of the two factors in the 3d compressive strength model
are 0.7128, 0.6961 and 0.3414, respectively, which are greater than 0.05, indicating that
the interaction of any two factors has a low contribution to the 3d compressive strength.
While, the P-value of the interaction of defoaming agent ratio and water-binder ratio
in the 28d compressive strength model is 0.0427, which is less than 0.05, indicating
that there is a strong dependence of 28d compressive strength on the interactive pattern
between defoaming agent and water-binder ratio.

Fig. 2. Effect of two-factor interaction on 3d compressive strength

With the increase of calcium formate ratio, water-binder ratio and defoaming agent
ratio, the compressive strength of each age generally had a process of first increasing
and then decreasing. The proper calcium formate ratio promotes the hydration of C3 S,
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Fig. 3. Effect of two-factor interaction on 28d compressive strength

C2 S and the formation of CSH gel, which is helpful for the early hydration of slurry.
However, the high content leads to excessive loss of fluidity, which is not conducive to
the formation of dense structure, and it causes the reduction of compressive strength
[13]. Higher water consumption contributes to the early hydration reaction of cement
particles, but the residual free water inside the slurry evaporates to form pores with the
increase of age. The pores will increase with the increase of water-binder ratio, resulting
in strength loss. With the increase of defoaming agent ratio, the compressive strength
of 3d and 28d first increased and then decreased, and the compressive strength of 1d
continued to increase, which was consistent with the early research [14]. The defoaming
agent weakens the effect of water reducing agent, especially in the case of high dosage,
resulting in the loss of fluidity. It is not conducive to the formation of dense structure,
and it induce the decrease of strength.
3.3 Parameter Optimization and Verification
Taking the compressive strength of each age as the optimization object, the mix proportion of cement-based grouting material was optimized, and the optimized mix proportion
scheme was obtained as follows: 0.64% calcium formate, 0.21 water-binder ratio and
0.26% defoaming agent. The predicted values and test values of the regression model
were compared, and the relative error was used for characterization. The results are
shown in Table 7.
Table 7. Comparison of predicted value and test value after parameter optimization
Predicted compressive
strength/MPa

Test compressive strength/MPa Relative error /%

1d

3d

28d

1d

3d

28d

1d

3d

28d

33.05

58.81

80.45

33.84

59.93

83.68

2.33

1.67

3.86

The experimental results show that the compressive strength of cement-based grouting material prepared by optimized mix ratio is Relatively high, and the relative error
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between predicted value and test value is small. It is reliable and accurate to optimize
the mix proportion of cement-based grouting materials by response surface method.

4 Analysis of the Action Mechanism of Additives
Calcium formate and defoaming agent are additives widely used in cement-based grouting materials. In order to analyse the mechanism of action of the two, five groups of
samples were taken to observe the type, morphology and quantity of hydration products of cement-based grouting materials by scanning electron microscope. The typical
morphology diagrams are shown in Fig. 4.
Figure 4a shows that a large number of needle-like AFT crystals were formed on the
surface of cement, mineral powder and fly ash particles after hydration for 1 day, and
the network structure was constructed by alternating AFT, with 1% calcium formate and
0.3% defoaming agent. Increased magnification factor from 10k to 30k, Fig. 4b shows
that there was a small amount of CSH gel in the network structure, forming a relatively
stable hydration structure, but the overall hydration degree of the slurry was low and the
structure was loose. It can be seen from Fig. 4c that when the slurry was hydrated to
3 days, the AFT crystallization was more robust, and the constructed network structure
was obviously filled with a large number of flocculent CSH gels. The lamellar Ca(OH )2
crystals were obviously observed on the surface of cement, mineral powder and fly ash
particles, and the hydration degree was significantly improved. The overall structure was
more stable than that of 1 day, forming a relatively dense hydration structure. When the
slurry is hydrated to 28 days, the microstructure is shown in Fig. 4f. The network structure
constructed by AFT crystallization was basically filled and compacted by hydration
products, and a stable structure formed between cement, mineral powder and fly ash
particles. At this time, the hydration reaction has been basically completed and the
microstructure was dense.
Comparing Fig. 4c (3d, 0.1% calcium formate) with Fig. 4d (3d, 0% calcium formate), the sample without calcium formate still had a network structure formed by
alternating overlap of AFT, but the CSH gel was significantly reduced compared with
the calcium formate group. There are no lamellar Ca(OH )2 crystals were observed, and
the hydration structure was loose. The above phenomenon shows that the incorporation
of calcium formate into cement-based grouting materials helps the slurry to form.
Ca(OH )2 crystallization and CSH gel in the early stage, thereby improving the early
compressive strength.
It can be seen from Fig. 4c (3d, 0.3% defoaming agent) and Fig. 4e (3d, 0.1%
defoaming agent), that when the ratio of defoaming agent decreased from 0.3% to 0.1%,
a large number of flocculent CSH gels are still filled into the network structure constructed
by AFT crystallization, and a large number of flake Ca(OH)2 crystals are precipitated
as well, and there was no obvious increase in the gap between particles. Therefore, it
indicated that the significant influence of defoaming agent is not based on changing the
microstructure of hydration products to improve compressive strength. Compared with
Fig. 5a (3d, 0.3% defoaming agent) and Fig. 5b (3d, 0.1% defoaming agent), when the
dosage of defoaming agent ratio was 0.1%, there were a large number of visible pores on
the cross section of the sample. With the increase of the dosage to 0.3%, the pores on the

Compressive Strength Performance of Additives

Fig. 4. SEM diagrams of hydration products

Fig. 5. Section of test block
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cross section decreased significantly and the structure was denser. The above phenomena
show that the defoaming agent can improve the compressive strength of cement-based
grouting materials, because it can promote the bubble rupture in the slurry and reduce
the macro pores, rather than having no significant influence on the microstructure of
hydration products.

5 Conclusion
The effects of calcium formate and defoamer on the mechanical properties of cementbased grouting materials were studied through compressive strength test and microstructure analysis. The results show that:
(1) The models established by RSM can accurately predict the results, providing a
reliable method for the optimization design of the mix proportion of cement-based
grouting materials.
(2) The water-binder ratio and the defoaming ratio have significant effects on the compressive strength of cement-based grouting materials at different ages, but it is more
significant in the middle and later stages. While the dosage of calcium formate only
has significant effects on the compressive strength of 1d and 3d. The 28d compressive strength was significantly affected by the interaction of water binder ratio and
defoaming agent.
(3) Comprehensively considering the compressive strength of each age, the optimal
mix proportion of cement-based grouting materials with low water-binder ratio
was obtained by response surface method, namely, the calcium formate content
was 0.64%, the water-binder ratio was 0.21, and the defoamer content was 0.26%.
(4) Calcium formate is beneficial to the formation of CSH gel and Ca(OH )2 crystallization in the early slurry, which is beneficial to the rapid formation of dense
hydration structure. The defoamer mainly acts on reducing macro pores and has no
significant effect on the microstructure.
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Abstract. In order to study the seismic performance of the new support structure
with the integration of steel arch and anchor rod under the bulk surrounding rock
of highway tunnel, this paper takes Xinglinpu tunnel of Yanchong expressway as
the engineering background and conducts the dynamic time-history analysis of
the deformation, stress and plastic zone distribution of the tunnel second lining
structure under the original support and the new support according to the specification and with the help of FLAC3D finite difference software. It is concluded
that the seismic performance of the original support and the new support structure
is basically the same. The new support structure reduces the number of anchors,
the disturbance to the surrounding rock and the cost, so the new support structure
is worth promoting.
Keywords: Highway tunnel · Scattered surrounding rock · Seismic
performance · Dynamic response · Numerical simulation

1 Introduction
After the 21st century, the average annual growth rate of road tunnels in China was 20%
[1]. With the increase in tunnel mileage, the number of tunnels built in mountain ranges
in high-intensity seismic zones had reached a significant percentage. In 2008, 33 of the
56 tunnels near the earthquake area of the Wenchuan earthquake (magnitude 8.0) were
damaged. The tunnel structure in the fault fracture zone and lining defect section was
the most damaged, and it was difficult to repair after tunnel failure [2]. Therefore, it is
necessary to carry out a systematic study of the seismic performance of road tunnels.
Qiangqiang Sun [3] carried out a dynamic non-linear time course numerical simulation of tunnel construction to investigate the effect of the construction-induced initial stress state on the seismic response of the tunnel. Longqi Yan [4] applied a twodimensional transient dynamic finite element simulation technique to investigate the
seismic response of a soil-structure interaction system under the oblique incidence of
P- and SV-waves. Wang Mingnian [5] and Cui Guangyao [6] pointed out that the seismic damping of underground structures in high-intensity seismic zones can be done by
© The Author(s) 2022
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changing their structural properties or by installing a damping layer. By conducting a
large shaking table model test study on the cavern section of the Galongla tunnel, Jiang
Shuping [7] concluded that attention should be paid to the prevention and control of
surrounding rock instability during the earthquake process to reduce the damage produced by the surrounding rock to the tunnel. Wang Qjuyi [8] proposed a comprehensive
seismic measure of adding a damping layer between the initial support and the second
lining and appropriately increasing the reinforcement of the second lining. Liang Bo [9]
analyzed the dynamic response of road tunnel lining in mega-section and pointed out
that the second lining could play a major role as a safety reserve during earthquakes. By
analyzing different grouting schemes for highway tunnels, Based on the concrete plastic
damage model, He Zegan [10] established a three-dimensional nonlinear finite element
model of the tunnel-surrounding rock system and pointed out that the arch shoulder
and arch waist of the lining structure are the weak parts of its seismic resistance. By
performing dynamic time-history analysis of road tunnels, Liu Liyu [11] concluded that
the acceleration response of the tunnel structure decreases when located on soft ground
and poor surrounding rock, but larger stresses are generated.
The seismic performance of tunnels based on the new practical patent technology
“Integrated support structure of steel arch and prestressed anchor rod for highway tunnel”
invented by Xu Dongqiang [12] has not been studied in the above-mentioned existing
tunnel seismic studies. This new support structure optimizes the arrangement of anchor
rods (pipes), so that the steel arch, anchor rods (pipes), shotcrete and surrounding rock
form an integrated structure, thus greatly improving the stability of the surrounding rock
and support structure.
Therefore, this paper presents a dynamic time-history analysis of the deformation,
stress and plastic zone distribution of the tunnel second lining structure under the original
support and the new support.

2 Project Overview
The Xinglinpu tunnel is a highway separated long tunnel, located in the north of Xinglinbao, Huailai County, Zhangjiakou, which is one of the more difficult tunnels to construct
with poor surrounding rock conditions in Yanchong expressway. The left and right sides
of the Hebei section of the tunnel are both 1520 m. The average proportion of grade V
surrounding rock is 44.5%, and the average proportion of grade IV surrounding rock is
43.8%. The broken bulk surrounding rock occupies 90% of the total length of the tunnel.
The maximum burial depth of the tunnel is 480 m. The area to which the Xinglinpu tunnel
belongs is a temperate subarid zone in the continental monsoon climate. The groundwater is localized by bedrock fracture water and dominated by pore diving. It is located
in the middle mountainous area of igneous rocks. The stratigraphic rocks are mainly
andesite and coarse andesite with developed joints and fissures, and quartz sandstone is
locally present.
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According to the Seismic ground motion parameters zonation map of China
(GB18306–2015) [13] issued by the National Seismological Bureau, the area is a Class
II site, with a 50-year exceedance probability of 10%, a seismic intensity of 8 degrees,
a design basic ground vibration peak acceleration of 0.20 g and a characteristic period
of 0.40 s for the ground vibration response spectrum.

3 Simulation Support Scheme
The original support structure scheme (hereinafter referred to as the original scheme)
under grade V surrounding rocks is 28 hollow grouting system anchors per bay of steel
arch, 2 hollow grouting 1ocking foot anchors on each 1eft and right arch waist, and
grouting small conduits within 120° of the arch roof, with a grouting reinforcement
radius of 1 m, as shown in Fig. 1(a).
The new support structure scheme for the tunnel under grade V surrounding rock is
2 rows of hollow grouting locking foot anchors per steel arch at the left and right arch
shoulders of the tunnel, 1 row of hollow grouting foot locking anchors at the left and
right arch waist and arch foot, two of them in each row. The grouting small conduit is
laid at 120° at the top of the arch, and the radius of grouting reinforcement is 1m. Due
to the poor condition of the surrounding rock, reinforced support is required at the top
of the arch crown, so two different reinforced support schemes are used. As shown in
Fig. 1(b), the new support structure scheme 1 (hereinafter referred to as new scheme 1)
has 8 additional anchors of the hollow grouting system within 60° of the arch crown. As
shown in Fig. 1(c), the new support structure scheme 2 (hereinafter referred to as new
scheme 2) has 14 additional anchors of the hollow grouting system within 120 of the
arch crown.

(a) The original

(b) New scheme 1

(c) New scheme 2

Fig. 1. Support structure scheme

4 Establishment of Tunnel Model and Selection of Parameters
4.1 Establishment of Calculation Model
The simulations were carried out using FLAC3D for the dynamic time-history analysis
of the tunnel. The model boundary is 50 m from the center point of the tunnel section
to the bottom and left and right boundaries respectively, and the distance to the top
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surface is taken to the surface, with a tunnel depth of 200 m. The inner contour of the
tunnel calculation model section adopts the form of three center circles. The vertical
effective height of the tunnel structure is 9.85 m, and the structural width is 12.1 m.
As the longitudinal structure of the tunnel is continuous and regular, the cross-sectional
configuration remains unchanged and the tunnel longitudinal direction is taken to be
6 m. Only the seismic checking calculation in the cross-sectional direction of the tunnel
was performed.
After the tunnel excavation, initial support and second lining have been completed,
seismic waves were applied to the tunnel structure as a whole to assess the seismic
performance of the tunnel support structure by analyzing the deformation, stress and
plastic zone distribution of the tunnel second lining structure.
4.2 Unit Type and Parameter Setting
Taking into account the preliminary geological survey report, construction conditions,
advanced geological forecasts and the graded determination parameters of the surrounding rocks on site, and referring to the physical and mechanical parameters of the surrounding rocks at all levels specified in the specification [14], the specific parameters
selected are shown in Table 1. In the actual project, the test section of the tunnel has
about 24 m thick gravel soil layer at the surface, and below the gravel soil layer are all
grade V surrounding rocks.
According to the relevant literature [15], the elastic modulus of the surrounding
rock in the anchor grouting area increases by 50%, the Poisson’s ratio decreases by 9%,
the cohesion increases by 65% and the angle of internal friction increases by 3%. The
modulus of elasticity of the surrounding rock in the small conduit reinforcement circle
of grade V surrounding rock is increased by 2.6 times, Poisson’s ratio is unchanged,
internal friction angle is increased by 1.2 times, cohesion is increased by 2 times and
density is increased by 10%. The surrounding rock is simulated in solid units, using
an elastoplastic principal structure model and satisfying the Mohr-Coulomb yielding
criterion.
Table 1. Enclosure rock and structural parameters
Material

Modulus of elasticity
(GPa)

Poisson’s ratio

Cohesive force (MPa)

Angle of internal friction
(°)

Gravelly soil

0.80

0.48

0.15

18

Surrounding rock

1.15

0.37

0.19

26

Anchor grouting area

1.73

0.34

0.31

27

Small conduit reinforced
ring surround

3.00

0.37

0.38

31

Initial lining

28.6

0.20

–

–

Second lining

33.5

0.20

7.20

60
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The initial support for all three support schemes consists of reinforcement mesh, I18
I-beam steel arches (75 cm longitudinal spacing) and 24 cm thick C25 shotcrete. The
second lining is C35 molded reinforced concrete with a thickness of 45 cm. Both system
anchors and locking foot anchors are hollow grouted anchors.
The initial support for all three support schemes was simulated using shell cells.
The second lining was simulated using solid units. Overrunning small conduits within
120° of the arch crown were simulated with beam units. The anchors were simulated
using cable units. The modulus of elasticity was calculated by equating the steel arch,
reinforcement mesh and C25 shotcrete layer in the primary lining as a single support as
shown in Eq. (1):
E=

sc · Ec + sg · Eg
sc + sg

(1)

Where E is the converted modulus of elasticity of concrete (GPa). E c is the modulus
of elasticity of the original concrete (GPa). E g is the modulus of elasticity of the steel
(GPa). sg is the cross-sectional area of the steel (m2 ). sc is the concrete cross-sectional
area (m2 ).
The code [16] states that the dynamic modulus of elasticity of a tunnel structure is
30% higher than the static modulus of elasticity, so the modulus of elasticity in Table 1
will be increased by 30% for the dynamic calculations.
4.3 Setting of Boundary Conditions and Mechanical Damping
The surrounding rock at the bottom of the tunnel is a rigid foundation with the bottom
of the model horizontal and all sides straight. The dynamic boundary conditions are
selected as free-field boundaries, which are imposed via the Apply ff command stream.
The form of damping chosen for this simulation is local damping, with a local
damping factor of 0.05. The local damping calculations can reach convergence values
as quickly as possible, the calculation time is reduced and better results can be obtained
without having to determine the frequency.
4.4 Selection of Seismic Waves
In this paper, El-Centro wave, Chinese Taiwan Chi-Chi (ChiChi) wave and Japanese
Hanshin wave were selected for computational analysis. The most significant parts of
peak acceleration and amplitude frequency were in the selected periods.
The seismic importance factor of road tunnels was selected concerning domestic and
international standards for shield, open cut and immersed tunnels. Therefore, the seismic
importance factor is taken as 1.0 when the design ground shaking is a 50-year exceedance
probability of 10% and the recurrence period is 475 years. In this paper, the design basic
ground vibration peak acceleration of the tunnel is 0.20 g. The seismic category of the
highway tunnel is B. Therefore, for E1 earthquake, the seismic importance factor is
0.43, the recurrence period is 75 years, and the peak acceleration is 0.086 g. For E2
earthquake, the seismic importance factor is 1.3, the recurrence period is 1000 years,
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and the peak acceleration is 0.26 g. The seismic wave adjustment equation is shown in
Eq. (2):
a (t) =


amax
a(t)
amax

(2)


Where a (t) is the adjusted seismic acceleration time course of El-Centro wave. amax
is the adjusted peak seismic acceleration of El-Centro wave. α(t) is the seismic acceleration time intervals recorded by El-Centro wave. αmax is the peak seismic acceleration
recorded by El-Centro wave.
The seismic wave acceleration time course is adjusted and baseline corrected
according to Eq. (2). The adjusted input seismic waves are shown in Fig. 2.

(a) El-centro wave (E1-0.086g)

(c)Hanshin wave (E1-0.086g)

(e)Chichi wave(E2-0.26g)

(b) Chichi wave(E1-0.086g)

(d)El-centro wave(E2-0.26g)

(f)Hanshin wave(E2-0.26g)

Fig. 2. Acceleration time curve at E1 seismic action (0.086 g) and E2 seismic action (0.26 g)

5 Analysis of Numerical Simulation Results
The code proposes a “multi-level defense, two-stage design”. The tunnel structure should
meet performance requirement 1 under E1 seismic action, i.e. be in an elastic state and
structurally intact before and after the earthquake. The tunnel structure should meet
performance requirement 2 under E2 seismic action, that is, in an elastic to elastoplastic transition state, the structure can be slightly damaged locally, after reinforcement
treatment to ensure the safety of the tunnel.
Strength testing of the tunnel structure for E1 seismic action is required to meet
performance requirement 1. The tunnel structure is subjected to deformation and
strength tests for E2 seismic action and its seismic performance meets the performance
requirement 2.
5.1 Deformation Analysis of the Tunnel Second Lining Structure
The maximum convergence values of the tunnel second lining structure for the three
support schemes for E2 seismic action are shown in Table 2.
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Table 2. Maximum convergence values for each part of the tunnel under E2 seismic action (mm)
Seismic wave

Support scheme

Convergence of the arch
shoulder

Convergence of the arch
waist

Convergence of the arch
foot

EL wave

The original

18.795

8.995

2.097

EL wave

New scheme 1

19.722

9.612

2.024

EL wave

New scheme 2

19.749

9.606

2.023

Hanshin wave

The original

39.917

19.603

4.542

Hanshin wave

New scheme 1

42.401

20.994

4.312

Hanshin wave

New scheme 2

42.279

20.980

4.306

CC wave

The original

21.408

9.584

2.155

CC wave

New scheme 1

22.666

10.403

2.076

CC wave

New scheme 2

22.650

10.412

2.071

The specification requires that the maximum convergence value of the second lining
structure in a drill and blast tunnel during E2 seismic action is 5‰ of the tunnel span. In
this project, the tunnel span is 12.10 m and the maximum convergence value is calculated
to be 60.5 mm.
As can be seen from Table 2, the maximum convergence values of the second lining
structure for the original, new scheme 1, and new scheme 2 are 3.30‰, 3.50‰, and
3.49‰ of the span respectively for the E2 seismic action. The difference between the
maximum horizontal convergence values of the three schemes is small and the difference
in deformation is not significant. The maximum convergence values for each support
scheme are less than 60.5 mm for the shoulder, waist, and foot of the arch, and the tunnel
structure is in a safe condition. Therefore, the convergence deformation of the tunnel
second lining structure for all three support schemes in grade V rock meets the code’s
requirements.
5.2 Stress Analysis of Tunnel Second Lining Structure
Under E1 and E2 seismic action, the minimum peak principal stresses at each monitoring
point of the tunnel second lining structure for the three support schemes are shown in
Tables 3 and 4, and the maximum peak principal stresses are shown in Tables 5 and 6.
As indicated in Tables 3 and 4, the minimum peak principal stresses at each monitoring point of the second lining structure in the three support schemes are compressive,
and they are all less than the standard value of dynamic compressive strength of C35
concrete of 28.08 MPa. Therefore, under E1 and E2 seismic action, the tunnel second
lining structure did not produce compression damage.
As indicated in Tables 5 and 6, under E1 and E2 seismic action, the maximum value
in the maximum principal stress peak at each monitoring point of the tunnel second
lining structure is tensile stress, and all of them are less than the standard value dynamic
tensile strength of C35 concrete of 2.64 MPa. Under E2 seismic action, the maximum
peak principal stress at the arch shoulder and foot of the tunnel second lining structure
is larger compared to other parts.
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Since the tunnel structure is in a state of elastic to elastoplastic transition under
E2 seismic action, the second lining principal structure model is the Mohr-Coulomb
principal structure ideal elastic-plastic model. However, under the ideal elastic-plastic
model, the maximum tensile stress value will not exceed the standard value of dynamic
tensile strength of C35 concrete of 2.64 MPa. Therefore, whether the second lining
structure is damaged in tension cannot be discerned only by whether the peak tensile
stress exceeds 2.64 MPa. At this point, the distribution of the post-earthquake plastic
zone of the second lining structure should be further analyzed to determine the part of
the second lining structure that has been damaged.
Table 3. Peak value of minimum principal stress at monitoring point under E1 earthquake (MPa)
Seismic
wave

Support
scheme

Arch
crown

Right
arch
shoulder

Right arch
waist

Right
arch foot

Arch base

Left arch
foot

Left arch
waist

Left arch
shoulder

EL wave

The
original

−2.059

−3.636

−5.749

−6.684

−0.093

−6.273

−5.880

−3.502

EL wave

New
scheme
1

−2.097

−3.810

−6.744

−6.789

−0.100

−6.349

−6.557

−3.765

EL wave

New
scheme
2

−2.103

−3.788

−6.788

−6.830

−0.086

−6.401

−6.703

−3.712

Hanshin
wave

The
original

−2.492

−6.276

−5.753

−9.291

−0.884

−8.905

−5.896

−6.073

Hanshin
wave

New
scheme
1

−2.503

−6.317

−6.798

−9.394

−0.747

−9.091

−6.671

−6.224

Hanshin
wave

New
scheme
2

−2.503

−6.271

−6.851

−9.451

−0.759

−9.138

−6.832

−6.145

CC wave

The
original

−2.045

−3.541

−5.721

−6.818

−0.094

−6.218

−5.887

−3.806

CC wave

New
scheme
1

−2.081

−3.716

−6.725

−6.932

−0.124

−6.326

−6.566

−4.056

CC wave

New
scheme
2

−2.087

−3.693

−6.773

−6.974

−0.111

−6.376

−6.711

−4.002
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Table 4. Peak value of minimum principal stress at monitoring point under E2 earthquake (MPa)

Seismic
wave

Support
scheme

Arch
crown

Right
arch
shoulder

Right
arch
waist

Right
arch foot

Arch base

Left arch
foot

Left arch
waist

Left arch
shoulder

EL wave

The
original

−2.956

−8.970

−5.809

−11.865

−2.026

−11.401

−6.051

−9.560

EL wave

New
scheme 1

−2.887

−8.814

−7.009

−12.155

−1.789

−11.568

−6.881

−9.403

EL wave

New
scheme 2

−2.891

−8.757

−7.064

−12.225

−1.808

−11.618

−7.052

−9.332

Hanshin
wave

The
original

−5.277

−20.041

−8.184

−20.435

−5.846

−20.855

−8.081

−20.311

Hanshin
wave

New
scheme 1

−5.942

−18.793

−8.439

−20.959

−5.656

−21.371

−8.216

−18.615

Hanshin
wave

New
scheme 2

−5.938

−18.841

−8.439

−21.003

−5.668

−21.407

−8.329

−18.624

CC wave

The
original

−3.050

−10.182

−5.737

−11.338

−2.214

−11.988

−6.249

−8.309

CC wave

New
scheme 1

−2.936

−9.907

−6.767

−11.527

−2.092

−12.378

−7.146

−8.290

CC wave

New
scheme 2

−2.942

−9.847

−6.811

−11.597

−2.108

−12.437

−7.315

−8.221

Table 5. Peak value of maximum principal stress at monitoring point under E1 earthquake (MPa)
Seismic
wave

Support
scheme

Arch
crown

Right
arch
shoulder

Right arch
waist

Right
arch foot

Arch base

Left arch
foot

Left arch
waist

Left arch
shoulder

EL wave

The
original

0.041

0.253

−0.280

−0.893

0.872

−0.916

−0.278

0.399

EL wave

New
0.051
scheme 1

0.090

−0.390

−1.057

0.826

−0.930

−0.364

0.102

EL wave

New
0.041
scheme 2

0.050

−0.380

−1.079

0.825

−0.972

−0.363

0.103

Hanshin
wave

The
original

0.164

1.889

−0.280

0.841

0.873

0.893

−0.279

1.878

Hanshin
wave

New
0.185
scheme 1

1.607

−0.400

0.690

0.817

0.903

−0.373

1.562

Hanshin
wave

New
0.176
scheme 2

1.626

−0.390

0.602

0.820

0.888

−0.371

1.612

CC wave

The
original

0.054

0.537

-0.278

−0.906

0.860

−0.914

−0.278

0.320

CC wave

New
0.066
scheme 1

0.272

−0.388

−1.064

0.813

−0.957

−0.368

0.078

CC wave

New
0.056
scheme 2

0.255

−0.378

−1.086

0.812

-0.997

−0.366

0.080
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Table 6. Peak value of minimum principal stress at monitoring point under E2 earthquake (MPa)
Seismic
wave

Support
scheme

Arch
crown

Right
arch
shoulder

Right arch
waist

Right
arch foot

Arch base

Left arch
foot

Left arch
waist

Left arch
shoulder

EL wave

The
original

0.283

2.164

−0.282

1.508

0.853

1.483

−0.305

2.173

EL wave

New
0.323
scheme 1

1.994

−0.389

1.257

0.798

1.315

−0.376

1.959

EL wave

New
0.312
scheme 2

2.015

−0.378

1.189

0.802

1.314

−0.374

1.994

Hanshin
wave

The
original

0.751

2.482

−0.476

1.636

0.891

1.905

−0.471

2.486

Hanshin
wave

New
0.564
scheme 1

2.465

−0.515

1.368

0.838

1.546

−0.441

2.444

Hanshin
wave

New
0.541
scheme 2

2.458

−0.504

1.339

0.841

1.567

−0.449

2.437

CC wave

The
original

0.336

2.276

−0.281

1.464

0.852

1.601

−0.323

2.145

CC wave

New
0.380
scheme 1

2.140

−0.384

1.229

0.797

1.379

−0.378

1.940

CC wave

New
0.363
scheme 2

2.151

−0.374

1.157

0.801

1.379

−0.376

1.979

5.3 Plastic Zone Analysis of Tunnel Second Lining Structure
Under E1 seismic action (El-Centro wave, Hanshin wave and CC wave), the postearthquake plastic zone distribution of tunnel second lining structure of three support
schemes is shown in Fig. 3 and Fig. 4.
Under the action of El-Centro wave or Hanshin wave, the post-earthquake plastic
zone distribution of the second lining structure of each support scheme is the same, as
shown in Fig. 3(a) and Fig. 3(b) respectively.
Figure 3 and Fig. 4 show that the tensile failure area of the tunnel second lining
structure of the three support schemes is at the arch bottom. The tensile failure volume is
small, and the volume of plastic zone per linear meter is 1.096 m3 –1.436 m3 . Therefore,
the tunnel is in a safe and stable state as a whole.

(a) El-Centro wave

(b) Hanshin wave

Fig. 3. Plastic zone of tunnel second lining structure during E1 seismic action
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(a) The original

(b) New scheme 1

(c) New scheme 2

Fig. 4. Plastic zone of tunnel second lining structure during E1 seismic action (CC wave)

Under E2 seismic action (El-Centro wave, Hanshin wave and CC wave), the postearthquake plastic zone distribution of tunnel second lining structure of three support
schemes is shown in Fig. 5, Fig. 6 and Fig. 7.

(a)The original

(b)New scheme 1

(c)New scheme 2

Fig. 5. Plastic zone of tunnel second lining structure during E2 seismic action (El-Centro wave)

a

The original

b

New scheme 1

c

New scheme 2

Fig. 6. Plastic zone of tunnel second lining structure during E2 seismic action (Hanshin wave)

a

The original

b

New scheme 1

c

New scheme 2

Fig. 7. Plastic zone of tunnel second lining structure during E2 seismic action (CC wave)

Figure 5, Fig. 6 and Fig. 7 show that under the action of El-Centro wave and CC
wave, the failure area of tunnel second lining structure of the three support schemes is
conjugate 45° with the horizontal direction, and the distribution area of plastic zone is
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mainly concentrated in the spandrel, arch foot and arch bottom, all of which are mainly
tensile failure.
Under the action of Hanshin wave, the second lining structure of the tunnel with
three support schemes has tensile failure at the arch shoulder, arch foot and arch bottom.
Through analysis, it is considered that the natural vibration period of the tunnel structure
may be very close to the predominant period of seismic wave, so the seismic response
of Hanshin wave is amplified. At the same time, the tunnel second lining structure of
the three support schemes produces a small range of shear failure, but the difference
of shear failure volume is small. In the original scheme, new New scheme 1 and new
scheme 2, the volume of shear failure per linear meter of tunnel second lining structure
is 1.266 m3 , 0.780 m3 and 0.820 m3 respectively.
Under E2 seismic action (El Centro wave, Hanshin wave and CC wave), the tensile
damage volume statistics per linear metre in the plastic zone for the three support schemes
after the earthquake are shown in Fig. 8.

Fig. 8. Volume statistics of the plastic zone of the tunnel second lining structure

As shown in Fig. 8, the amount of tensile damage of the tunnel second lining structure
is the same for the three support schemes when Hanshin wave is acting. However, the
volume of tensile damage in the plastic zone of the tunnel second lining structure for
the new New scheme 1 and 2 is reduced during the action of other seismic waves. The
maximum reduction in the tensile damage volume of the tunnel second lining structure
for the new New scheme 1 is 16.04% compared to the original scenario for the CC wave
action, and the maximum reduction in the tensile damage volume of the tunnel second
lining structure for the new scheme 2 is 15.14% compared to the original scenario for the
El-Centro wave action. Overall the tensile damage areas produced by the three scenarios
are not very different.
Comparing the deformation, stress and plastic zone distribution of the second lining
of the three support schemes, it can be seen that the seismic performance of all three is
basically the same. Comparing the support measures, it can be seen that the new support
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structure reduces the number of anchors used compared to the original support structure.
This reduces disturbance to the surrounding rock and has obvious advantages in terms
of optimising construction costs, making the new support structure worth promoting.

6 Conclusions
Through the numerical simulation of Xinglinpu tunnel of Yanchong expressway by
FLAC3D, this paper analyzed the seismic dynamic response of the tunnel under grade
V surrounding rock when the original support structure scheme and the new support
structure scheme 1 and 2 were adopted respectively. The following conclusions are
drawn:
(1) Under E1 seismic action, the compressive stress of tunnel second lining structure in
the three support schemes is less than the standard value of dynamic compressive
strength of C35 concrete, and the tensile stress is less than the standard value of
dynamic tensile strength of C35 concrete. There is less plastic damage at the bottom
of the plastic zone of the second lining structure after the earthquake. The tunnel
structure meets the requirements of "no damage in small earthquake" and is safe
and stable as a whole.
(2) Under E2 seismic action, the maximum convergence value of tunnel second lining
structure in the three support schemes is less than the maximum convergence value
(5‰ of tunnel span) required in the code. The plastic failure area of the second
lining structure after the earthquake is conjugate 45° with the horizontal direction,
which is mainly concentrated at the arch shoulder and arch foot. The plastic zone
of the whole second lining structure is not penetrated, which is local failure and
meets the “repairable level under moderate earthquake action”.
(3) Compared with the seismic performance of the original support structure scheme
and the new support structure scheme, the seismic performance of the two schemes
is basically the same. The new support structure reduces the number of anchors,
so it can reduce the disturbance to the surrounding rock. Because of its obvious
advantages in construction cost optimization, the new support structure is worth
popularizing.
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Abstract. Hydraulic coupling triaxial test and acoustic emission test were carried out for Xiluodu basalt. The test results show that the peak strength of basalt
increases with the increase of confining pressure, showing a typical hard brittle behavior. When the confining pressure remains unchanged, the peak strength
decreases gradually with the increase of initial water pressure, and the hard brittleness decreases; Increasing the initial water pressure can promote the propagation
of rock cracks, and the cumulative count of acoustic emission increases significantly with the increase of water pressure. Under the combined action of water
pressure in the hole and external stress, the tensile failure occurs first and mainly in
the internal cracks of basalt. Further, the functional relationship among crack initiation stress, confining pressure and water pressure is obtained through theoretical
derivation and three-dimensional spatial data fitting. On this basis, the empirical
relationship between critical water pressure, confining pressure and water pressure
is established. The correlation is consistent with the test results, which has a good
reference value for the study of critical water pressure of basalt crack propagation
under hydraulic coupling.
Keywords: Hydraulic coupling · Acoustic emission · Crack propagation · Crack
initiation stress · Critical water pressure

1 Introduction
In the hydropower projects under construction and built in China, the Underground Powerhouse Caverns, headrace tunnels or dam foundation slopes often face the combined
action of high ground stress and strong osmotic pressure. Therefore, the research on the
mechanical properties of rock mass or rock under hydraulic coupling has always been
one of the hot issues in the field of geotechnical engineering. For example, Zhu Zhende
et al. [1], Yu Jin et al. [2], Xu Jiang et al. [3] carried out stress seepage coupling indoor
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triaxial tests on limestone, sandstone and granite, studied the relationship between rock
permeability, stress, strain and pore water pressure, and discussed the influence of pore
water pressure on rock strength characteristics Deformation law and damage evolution.
In addition, Li Junping [4], Zhao Xingdong [5] analyzed the acoustic emission characteristics in the whole process of rock fracture under hydraulic coupling by collecting the
acoustic emission signals in the test process.
The above studies show that the pore water pressure in the micro crack in the rock has
a great influence on the fracture process under the hydraulic coupling effect. When the
pore water pressure reaches the critical value, it will lead to the initiation, propagation
and penetration of internal cracks in rock (also known as hydraulic fracturing), which is
also an important factor inducing a series of engineering accidents such as tunnel water
gushing, rock slope landslide, reservoir earthquake and so on. K. S. min [6] and others
successfully simulated the crack initiation and propagation under hydraulic fracturing by
using vmib model, establishing equilibrium equation and introducing Weber Distribution
Considering Rock heterogeneity; Tang Liansheng [7] derived a new fracture strength
criterion of rock mass considering closed and open cracks under dynamic, hydrostatic
pressure and hydrochemical damage based on the strength factor of crack tip; Bian
Kang [8] combined the stress analysis of hydraulic tunnel with the crack propagation
of surrounding rock from the macro and micro perspectives by using the propagation
criterion of fracture mechanics, and deduced the calculation formula of critical water
pressure for crack propagation of surrounding rock of hydraulic tunnel under tension
shear and compression shear conditions; Sheng Jinchang [9] and others further studied
the pressure shear crack propagation mechanism of the surrounding rock crack of the
hydraulic tunnel on the basis of the mode I tensile failure of the crack; In addition,
Cui Shaoying [10] also gave two methods to calculate the critical pore water pressure of
hydraulic fracturing, and determined the critical pore water pressure in case of instability
failure of surrounding rock. However, most of the above studies on critical pore water
pressure are based on the analytical solution of fracture mechanics theory, which has
insufficient adaptability to the popularization and application of engineering. In addition,
more in-depth research is needed on the relationship between critical pore water pressure
and external hydraulic conditions.
Critical pore water pressure is one of the important breakthroughs in the study of
rock fracture mechanism under hydraulic coupling. Taking Xiluodu basalt as the research
object, through hydraulic coupling indoor triaxial test and acoustic emission test, this
paper studies the relationship between critical pore water pressure, confining pressure
and initial water pressure of basalt, and puts forward an empirical calculation formula of
critical pore water pressure during hydraulic fracture of basalt, The related research has
important reference value and significance for rock fracture behavior and mechanism
under hydraulic coupling and related engineering practice.

2 Test Principle and Method
The riverbed bedrock in the dam site area of Xiluodu hydropower station is Emeishan
basalt of Upper Permian system. The color of basalt specimen is dark cyan, its particle
composition is fine and uniform, and there are no obvious macro cracks and holes in
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the appearance. The cylindrical standard specimen with diameter of 50mm and height
of 100mm is uniformly made by drilling, cutting and grinding. The test was carried
out on mts815.04 electro-hydraulic servo stiffness testing machine of Wuhan Institute
of geotechnical mechanics, Chinese Academy of Sciences. Acoustic emission acquisition system is a PC-II acoustic emission (AE) three-dimensional positioning real-time
monitoring and display system developed by physical acoustics company. The sampling
frequency is 5 MHz and the data recording threshold is 45 dB.
In the triaxial compression test of basalt, the confining pressure is selected as three
different confining pressure values of 20 MPa, 25 MPa and 30 MPa. Under different
confining pressures, the initial water pressure P increases according to the gradient,
which are 5 MPa, 10 MPa and 15 MPa respectively. During the test, the initial water
pressure remains unchanged. In order to carry out the test smoothly and keep the basalt
sample in a closed state under water force coupling, it is necessary to ensure that the
initial water pressure P is less than the confining pressure. Before the test, according to
the test requirements, the sample shall be soaked freely to reach the saturation state, and
the soaking time shall not be less than 48h. The overall test method is as follows:
(1) In the initial stage, the axial pressure and confining pressure are applied by controlling the load rate. Apply axial pressure and confining pressure at the same time
until the predetermined confining pressure value, and keep the confining pressure
value unchanged in the subsequent test process.
(2) Apply pressurized water. Apply pressurized water at the port at the rate of 1 MPa/min
and gradually reach the predetermined water pressure. The water outlet at the top
of the sample is connected with the atmosphere to ensure that the water pressure at
both ends of the sample is the same. Throughout the test, the end water pressure of
the sample remains unchanged.
(3) Keep the confining pressure and water pressure unchanged, and load the axial
pressure at a constant loading rate. When the sample enters the unstable expansion
stage, the axial pressure control mode is changed to circumferential strain rate
control until the sample is damaged.

3 Test Results and Analysis
3.1 Typical Stress-Strain Curve
Figure 1 shows the whole process curves of stress-strain under different water pressures
when the confining pressure is 20 MPa. The analysis shows that the phenomenon of
stress drop behind the peak of basaltic rock is very obvious, showing typical hard brittle
behaviour; With the increase of water pressure, the peak strength of rock gradually
decreases and the stress drop gradually weakens, indicating that water pressure will
weaken the compressive strength of rock and weaken its hard brittleness to a certain
extent.
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3.2 Analysis of Acoustic Emission Results
3.2.1 Acoustic Emission Event Rate Characteristics
According to the characteristics of the rock failure process, the rock failure process
can generally be divided into four stages [11]. Since basalt is a hard brittle rock, the
compaction section of the stress-strain curve in Fig. 2 is not obvious or even visible.
It can be considered that basalt mainly displays three stages in the compression failure
process, namely elastic stage (I) and crack stable propagation stage (II) And the unstable
crack growth stage (III).
Figure 2 shows the whole process curve of basalt stress time and the change curve of
acoustic emission event rate under 5 MPa water pressure and 20 MPa confining pressure.
The analysis shows that in the elastic stage, the rock sample is mainly elastic deformation,
and there is almost no acoustic emission activity.When entering the stable crack growth
stage, acoustic emission events occur, indicating that the pressurized seepage has entered
the rock and led to the crack to begin to crack. Therefore, this paper takes the time when
the initial acoustic emission event occurs as the boundary between stage I and stage II,
and considers this time as the time point of crack initiation; In the unstable crack growth
stage, the AE event rate increases sharply and reaches the peak.
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Fig. 2. Changes of basalt axial stress and
acoustic emission event rate with time under
the conditions of 20 MPa confining pressure
and 5 MPa water pressure

3.2.2 Ra-Af Value Characteristics
The Japanese concrete AE monitoring code introduces a fracture type discrimination
method based on AE parameters. In this method, the ratio of ring count to duration is
defined as average frequency AF (unit kHz), and the ratio of rise time to maximum
amplitude is defined as RA (unit MS/V). RA value and AF value are usually used as
reference methods to judge rock failure types. High RA value and low AF value indicate
shear failure of rock, and low RA value and high AF value indicate tensile failure of
rock [12].
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In order to study the characteristics of rock fracture behaviour in different time
domains, taking basalt samples under 20 MPa confining pressure and 15 MPa initial
water pressure as an example, Fig. 3 shows the distribution of RA-AF values of basalt
at different stages. It can be seen from the figure that the basalt is dominated by crack
tension failure in stage II, the AF value of acoustic emission is high and increases
rapidly, and the RA value is small and basically unchanged; In the third stage, there
are two failure modes of shear and tension in the internal cracks of basalt. The acoustic
emission signals with high RA value and low AF value are significantly increased, and
the acoustic emission signals with low RA value and high AF value are more dense,
indicating that the crack failure at this stage is mainly shear failure.
In general, it can be considered that there is pressurized seepage in the internal
cracks of the rock. When the pore pressure in the crack reaches a critical state, the crack
will firstly undergo tension failure, and then gradually expand and extend, due to the
asymmetry and bending characteristics of the crack When entering the unsteady growth
stage of cracks, under the continuous hydraulic-mechanical coupling action, the crack
gap gradually becomes larger, and frictional slippage occurs at the upper and lower
interfaces of the crack, and then the shear failure is the main form and the tension failure
is supplemented. The fracture surface is partially sheared and finally penetrated to form
a macro fracture surface, which is similar to the conclusion of T. Backers [13].
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Fig. 3. Distribution map of RA-AF at different stages

3.3 Crack Initiation Stress and Critical Water Pressure
According to the characteristic values of RA-AF, under the condition of hydraulic coupling, the internal crack of basalt mainly occurs tensile failure under the combined action
of internal water pressure and external stress. This failure mode shows that when the
initial water pressure fills the pores in the rock and reaches a certain threshold, the tensile
failure will occur around the pores first. In order to facilitate the research, the vertical
load borne by the rock at this time is called crack initiation stress, and the corresponding
pore water pressure is called critical water pressure.
Figure 4 shows the relationship curve between crack initiation stress, confining pressure and initial water pressure. The analysis shows that when the initial water pressure

Research on Crack Propagation and Critical Water Pressure

399

is constant, the crack initiation stress increases with the increase of confining pressure;
When the confining pressure is constant, the crack initiation stress decreases with the
increase of initial water pressure. At the same time, the variation law of crack initiation
stress with initial water pressure and confining pressure is approximately linear.
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Fig. 5. Crack model filled with water inside

4 Calculation Formula of Critical Pore Water Pressure
At present, the research on critical water pressure of rock under hydraulic coupling conditions is mainly based on theoretical analytical methods. The relevant analytical formulas
are difficult to verify through experimental test data, which restricts the promotion and
application of these theoretical formulas. This article assumes that the original internal
cracks in basalt are circular pores. For cracks filled with water, the mechanical model of
the crack under pseudo triaxial test conditions is shown in Fig. 5. The infinite body with
circular cracks in Fig. 5 bears bidirectional uniform compressive stress and the initial
water pressure is completely filled inside the pores, that is the pore water pressure is
equal to the initial water pressure.
According to the relevant theories of elasticity and considering the initial water
pressure P and critical water pressure Pi , the stress around the circular crack can be
expressed as [14]:
⎧
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In formula (1): σ 1 and σ 3 represent the maximum and minimum compressive stress
respectively. σ r and σ θ represent the radial normal stress and the tangential normal stress

400

D. Tang et al.

at the distance r from the hole centre and the angle θ with the σ 3 direction. R is the
radius of the circular crack.
Let r = R to get the stress state on the circular hole wall:
⎧
⎨ σr = P + Pi
(2)
σ = (σ3 + σ1 ) − 2(σ3 − σ1 ) cos(2θ ) − P − Pi
⎩ θ
τrθ = 0
The surface of a circular crack will generate tangential stress under the action of
pore water pressure. It can be seen from Eq. (2) that σ θ is a function of θ, that is σ θ =
f(θ ).Taking the derivative to get θ = 0° and σ θ has a minimum. It means that the hole
wall tension failure will occur in the direction parallel to σ 1 . At this time, σ θ reaches
the tensile strength T of basalt:
T = 3σ1 − σ3 − P − Pi

(3)

In this paper, the compressive stress is positive, the tensile stress is negative, and
the tensile strength T is changed. When the circular crack hole wall undergoes tensile
failure, the corresponding σ 1 is the initiation stress σ ci , then the formula (3) can be
expressed as:
σci =

1
(T + σ3 + P + Pi )
3

(4)

Equation (4) gives the functional relationship between σ ci , σ 3 and P. However, it is
inconsistent with the linear relationship with σ ci , σ 3 and P in Fig. 4. Author believes
that this inconsistency is mainly related to Pi . Since σ ci is a physical quantity related to
σ 3 and P. Pi is the pore water pressure inside the crack when the axial stress reaches the
initiation stress σ ci . Therefore, it can be considered that Pi in Eq. (4) is also a variable
related to σ 3 and P. To suppose Pi = f(σ 3 ,P), at the same time, in order to simplify the
research, the paper assumes that the tensile strength T is a constant.
The relationship between σ ci , σ 3 and P in Fig. 4 is plane fitted in three-dimensional
space.The plane equation is obtained as shown in Eq. (5):
242σ3 − 310.21P − 28.44σci + 1437.38 = 0

(5)

Combining Eq. (4), the relationship between critical water pressure Pi , σ 3 and P is
obtained.
Pi = 24.81σ3 − 34.06P + 153.15 − T

(6)

It can be seen from the empirical relationship of Eq. (6), Under the same initial
water pressure, the critical water pressure Pi increases with the increase of the confining
pressure. Under the same confining pressure, the greater the initial water pressure, the
critical water pressure Pi decreases, which shows this empirical relationship is consistent
with the experimental test results, indicating that formula (6) describes the relationship
between Pi , σ 3 and P is accurate.
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5 Conclusion
Taking Xiluodu basalt as the research object, the hydraulic coupling triaxial test and
acoustic emission test are carried out, and the following conclusions are obtained.
(1) The hydraulic coupling triaxial test shows that when the initial water pressure is
constant, the post peak stress drop phenomenon of basaltic rock is obvious, and the
peak strength increases with the increase of confining pressure, showing a typical
hard brittle behavior; When the confining pressure remains unchanged, its peak
strength decreases gradually with the increase of initial water pressure, and the
stress drop decreases gradually, indicating that the water pressure will weaken the
compressive strength of rock and weaken its hard brittleness to a certain extent.
(2) Acoustic emission test results show that water pressure has a great impact on acoustic emission activities, mainly in the post peak stage of rock. The cumulative acoustic
emission count increases with the increase of water pressure, indicating that water
pressure will stimulate the generation and propagation of rock cracks to a certain
extent. The distribution of RA-AF value of basalt at different stages shows that
the tensile failure occurs first and mainly under the combined action of pore water
pressure and external stress.
(3) Based on the theoretical derivation of single circular hole and the fitting of threedimensional spatial data, the functional relationship between σ ci , σ 3 and P is
obtained respectively. Through comparative analysis, the empirical relationship
between critical water pressure Pi , σ 3 and P is established. The correlation is consistent with the test results, which shows that the description of the relationship
between Pi , σ 3 and P in this paper is accurate.
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Abstract. As an innovative information technology, Digital Twin has greatly promoted the development of intelligent manufacturing in the industry. However, in
the field of geotechnical engineering, there are still few researches on this aspect,
which is still a “new territory” and “no man’s land”. The concept of digital twin
coincides with the needs of geotechnical engineering informatization, so the introduction of digital twin technology into the field of geotechnical engineering will
help to promote the development process of geotechnical engineering informatization and digitization. This paper puts forward and defines the digital twin model
of geotechnical engineering, describes the connotation of the digital twin model,
and studies the architecture of the digital twin model of geotechnical engineering.
On this basis, the integration and sharing mechanism of geotechnical engineering
digital twin data based on BIM technology is proposed. In order to break through
the defect that the geotechnical engineering information model has not fully played
its role for a long time, an integrated model of geological body and structural body
is constructed based on the construction and integration module of geotechnical
digital twin model. Furthermore, the geotechnical engineering digital twin simulation analysis module is developed to initially form the geotechnical engineering
digital twin model, so as to realize the geotechnical engineering digital design,
collaborative construction, visual decision-making and transparent management.
Keywords: Digital twin model of geotechnical engineering · Sharing
mechanism · Integration · BIM · Simulation analysis

1 Introduction
Around the world, with manufacturing development strategies put forward by many
countries such as Made in China 2025, German Industry 4.0 and American Industrial
© The Author(s) 2022
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Internet, intelligent manufacturing has become a common trend and goal of global manufacturing development [1–3]. How to realize the mapping and integration of physical
world and virtual world is one of the crucial obstacles in the field of intelligent manufacturing at home and abroad. As a key technology to solve the problem of the integration
of physical world and virtual world in the process of intelligent manufacturing, digital
twin has been widely concerned and studied in recent years, and has been gradually
applied in some fields.
The idea of digital twin was first proposed by Professor Michael Grieves [4]. For
the concept of virtual digital expression, it was named as “mirror space model” and
“information mirror model” at first, and then evolved into the term “digital twin” in
2011. NASA was the first to propose the use of digital twin technology. By building
a virtual aircraft model that is the same as the real aircraft, the flight state of the real
aircraft can be accurately simulated to assist the pilot to make correct decisions [5, 6].
Since then, the concept of digital twinning has been taken seriously and popularized in
the aviation industry.
During the continuous development of the concept of digital twin, Thomas introduced the theoretical research of real-time data acquisition based on digital twin [7].
Wang defined the man-machine cooperation framework system based on digital twin
technology, and developed the man-machine co assembly system [8]. Liu and others
proposed the research on digital twin modeling methods in their respective fields based
on digital twin technology [9]. David studied the use of digital twin technology to
enhance the level of disaster management [10]. During the COVID-19 pandemic, the
Central South Architectural Design Institute used digital twin technology to plan and
design the world-famous Wuhan Raytheon hospital, which help the hospital quickly put
into operation.
In terms of digital twin city construction, it is in the early stage of construction and
has made a certain contribution to urban decision-making, but many applications are
relatively macro. Specifically in the field of civil engineering, a lot of research on digital
twin is basically still in the theoretical research stage, most of them only solve local
details, and there is a big gap compared with satellite, automobile, aircraft and other
fields. Subdivided into the field of geotechnical engineering, the research is still a “new
territory”, “no man’s land”.
By introducing digital twin technology into the field of geotechnical engineering, we
will focus on the construction of geotechnical engineering digital twin model, promote
the professional application of geotechnical digital twin, and explore a new geotechnical
engineering digital construction path and practice mode. However, there are still a lot
of careful work to be carried out, but also need theoretical innovation and technical
breakthrough. Therefore, this paper puts forward and defines the digital twin model of
geotechnical engineering, describes the connotation of the digital twin model, studies
the system structure of the digital twin model of geotechnical engineering, further builds
the integrated model of geotechnical engineering, develops the simulation and analysis
module of geotechnical engineering digital twin, and preliminarily forms the digital twin
model of geotechnical engineering.
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2 Definition and Connotation of Digital Twin Model in Geotechnical
Engineering
Please follow these instructions as carefully as possible so all articles within a conference
have the same style to the title page. This paragraph follows a section title so it should
not be indented.
At present, the research on geotechnical engineering digital twin model is in the
conceptual stage, lack of systematic definition and description. Considering the characteristics of geotechnical engineering, based on the concept and evolution process of
digital twin, this paper gives the definition of geotechnical engineering digital twin
model: use digital technology to describe and express the object characteristics, construction process, and real-time status of geotechnical engineering physical entities, so
as to form a multi-scale, interactive and dynamic simulation virtual model (Digital twin
body) accurately mapped with the objective geotechnical physical entities (completely
corresponding) in the real world, which will be used to simulate and predict the state in
the whole life cycle of geotechnical engineering.
Through the definition of geotechnical digital twin model, we can further analyze
the connotation of digital twin model: (1) geotechnical engineering digital twin model
is a virtual model of the physical entity of geotechnical engineering project in the real
world, which can store all kinds of data and information in the whole life cycle of
geotechnical engineering project. (2) Considering that the engineering geological body is
naturally formed and has certain concealment, the geological information will be updated
frequently with the progress of geotechnical engineering projects, so the geotechnical
digital twin model needs to be constantly updated and interacted with the physical entities
of geotechnical engineering projects. (3) There are multi-scale problems in the process
of simulating the physical entity of geotechnical engineering projects. In the process
of simulating geotechnical engineering for different purposes (such as visualization,
computability, etc.), we need to extract different information from the digital twin model.
(4) We can simulate and predict the possible status of geotechnical engineering projects
in the specific construction process, and take measures in advance to ensure the progress
of the projects.
The digital twin model of geotechnical engineering is formed in the stage of geotechnical engineering investigation and design. The three-dimensional information model
constructed based on the actual survey data and design data forms the basis of the digital
twin model of geotechnical engineering, which is further applied in the whole life cycle
stage of geotechnical engineering projects. Digital twin model is not only the expression of geometric shape of geotechnical engineering model, but also can contain various
semantic information of geotechnical engineering object and reflect some mechanical
properties of geotechnical engineering object. Through the real-time interaction with
the data and information of the construction site, the accuracy of the digital twin model
of geotechnical engineering can be continuously improved. By the dynamic display of
geotechnical engineering project, the real-time change of state in the life cycle process
is simulated, and the possible state of actual geotechnical engineering is predicted.
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3 Architecture of Digital Twin Model in Geotechnical Engineering
In order to construct the digital twin model of geotechnical engineering, it is necessary
to build the underlying architecture based on the digital twin model to store and express
the digital twin model. Then, the multi-source data of geotechnical engineering need
to be standardized and systematized. For engineering geological body and engineering
structure object, parameterization and digitalization techniques are used to build 3D
information model respectively. On the basis of 3D information model and unified data
standard, the integration of multiple models is realized. It is necessary to use the IOT
technology to map the model to the geotechnical engineering physical entity, so as to
ensure the high simulation of the digital twin model and physical entity. Further, in combination with the needs of specific geotechnical engineering projects, we can combine
numerical simulation, big data, augmented reality, cloud computing, lightweight and
other technologies to carry out model expression, simulation, intelligent prediction and
decision-making assistance for digital twin models.

Digital twin model for geotechnical engineering
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Fig. 1. Digital twin model architecture
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The architecture of digital twin model in geotechnical engineering is described from
three aspects: underlying architecture, method system and application requirements
(Fig. 1).
3.1 Underlying Architecture
In order to realize the top-level design of geotechnical engineering digital twin model
theory, it is necessary to further define the internal data structure of the model object,
organize the internal spatial data relations of the model object, form a clear hierarchy
structure inside the model object, and complete the description of geotechnical engineering digital twin model. The data model for digital twin model of geotechnical engineering
should abide by the following principles:
• Applicability: the model adopts a unified data structure, which can not only describe
the data characteristics of geological body and structural body, but also describe the
geometric network relationship within the entity.
• Universality: it can not only build geological body and structure model, but also meet
the needs of geotechnical mechanical analysis.
• Consistency: the data model supports Boolean operation analysis of engineering geological body and engineering structure model, and ensures the geometric topology
consistency of the two models at the location of the common contact surface after
operation.
• Compatibility: data structure can be easily converted with other data structures.
3.2 Method System
• Model construction: develop 3D geological modeling method for engineering geological body. Aiming at the engineering structure, the existing BIM software is used
to develop the engineering structure component library and parametric component
modeling method.
• Data fusion: based on the unified data standard, the integration of engineering
geological body model and engineering structure model is realized.
• Simulation analysis: Dynamic loading of construction progress and time information, the simulation method of dynamic construction is established. Combined with
mechanical parameters, the information model can be calculated, and the simulation
analysis technology for geotechnical engineering digital twin model is formed.

4 Data Integrating and Sharing Mechanism of Digital Twin Model
Based on Bim
Considering that IFC (Industry Foundation Classes) are extensible and unified data
formats published by buildingSMART International for defining BIM models, so we
exchange and share BIM model information and data based on IFC standard. By
analyzing the existing IFC Standard Framework system, the IFC Standard expansion
mechanism is studied.
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According to the geotechnical engineering characteristics, aiming at the engineering structure and engineering geological object, the fusion mechanism of geotechnical
information model based on IFC Standard is developed, and the basic data system of
geotechnical digital twin model based on IFC Standard is formed.

5 Modeling and Integration of Digital Twin Model in Geotechnical
Engineering
According to the borehole information, the interface information of each borehole stratum can be obtained. The DEM method is used to interpolate each formation interface,
and the depth of each layer of borehole is used to calculate the formation layer. By intersecting each layer, topological relationship is re-established, and the upper and lower
layers are formed. The intersecting strata are intersected to form a 3D geological model.
Based on BIM technology, considering the structural component characteristics of
different types of engineering, the structural component families of various types of
geotechnical engineering are generated through parametric modeling method. On this
basis, the structural component library of geotechnical engineering is formed. Using
geotechnical structural components, according to geotechnical engineering construction
technology and construction method, the assembly technology of geotechnical structural
components is developed, and a set of parameterized modeling method of geotechnical
structural components based on BIM technology is established. Based on the above
methods, various BIM models of geotechnical engineering constructed are shown in the
Fig. 2.

Fig. 2. BIM model of geotechnical engineering

6 Simulation Analysis Technology for Geotechnical Engineering
Digital Twin
In order to break through the defect that the information model of geotechnical engineering has not played a full role for a long time, we developed the simulation and
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analysis module of geotechnical engineering digital twin based on the construction and
integration module of geotechnical engineering digital twin model.
Based on the integrated model of geological body and structural body, the grid generation technology of BIM model for numerical calculation is developed, and the implementation method of numerical calculation function is formed. The geological model
cutting program for construction process is developed, and the construction dynamic
simulation method based on BIM Technology is constructed. From the two aspects of
numerical analysis and construction simulation, the application research of geotechnical
engineering digital twin model is promoted, and the simulation analysis technology for
geotechnical engineering digital twin is established to make the geotechnical engineering
digital twin model “both beautiful and useful”.
Based on the digital twin model theory of geotechnical engineering, combined with
data standards, modeling methods and simulation analysis, the preliminary construction
of digital twin model of geotechnical engineering is shown in Fig. 3.
Information Data

Digital Twin Model

3D Information Model
Data
Structures
Data standard
Mechanics Analysis
Modeling method
Design
Data

Real-time
Interaction

Data
Fusion
3D Real-time Model

Construction Simulation

Monitoring
Data

Model Management

Fig. 3. The preliminary construction of digital twin model of geotechnical engineering

7 Conclusion
In this paper, digital twin technology is introduced into geotechnical engineering, and
we have preliminarily established the geotechnical engineering digital twin model. By
describing the definition, connotation and system structure of geotechnical digital twin
model, the theoretical basis of geotechnical digital twin model is formed. The basic
data system of geotechnical engineering digital twin model based on IFC standard is
formed, which promotes the data fusion of information model built on BIM. Supported
by BIM technology, we have formed the key modeling technology of digital twin. Driven
by mechanical calculation and analysis, the data conversion and information exchange
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between BIM software and geotechnical engineering general numerical analysis software are realized. In order to realize the synchronization of virtual and real, the dynamic
construction simulation of geotechnical excavation and structural application is realized, and the key technology of digital twin modeling and simulation in geotechnical
engineering is formed. The research in this paper lays a solid foundation for the preliminary construction of digital twin model in geotechnical engineering, which promotes
the popularization of digital twin technology in geotechnical engineering and helps the
development of geotechnical engineering informatization and digitization.
Acknowledgments. The research was supported by National Key R&D Program of China (Grant
No. 2021YFB2600400), Software Development Project (Grant No. 2020D049), National Natural
Science Foundation of China (Grant No. 52079135).
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Abstract. As a widely used support form in tunnel support, the support effect of
steel arch is influenced by the row distance between steel arches. In F8 fault fracture
zone of the North Main Canal of Letan Reservoir in Guangxi, the support system
of “steel arch + shotcrete” in this faulted cavern section was equalized with elastic
modulus and yield stress by using theoretical analysis and numerical simulation,
and the characteristic curves of rock support of deeply buried circular cavern
under modified axisymmetric loading were obtained. The sensitivity analysis and
optimization study of the spacing between steel arches were conducted by using
FLAC3D . The results show that with the increase of steel arch spacing, the cavity
wall displacement increases, the support reaction force decreases nonlinearly, and
the radial displacement and plastic zone around the cavity continue to increase.
When the distance between steel arches >600 mm, the deformation of cavern
perimeter changes abruptly and the plastic zone increases significantly. Based on
comprehensive analysis, the optimization suggestions of steel arch are proposed.
Keywords: Cross-sectional equivalence · Numerical modelling · Steel arch ·
Supporting spacing · Sensitivity analysis

1 Introduction
The construction of the supporting structure can effectively restrain the deformation
of the surrounding rock and improve the overall bearing capacity of the surrounding
rock. For the weak surrounding rock section, a reasonable combined support system
such as grid mesh or steel arch frame is often selected according to the degree of rock
fragmentation. In actual projects, to ensure the safety of the project, a tighter steel
arch spacing is often used, but the reduction of the steel arch spacing will increase the
engineering cost. How to use economical and reasonable steel arch spacing, which can
not only limit the deformation of the surrounding rock, but also be economical and
reasonable, is a technical issue that the project is concerned about.
Many experts and scholars have studied the influence of steel arches on surrounding rock support. Gao et al. [1] conducted numerical simulations on the mechanical
properties of three-composite steel arches and sprayed concrete initial support systems,
© The Author(s) 2022
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and gave recommended value of steel arch spacing under class IV surrounding rock.
Mei Hua et al. [2] used the theory of common deformation to calculate the composite
support of profiled steel arches, suspended steel mesh, and shotcrete. The deformation
and stress of the three complied with the theory of common deformation. The effect of
steel arch spacing on the surrounding rock of class V was analyzed, and corresponding suggestions were put forward for the actual situation of Caigu tunnel project. Li
Xuefeng et al. [3] used the method of equivalent elastic modulus to calculate the supporting system formed by the steel arch and the primary shotcrete. By comparing the
calculation results of different steel arch spacing, in view of reducing cave deformation,
it is not so effective to reduce the steel arch spacing than by changing the thickness
of the initial lining support. Liao Wei et al. [4] used numerical simulation to calculate
the tensile damage of the surrounding rock, and then selected the safe arch spacing for
class V surrounding rock according to the tensile damage area, and verified it by actual
monitoring data. Zuo Qiankun et al. [5] used beam elements to simulate steel arches
and proposed the optimal steel arch spacing of class IV surrounding rock when there
is no inverted arch. Li et al. [6] used beam elements to simulate steel arches and proposed a support arch yielding criterion based on the arch section compression-bending
bearing capacity equation, and embedded the modified beam elements through FISH
language programming. The modified numerical simulation method is more reliable for
large deformation tunnels using combined arch-bolt support, especially in supporting
the bearing and damage behaviour of the arch and anchor rods. Song et al. [7] used a
beam element to simulate steel arches, and the arrangement of the steel arches had a
significant effect on controlling the sinking of the surrounding rock. As the spacing of
the steel arches increased, the vertical displacement of the dome and floor slab increased,
and the areas where larger displacements occurred tended to expand in the direction of
the arches. Wang et al. [8] proposed a steel-concrete composite support system for loess
tunnels, which consisted of a steel arch layer, a reinforced skeleton layer and a concrete
filling layer, and found that the steel-concrete composite support system was superior
to the traditional support system in terms of structural safety and load-bearing capacity.
Liu et al. [9] conducted numerical analysis and field monitoring tests for shallow buried
tunnels under soft surrounding rocks, proposing that under shallow buried tunnel conditions, the tunnel vault is the most unfavourable location and pre-supporting measures
such as pre-emptive small tube grouting should be taken to ensure the safety of tunnel
construction.
In this paper, the theoretical analysis method is applied to equate the elastic modulus
and yield stress of the “steel arch + shotcrete” support system of the Letan Reservoir
TBM diversion tunnel, establishing an equivalent calculation model of the joint support
considering the steel arch. The influence of the steel arch on the surrounding rock displacement and surrounding rock reaction force of the deeply buried circular cavern is
quantitatively evaluated under axisymmetric loading by using modified Fenner formula
and elastic thin shell theory.
The finite difference software “FLAC3D ” is used to establish a three-dimensional
model to simulate the stress-strain characteristics of the surrounding rock and the force
characteristics of the support structure, and to carry out parametric sensitivity analysis
on different steel arch spacing under three-dimensional conditions. The comparison
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verifies the results of the theoretical analysis and provides reference for engineering
support design and construction.

2 Project Overview
The first phase of the Guangxi Guizhong Drought Control Letan Reservoir Diversion and
Irrigation District Project consists of two parts: the main trunk canal and the northern
trunk canal. The former section of the North Main Canal starts from the village of
Nengrong and goes eastwards for about 1.5 km to the village of Yaowa. From the village
of Yaowa, it passes through Chencun and Beisi to Liulang, with a total length of about
25.47 km, mainly in the form of tunnels.
The TBM in the Yaowa-Lulang Tunnel (5.94 m diameter) in the North Main Canal
encountered the F8 fault zone near 17 + 833.2 m (Fig. 1). The F8 fault has the following
attitude: N11°E, SE 85°, tilting downstream and intersecting the axis of the tunnel at
a large angle, with the fault zone partially twisted. The parent rock is mainly muddy
siltstone with a small amount of muddy tuff. The nature of the filling is not homogeneous, and the upper part of the filling has collapsed many times under self-weight and
mechanical vibration, forming pits of different sizes, so it is necessary to take reasonable
support measures to ensure construction safety and overall stability of the surrounding
rock.

Fig. 1. F8 fault geological map.
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3 Basic Theory
3.1 Equivalent Model of the Support System
Due to the intermittent arrangement of the steel arches in the actual project, it is difficult
to obtain the analytical solution for each steel arch. To simplify the calculation, for the
support system of “steel arch + shotcrete” shown in Fig. 2(a), the modulus of elasticity
and yield strength of the steel arch are converted into concrete according to the principle
of equal modulus of elasticity and yield stress. And the concrete parameters are modified
to replace the steel arch for the equivalent of the support system.

(a) Schematic diagram of the "steel arch + shotcrete" support for the tunnel

(b) Section 1-1

(c) Section 2-2

Fig. 2. Schematic diagram of equivalent model of “steel arch + shotcrete”.

As shown in Fig. 2(b), the steel arch is intercepted in section 1-1, the modulus of
elasticity of the H-shaped steel arch is E g , the yield stress is σ g , the height and width
of the steel arch are B. The flange width is t 1 , the web thickness is t 2 , the area is A1 , the
modulus of elasticity of plain concrete is E c , the yield stress is σ c , the area is A2 , the
total area of section 1-1 is A, and the lining thickness is H. The equivalent modulus of
elasticity E h and the equivalent yield stress σ sh of the 1-1 profile are:
Eh = Eg ·

A1
A2
+ Ec ·
A
A

(1)

416

G. Y. Zhang et al.

σsh = σg ·

A1
A2
+ σc ·
A
A

(2)

As shown in Fig. 2(c), the equivalent elastic modulus E 1 and equivalent yield stress
σ s1 of the surrounding rock support system for profile 2-2 with steel arch spacing T are:
E1 = Eh ·

B
T
+ Ec ·
B+T
B+T

(3)

σs1 = σsh ·

B
T
+ σc ·
B+T
B+T

(4)

3.2 Enclosure Support Characteristic Curves
Previous studies have shown [10] that when a tunnel is in a deep burial situation (burial
depth Z ≥ 20R, R being the excavated hole diameter), a deeply buried tunnel can be
simplified to an axisymmetric plane strain problem [11].
3.2.1 Surrounding Rock Characteristic Curves
(1) Elastic state of the surrounding rock. The excavation of a circular cavern chamber of
diameter R in the case of deep burial can be equated to a thick-walled cylinder, where the
external pressure is p0 (mountain rock pressure) and the internal pressure is p1 (support
reaction force).
According to the axial symmetry problem in elastic mechanics and the constitutive equation of plane strain, when there is a support reaction force p1 acting on the
surrounding rock, the elastic radial displacement around the cavern chamber is:
uo =

1+μ R2
(p0 − p1 )
E r

(5)

E -- modulus of deformation of the surrounding rock.
μ -- poisson’s ratio of the surrounding rock.
The inverse relationship between the radial displacement and the support reaction
force is obtained from Eq. (5), and the characteristic curve of the surrounding rock in
the fully elastic state is:
p1 = p0 −

uo E
(1 + μ)R

(6)

(2) Plasticity state of the surrounding rock
When the surrounding rock enters the plastic zone, assuming that the surrounding
rock is an ideal elastic-plastic body, the radius of the plastic zone is Rp , the support
reaction force provided by the lining is p1 , and the mountain rock pressure is p0 , it is
known from the modified Fenner equation [11] that:
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The radius of the plastic zone of the enclosing rock is:

 1−sin ϕ
(p0 + c cot ϕ)(1 − sin ϕ) 2 sin ϕ
Rp = R
(p1 + c cot ϕ)
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c -- the cohesive force of the surrounding rock.
ϕ-- the angle of internal friction of the surrounding rock.
The support reaction forces are:


R
p1 = (p0 + c cot ϕ)(1 − sin ϕ)
Rp



2 sin ϕ
1−sin ϕ

− c cot ϕ

(8)

Radial displacement in the plastic zone:
uo =

ϕ
sin ϕ
(p0 + c cot ϕ)(1 − sin ϕ) 1−sin
(p0 + c cot ϕ)R[
] sin ϕ
2G
p1 +c cot ϕ

(9)

G -- the shear deformation modulus of the surrounding rock.
The inverse relationship between the radial displacement and the support reaction
force is obtained from Eq. (9), and the characteristic curve of the surrounding rock in
the plastic state is:
p1 = (p0 + c cot ϕ)(1 − sin ϕ)[

sin ϕ
sin ϕ(p0 + c cot ϕ)R 1−sin
ϕ − c cot ϕ
]
2Guo

(10)

3.2.2 Support Characteristic Curves
(1) Initial displacement of the surrounding rock
In the relationship of the surrounding rock-support structure, uoc is defined as
the radial displacement of the cavern wall before the support is set, which is the
main unknown quantity and can be calculated by actual field measurements or by
the empirical formula proposed by Hoek [12].
−x/R −1.7
uoc
)]
= [1 + exp(
um
1.10

(11)

x -- the distance of the applied support from the palm face.
um -- the maximum value of the radial displacement of the cave wall.
(2) Maximum support force
The maximum support force can be calculated according to the theory of a circular tube under external pressure, and since lining thickness H > 0.04R, the maximum
support resistance pmax that can be provided by the “steel arch + shotcrete” support
system is [13]:
pmax =

1
R2
σs1 [1 −
]
2
(R + H )2

(12)
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(3) Radial displacement
Before the support structure reaches the maximum support force, it can be
regarded as a thick-walled cylinder subjected to uniform external pressure p0 .
According to the thick-walled cylinder formula, the radial displacement of the
support structure is:
uo =

p0 R3 (1 + μ1 )
(R−H )2
[1
−
2μ
+
]
1
E1 [R2 − (R−H )2 ]
R2

(13)

μ1 -- poisson’s ratio of the support structure.
From Eqs. (12) and (13), the minimum displacement of the support structure
uomin can obtained when support structure reach the maximum support force, at this
time the cave displacement is uom , uom = uoc + uomin .
Then the support curve considering the support timing consists of two sections:
When uoc < u < uom :
p1 =

(u − uoc )E1 [R2 − (R−H )2 ]
[1 − 2μ1 +

(14)

(R−H )2 3
]R (1 + μ1 )
R2

When u>uom :
p1 = pmax =

1
R2
]
σs1 [1 −
2
(R + H )2

(15)

3.3 Study on the Influence of F8 Fault Support Parameters on the Stability
of the Surrounding Rock
3.3.1 F8 Fault Calculation Parameters
F8 fault fracture zone is encountered during tunnel boring of Letan TBM construction.
The tunnel was excavated at a depth of 215 m, with a radius of R = 2.97 m. The tunnel
was supported by a full section of HW150 × 150 steel, with a wet sprayed C25 concrete
thickness of H = 200 mm and a steel arch spacing of T = 300 mm.
The surrounding rock parameters of the F8 fault zone tunnel are shown in Table 1
and the support parameters in Table 2.
Table 1. Surrounding rock parameters of tunnel in F8 section.
E/GPa

μ

ρ/ (t/m3 )

ϕ(°)

c/MPa

0.3

0.38

2.3

26.56

0.05
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Table 2. Supporting parameters of “section steel + concrete”.
Support structures
C25concrete
Steel

μ

E/GPa

σ s /MPa

28

0.2

28

206

0.2

215

B/mm

t2 /mm

t1 /mm

/

/

/

150

7

10

3.3.2 Analysis of Support Reaction Forces and Deformation Characteristics
of the Surrounding Rock
Take the burial depth of F8 section h = 215 m, the pressure of surrounding rock is
calculated by self-weight stress:
p0 = ρgh = 4.85 MPa
In calculating the shotcrete characteristic curve, a 3-day strength can generally be
used [13]:
Ec3 = 0.67Ec = 18.76 GPa
σc3 = 0.5σc = 14 MPa
The equivalent modulus of elasticity and equivalent yield stress of the steel section
+ concrete can be calculated as:


B
A1
A2
T
E1 = Eg ·
+ Ec3 ·
·
+ Ec3 ·
= 25.87 GPa
A
A
B+T
B+T


B
A2
A1
T
σs1 = σg ·
+ σc3
·
+ σc3 ·
= 21.73 MPa
A
A
B+T
B+T
As the F8 cave section is a fault zone, the pre-emptive strengthening measure of
grouting is adopted, taking x = −2.94 m, the displacement before support is:
uoc = um [1 + exp(

−x/R −1.7
)]
= 43.19 mm
1.10

Maximum support force is:
pmax =

1
R2
] = 1.33 MPa
σs1 [1 −
2
(R + H )2

From the Eq. (12), (13) joint solution can obtain uomin , and uoc = 43.19 mm, so the
cave wall displacement uom when the support structure reaches the maximum support
force is 45.26 mm.
According to the parameters of the surrounding rock and the above calculation
results, the characteristic curve of the support structure and the characteristic curve
of the surrounding rock are shown in Fig. 3.
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Fig. 3. Supporting structure and surrounding rock characteristic curve with T = 300 mm, E =
0.3 GPa.

From Fig. 3: u0 = 51.75 mm, p1 = 1.33 MPa.
The radius of the plastic zone is:
 1−sin ϕ

(p0 + c cot ϕ)(1 − sin ϕ) 2 sin ϕ
= 3.43 m
Rp = R
(p1 + c cot ϕ)
It can be seen that when the deformation of the support structure and the deformation
of the surrounding rock are equal, the displacement of the cave wall is 51.75 mm, at
which time the surrounding rock and the support structure reach a state of coordinated
deformation.

Fig. 4. Sensitivity analysis of steel arch frame spacing.
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3.4 Sensitivity Analysis of Row Spacing Between Steel Arches
When the spacing between steel arches is between 300 and 1200 mm, the cave wall
displacement and support reaction force changes as shown in Fig. 4:
Figure 4 shows the variation curves of steel arch spacing and cavern wall
displacement uo and support reaction force p1 at E = 0.3 GPa. It can be seen that:
(1) With the increase of steel arch spacing, the cave wall displacement increases nonlinearly, when T < 600 mm, the cave wall displacement grows faster, when T > 600
mm, the cave wall displacement grows gradually, and tends to level off.
(2) With the increase of steel arch spacing, the support reaction force decreases nonlinearly, when T < 600 mm, the support reaction force decreases rapidly, and when
T > 600 mm, the support reaction force decreases slowly and finally converges.

4 Numerical Simulation Studies
4.1 Computational Models and Research Scheme
4.1.1 3D Calculation Range for the F8 Fault
The geological map of the F8 fault is shown in the Fig. 1. As seen in Table 3, for 17+757
m of fault F8, the horizontal direction of the section is taken as the X-axis direction,
the interception length is 36 m. The tunnel axis is the Y-axis direction, the interception
length is 20 m. The vertical direction Z is taken from 92 m elevation to 128 m elevation.
Table 3. F8 fault section 3D model calculation range table.
Profile
stake
number

Elevation
of the top
of the
cave/m

Depth
of
burial
of the
rock at
the top
of the
cave/m

Waterline
Elevation/m

Length in
horizontal
direction
X/m

Elevation
Z range/m

Length in
the Y
direction
of the
axis/m

Nodes

Elements

17+757

108.217

215.0

204.718

36

92–128 m

20

185623

181440

Self-weight stress is taken as the initial geo-stress. The self-weight of the mountain
above an elevation of 128 m is applied to the top surface of the calculation model in the
form of a top surface force.
4.1.2 Reinforcement Parameters for Hole Section F8
In order to facilitate the sensitivity analysis of the row spacing between steel arches, it is
advisable to ignore the sprayed layer of concrete and design a support scheme that only
considers the effect of steel arch support: top arch with drainage holes (top arch centre
angle 120° range) 50@3 × 3 m, L = 3 m arranged in intervals, top arch 120° backfill
grouting, full section HW150 × 150 section @300.

422

G. Y. Zhang et al.

4.1.3 Calculated Working Conditions and Parameters
Table 4 shows the four working conditions in the sensitivity analysis of the steel arch
spacing. Varying the spacing of the steel arches (300 mm, 600 mm, 900 mm and 1200
mm) to analyse the support effect of the steel arches provides a direct response to the
effect of the spacing between the steel arches on the support effect.
Table 4. Sensitivity analysis condition of row spacing between steel arches.
Distance between steel arches/mm

Working conditions

Calculation content

300

GK0.3

Excavation + Support

600

GK0.6

Excavation + Support

900

GK0.9

Excavation + Support

1200

GK1.2

Excavation + Support

4.1.4 F8 Holesection Gridding
Figure 5 shows the grid diagram of the computational model.
The rock interface, steel arch and grouting area were simulated in detail in the 3D
model.
1. Tunnel surrounding rock: the boundary range of the model section is about 6 times
the diameter of the tunnel. 36 × 36 × 20 m was chosen for the tunnel surrounding rock,
with a reserved excavation diameter of 5.94 m. The model was set up using Extrusion
in FLAC3D 6.0.
2. Steel arch: the steel arch model was drawn by ’Rhino3D’, then imported into ’.dxf’
using FLAC3D 6.0 import command, ’beam ’ structural unit is used to simulate the steel
arch.
3. Grouting zone: the solid unit was used to simulate a grouting zone of 2.94 m in depth
within 120° above the top arch.
The rock mass parameters are provided by test result of the design institute, and the
support structure parameters are selected from Hydraulic Tunnel Design Code SL2792016, shown as Table 5.
4.2 Geo-Stress Regression Calculation Results and Discussion
Self-weight load was applied to calculate the three-dimensional geo-stress field in the
tunnel surrounding rock. Due to the depth of the tunnel, the top of the calculation area is
not taken to the free surface of the ground. The gravity load is applied with an equivalent
surface force load of the overlying rock pressure at the top boundary of the model. The
geo-stress relief factor around the hole is taken to be 0.5. The initial geo-stress at the
centre of the tunnel in the F8 fault was obtained as follows: σ xx = 3.3417 MPa, σ yy =
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Fig. 5. Computational model grid.

Table 5. Model parameters.
Category

E/GPa

μ

ϕ(°)

c/MPa

ρ/(t/m3 )

Surrounding rocks

0.3

0.38

26.56

0.05

2.3

Grouting area

20.55

0.4

35

0.075

2.54

Steel arch

206

0.2

/

/

7.9

3.3411 MPa, σ zz = 4.8091 MPa, τ xy = 1.81 × 10−4 MPa, τ yz = −0.2692 MPa, τ zx
= 1.52 × 10−5 MPa, the principal stresses are known to be:σ 1 = 4.8096 MPa, σ 2 =
3.3413 MPa, σ 3 = 3.3410 MPa.
According to the results of the geo-stress regression calculation, it can be concluded
that.
(1) For the F8 fault, the calculated burial depth at the left boundary is 226 m and at
the right boundary is 209 m. Therefore, under the action of self-weight, the initial
geo-stress is larger and there is a weak bias pressure phenomenon.
(2) Under self-weight action, the regional stress field is to some extent influenced by
the structure, and the vertical stress is slightly larger than the horizontal stress, and
the value of the shear stress component τ yz is small.
(3) The major and minor principal stresses are roughly distributed along the vertical
and horizontal directions respectively, and the stress magnitude is directly related
to the depth of burial.
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4.3 Sensitivity Analysis of Row Spacing Between Steel Arches
4.3.1 Sensitivity Analysis of the Inter-Row Spacing Between Steel Arches
on the Deformation of the Surrounding Rock
The deformation of the surrounding rock after excavation shows significant symmetry.
Due to the limited space, Fig. 6 gives the cloud diagram of the vertical displacement
along the Z direction in the Y-Z section under GK0.6 and GK1.2 working conditions.
Fig. 7 shows the cavern perimeter displacements for each working condition, Fig. 8
shows the maximum displacements for each working condition, and Table 6 lists the
maximum displacements for each working condition.

(a)GK0.6

(b)GK1.2

Fig. 6. Uz/m contour map of the displacement around the hole along the Z direction.

It can be seen that the excavation deformation has the following characteristics:
(1) Under all working conditions, the cavern shows an overall inward deformation trend,
and the horizontal and vertical displacements are basically symmetrical. When the
row distance between steel arches is 300 mm, the top arch sinks by 15.00 mm, when
the spacing between steel arches is 600 mm, the top arch sinks by 37.41 mm, and
when the spacing is 900 mm and 1200 mm, the top arch sinks by 185.11 mm and
320.00 mm respectively, resulting in danger of cave collapse.
(2) With the increase of the spacing between steel arches, the displacement of the
cavern perimeter gradually increases. When the spacing is greater than 600 mm,
the maximum displacement of the steel arches increases significantly.
4.3.2 Sensitivity Analysis of Inter-Row Spacing Between Steel Arches on Surrounding Rock Stresses
Due to space limitations, the main stress cloud diagramin the Y-Z profile of GK0.6 is
given in Fig. 9.
Figure 10 plots the relationship between the variation of the Maximum principal
stresses at each characteristic node under different working conditions. It can be seen
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(2)GK0.6

(3)GK0.9

(4)GK1.2
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Fig. 7. Displacement contour map of the center section around the hole with different steel arch
spacing/mm.

that the distribution of the principal stresses in the F8 cavern section has the following
characteristics.
(1) The stress distribution pattern is consistent under different working conditions, with
the left and right waists slightly larger than the top and bottom of the arch.
(2) As the spacing of steel arch increases, the surrounding rock enters the plastic state
from the elastic state, and the stress around the hole gradually increases. When
the surrounding rock enters the failure state, the stress around the hole rapidly
decreases. Study shows that when the spacing of steel arch is 900 mm and 1200
mm, the rock around the hole failed, and the stress around the hole is close to the
level of complete unloading.
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Fig. 8. Trend chart of maximum displacement and total plastic zone volume change under various
working conditions.

Table 6. Maximum displacement and plastic zone volume under various working conditions.
Distance between steel arches/mm

300

600

900

Maximum displacement/mm

19.98

37.49

189.21

362.75

Volume of plastic zone/m3

29.00

66.95

415.86

1404.21

(a)σ1

(b)σ3

Fig. 9. GK0.6 (steel arch spacing 600 mm) stress diagram.

1200
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Fig. 10. Maximum principal stress σ1 diagram of characteristic nodes of surrounding rock under
various working conditions/MPa.

4.3.3 Sensitivity Analysis of Inter-Row Spacing Between Steel Arches on the Distribution of Damage Zones of The Surrounding Rock
Table 6 lists the plastic zone volumes for each working condition and Fig. 8 demonstrates
the trend in plastic zone volume for each working condition. It can be seen:
With the increase of steel arch spacing, the plastic zone around the cavern increases
non-linearly. When the spacing between steel arches is small, the volume of plastic zone
grows slowly. But when the spacing is large, the volume of plastic zone increases rapidly,
till the surrounding rock enters the failure state, indicating that the steel arches can no
longer sustain the stability of the rock around the cave. For example, when the spacing
is 600 mm, the volume of the plastic zone is 66.95 m3 , but when the spacing is 1200
mm, the volume of the plastic zone reaches 1404.21 m3 , at which point the cavern is
already in danger of collapse.

5 Conclusion
Sensitivity analysis of the stability of the surrounding rock with different steel arch spacing in the F8 fault zone was carried out by means of theoretical analysis and numerical
simulation, and the main results are as follows.
(1) With the increase of steel arch spacing, the cave wall displacement increases and
the support reaction force decreases non-linearly.
(2) Under all working conditions, the cavern shows an overall inward deformation
trend, the horizontal and vertical displacements are basically symmetrical, and the
uplift of the bottom of the arch is slightly larger than the sinking of the top of the
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arch. With the increase of the spacing between steel arches, the deformation around
the cavern gradually increases, and the non-linearity of the plastic zone around the
cavern increases.
(3) The stress distribution pattern of the surrounding rock under different working
conditions is consistent, with the left and right waists slightly larger than the top
and bottom of the arch. With the increase of steel arch spacing, the surrounding
rock enters the plastic state from the elastic state, and the stress around the cavern
gradually increases. When the spacing of steel arch is 900 mm and 1200 mm, the
rock around the cave entered into failure state and the stress around the cave is close
to the level of complete unloading.
(4) From the analysis results of the support characteristic curve of the surrounding rock
and the sensitivity analysis of the steel arch spacing, it can be obtained that for the
F8 fault, the steel arch spacing should be less than 600 mm, and the spacing of 300
mm used in the actual construction is safe and feasible.
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Abstract. A new precast hollow insulation shear wall (PHISW) is proposed in this
paper. To study the seismic behaviors of the new PHISW, two cast-in-place solid
shear wall (CSW) specimens, two precast monolithic hollow insulated shear wall
(PMW) specimens, and two precast hollow insulated shear wall (PSW) specimens
with vertical seams were produced and subjected to low-cyclic reversed loadings.
The seismic indices obtained from low-cyclic reversed tests include the failure
pattern, hysteretic curves and energy dissipation. The experiment results indicate
that flexural failure is the main failure mode of the specimens, but a noticeable
difference is detected in the cracking distribution between the three types of shear
walls. The bearing capacity of each characteristic point of PMW and PSW is
comparable to that of CSW. The ductility coefficient of the newly proposed precast
shear wall is slightly lower than that of CSW.
Keywords: Precast hollow insulated shear wall · Low cyclic loading · Bearing
capacity · Displacement ductility · Energy dissipation

1 Introduction
In recent years, precast shear walls have been intensively studied and rapidly developed owing to the excellent superiority of a short construction period, less polluting,
and good construction quality [1, 2]. However, their relatively large volume and weight
limit the wider usage of precast shear walls. Embedding thermal insulation materials
(TIMs) in precast shear walls is a reasonable alternative solution, as the TIM can reduce
the structural weight and simultaneously enhance the thermal insulation and fire resistance performance [3]. The achieved structure is generally known as the precast hollow
insulated shear wall (PHISW). In 1997, Salmon et al. studied the shear resistance performance of a prototype sandwich panel by transverse loading tests [4]. In 1998, Bush
et al. proposed a precast sandwich panel with diagonal connectors and explored the
flexural performance experimentally and numerically [5]. In 2014, Palermo et al. carried out a shaking table model test on a 3-story building employing precast sandwich
shear walls and a corresponding nonlinear numerical simulation on the shear wall components, which proved that structures using the precast sandwich insulation shear wall
© The Author(s) 2022
G. Feng (Ed.): ICCE 2021, LNCE 213, pp. 430–439, 2022.
https://doi.org/10.1007/978-981-19-1260-3_39
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could meet the seismic requirements of the current code [6]. Ricci et al. conducted a low
cyclic loading test on precast sandwich insulation shear wall specimens, which showed
that the precast sandwich insulation shear wall had a larger bearing capacity and better
ductility than the cast-in-place shear wall [7].
Current studies of PHISWs are mainly focused on precast sandwich panel walls
(PSPWs), which are built up by two outward concrete layers and a middle insulation
layer. However, the weakness caused by connectors between the insulation layer and
concrete layers and the large requirement of on-site wet work suppresses the applications of PSPWs. For overcoming the above problems, this paper presents a new precast
hollow insulated shear wall, which consists of a hollow concrete shear wall and filled-inhollow polyurethane insulation materials, as shown in Fig. 1. The insulation materials
can be directly embedded in the concrete volume at fabrication, which avoids using weak
connectors between the thermal insulation material and the concrete.

Fig. 1. Precast hollow insulation shear wall.

To analyze the seismic performances of the newly proposed PHISW, 6 shear wall
specimens of 3 different configurations were produced and subjected to low-cyclic
reversed loading tests. The obtained failure pattern, strength, displacement ductility,
and energy dissipation capacity of the specimens were meticulously studied to assess
the seismic performance of the new structure.

2 Experimental Investigation
2.1 Test Walls
In this paper, according to the different axial compression ratios, two groups of 6 fullsized specimens were designed, including two cast-in-place solid shear wall (CSW)
specimens, two precast monolithic hollow insulated shear wall (PMW) specimens, and
two precast hollow insulated shear wall (PSW) specimens with vertical seams, which
were designated CSW30, PMW30, PSW30, CSW50, PMW50, and PSW50 (30 and 50
indicate the axial compression ratio by percentage).
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The CSW specimens were designed to be 2900 mm high with a cross-section of
1300 mm × 200 mm, as shown in Fig. 2(a). The heights of PMW and PSW were the
same as those of CSW, while the cross-section size was 1300 mm × 250 mm, as shown
in Fig. 2(b) and (c), because of the insulation fillers. The horizontal reinforcement of
the PSW was connected by a straight thread sleeve. The associated parameters of the
specimens are presented in Table 1.

(a) The CSW specimen

(b) The PMW specimen

(c) The PSW specimen

Fig. 2. Details and dimensions of the reinforcements (unit: mm).

2.2 Material Properties
After the test, several concrete core samples with a diameter of 75 mm were picked
from the undamaged area of each specimen by drilling. The core drilling method for the
compression tests was employed based on the Chinese standard [8]. Table 2 listed the
relevant properties of concrete. The strength of reinforcement was measured by a tensile
test. The grade of reinforcement used in the shear wall is HRB400, and the diameters are
6 mm, 8 mm, 10 mm, 12 mm, and 14 mm. The achieved yielding and ultimate strengths
are summarized in Table 3.
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Table 1. Specimen description.
Specimens

Axial compression ratio

Construction forms

Section size (mm)

CSW30

0.3

Cast-in-place solid wall

200 × 1300

PMW30

0.3

Precast monolithic hollow
insulated wall

250 × 1300

PSW30

0.3

Precast hollow insulated wall
with vertical seams

250 × 1300

CSW50

0.5

Cast-in-place solid wall

200 × 1300

PMW50

0.5

Precast monolithic hollow
insulated wall

250 × 1300

PSW50

0.5

Precast hollow insulated wall
with vertical seams

250 × 1300

Table 2. Properties of concrete.
Category

Class

f cu (MPa)

CSW30

C35

32.6

PMW30

C50

52.7

PSW30

C50

52.8

CSW50

C35

51.7

PMW50

C50

52.6

PSW50

C50

47.3

Table 3. Properties of steel reinforcements.
Category

f y (MPa)

fu (MPa)

6

–

612.5

8

–

646.1

10

–

633.7

12

453

616.3

14

436

641.5

Note: After cold treatment, the yield strength of steel bars with diameters of 6, 8, and 10 was not
measured.
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2.3 Experimental Setup and Measuring System
The schematic of the loading device is shown in Fig. 3. Considering that the PMW and
PSW were hollow, their bearing capacity was uncertain, so the axial pressure of the precast specimen was determined according to the CSW. The corresponding vertical loads
under axial compression ratios of 0.3 and 0.5 are 1340 kN and 2240 kN, respectively.
As shown in Fig. 3, the applied loadings generated by the hydraulic actuator were
measured by transducers built inside. The displacement of the top of the wall was gauged
using LVDT-1. The transducer LVDT-2 for monitoring the displacement of the bottom
beam ensured that the bottom beam had no slippage displacement. In addition, highprecision sensors were installed to the longitudinal reinforcements and stirrups at the
reference points, as represented in Fig. 2, monitoring the rebar strain state. A hybrid
loading protocol alternately controlled by force and displacement was employed in
horizontal loading, as illustrated in Fig. 4.

Force control
Displacement control

40

1

20
20
40
-20 (kN)
0

-40

2

0

Drift(%)

Top displacement(mm)

60

-1
Displacement interval=4mm

-60

-2
Circles

Fig. 3. Test setup.

Fig. 4. Loading protocol.

3 Experimental Results
3.1 Cracks and Failure Patterns
The six specimens exhibited similar breakage patterns dominated by flexural failure,
including concrete spalling in the corners, and the appearance of bend and shear cracks
at both sides of the wall. Typically, the seismic capacity of the reinforced concrete
shear wall can be evaluated with crack distribution [9, 10]. Figure 5 reveals the crack
distribution of the 6 specimens.
However, the evolution of the cracks differed markedly. The number of cracks of
specimens under an axial compression ratio of 0.5 was significantly less than those of
0.3. The cracks of the CSW and PMW were evenly distributed with abundant development compared with the PSW specimens. This could be attributed to the gap growth of
the vertical assembling seam in the PSW, which led to insufficient crack propagation.
Because of the existence of a vertical assembling seam, PSW specimens had fewer shear
cracks, which can make full use of the strength of the material [11].
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Fig. 5. Crack patterns under cyclic loading.

3.2 Strain Distributions of the Reinforcement Rebars
The strain distributions of the vertical reinforcement bars measured by the arranged
gauges are plotted in Fig. 6. Before the specimen cracked, the strain of the longitudinal
reinforcements in the most lateral of the wall appeared linearly. In the plastic phase,
with the neutral axis of the specimen moving to the compression side, the strain of the
vertical tension reinforcement was far larger than that of the compressed reinforcement.
The longitudinal bars of the PMW specimens yielded earlier than those of the CSW and
PSW.
Figure 7 demonstrates the strain evolution ruler of the middle stirrup of the wall
at a height of 650 mm from the ground beam. The strain developed slowly before the
horizontal displacement reached 20 mm. However, due to the extension of flexuralshear cracks, when the horizontal displacement was larger than 20 mm, the stirrup strain
increased significantly, and the ultimate strain of the PMW specimens was larger than
that of the other two types of specimens.
3.3 Hysteresis Behavior and Envelope Curves
The property of hysteretic loops of the specimens is illustrated in Fig. 8. At the beginning
of loading, all specimens worked elastically, and the hysteresis loop area, i.e., the dissipated energy, was rather small. With increasing loading displacement, the specimens
gradually participated in the elastic-plastic phase, and the area of the hysteresis curve
increased gradually. The stiffness of the specimen decreased obviously after reaching
the peak load, and the pinching phenomenon began to appear in the hysteresis curves.
In the end, the hysteretic area of the PSW specimens was smaller than that of the other
two types of specimens according to the slight slip of the straight thread sleeves under
high-stress repeated loading.
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Table 4 listed the cracking load F cr , yielding load F y and peak load F P of the
specimens. The mean values of F y of PMW30 and PSW30 were approximately 3.6%
and 13.1% lower than those of CSW30, respectively. Under the same axial pressure,
the average F P values of PMW30 and PSW30 were 2.1% and 9.8% lower than those of
CSW30, respectively. The bearing capacity at feature points of wall specimens with an
axial load ratio of 0.5 is greater than those with small axial pressure. Significantly, the
F cr values of PSW30 and PSW50 were 7.9% and 8.4% greater than those of CSW30
and CSW50, respectively. Because of the existence of the vertical assembling seam,
PSW specimens can convert the overall shear failure of the ordinary shear wall into the
bending failure of each wall limb element and can capitalize the strength of the material
[11].

Seismic Performance of a Precast Hollow Insulated Shear Wall

437

Table 4. The bearing capacity of the characteristic points (unit: kN).
Specimens F cr
Pos

Fy
Neg

Ave

Pos

FP
Neg

Ave

Pos

Neg

Ave

CSW30

287.15 281.08 284.12 410.22 380.31 395.26 477.32 460.98 469.15

PMW30

297.45 238.38 267.92 398.10 363.95 381.03 485.98 432.33 459.16

PSW30

329.81 283.58 306.70 353.40 333.25 343.32 428.84 417.64 423.24

CSW50

387.80 412.10 399.95 468.59 486.17 477.38 565.91 593.53 579.72

PMW50

312.51 416.35 364.43 448.59 448.47 448.53 543.20 556.86 550.03

PSW50

442.91 424.50 433.71 508.35 427.35 467.85 602.80 525.60 564.20

Table 5. Displacement at feature point (mm) and ductility coefficient.
Specimens

Δcr

Δy

Δμ

μ

Pos

Neg

Pos

Neg

Pos

Neg

Pos

Neg

CSW30

16.04

12.10

29.54

19.64

62.58

59.47

2.12

3.03

2.48

PMW30

8.09

8.66

15.05

18.97

31.96

36.82

2.12

1.94

2.03

PSW30

8.70

8.09

10.22

12.64

21.26

28.03

2.08

2.22

2.15

CSW50

8.00

8.12

13.09

13.39

37.99

37.99

2.90

2.84

2.87

PMW50

4.34

12.55

10.42

13.50

23.45

23.93

2.25

1.77

2.01

PSW50

12.14

12.45

16.49

13.79

23.08

24.81

1.40

1.80

1.60

Ave

3.4 Ductility
As the axial load ratio increased, the ductility of PMW and PSW was reduced. The
ductility coefficients of PMW30 and PSW30 were 18.1% and 13.4% lower than those of
CSW30, respectively. However, the ultimate drifts were 1.21% and 0.85%, respectively,
which were larger than the criterion of 1/120 (0.83%) specified by Chinese codes [12].
The ductility coefficients of PMW50 and PSW50 with a designed axial compression ratio
of 0.50 were 29.9% and 44.3% lower than those of CSW50, and their ultimate drifts
were 0.817% and 0.828%, respectively, which were slightly smaller than the limit value
of 1/120 (0.83%). Therefore, the four precast hollow insulated shear wall specimens
exhibited good ductility. It’s worth noting that the ductility of PSW was better under an
axial compression ratio of 0.3, because larger axial pressure would weaken the structural
integrity (Table 5).
3.5 Energy Dissipation
Energy-absorbing ability can also be used to evaluate seismic performance [13]. The
cumulative hysteretic energy E and equivalent viscous damping coefficient he are normally used in seismic analysis of structures [14]. Figure 9 shows the cumulative energy
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dissipation of specimens E. And the equivalent viscous damping coefficient he is exhibited in Fig. 10. From the diagram, the trends of the E and he of the three types of 6
specimens were almost the same. The equivalent viscous damping coefficient he of the
PMW and CSW increased faster along with enhanced axial pressure, but that of the
PSW did not change significantly. This means that due to the existence of a vertical
seam, PSW was less vulnerable to the influence of the axial force.
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Fig. 9. Cumulative energy dissipation.

Drift(%)
1.0
1.5

2.0

2.5

CSW30
PMW30
PSW30
CSW50
PMW50
PSW50

0.16

2

0 10 20 30 40 50 60 70

0.5

0

he

E (×104kN⋅mm)

0
6

0

10 20 30 40 50 60 70

Top displacement(mm)

Fig. 10. Equivalent viscous damping
coefficient.

4 Conclusions
In this paper, a new precast shear wall filled with polyurethane materials for thermal
insulation is put forward and investigated. A low cyclic loading test was carried out about
six full-scale specimens, which include two cast-in-place solid shear wall specimens,
two precast monolithic hollow insulated shear wall specimens, and two precast hollow
insulated shear wall specimens with vertical seams. Based on the test results, some
meaningful conclusions can be achieved:
(1) Bending failure was the primary destructive mode of cast-in-place and precast walls,
although the crack distributions were different. The cracks of the cast-in-place
wall are denser than those of the precast wall. In addition, the cracks of the PSW
continuously ran through the vertical seams of the wallboard, which manifested
that the PSW had a good cooperative performance.
(2) The peak bearing capacity of the precast shear wall newly brought forward was
close to that of the cast-in-place wall. And the hysteretic area of the PMW was
larger than that of the PSW.
(3) The ductility of the two kinds of precast walls was slightly worse than that of the
cast-in-place walls under the two axial compression ratios. However, the ductility
coefficient of the precast wall came close to the value of Chinese specification,
which indicated good ductility performance of the precast wall.
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Abstract. Based on the shield tunnel engineering in weathered granite stratum
in Xiamen, Stochastic calculations, by combining the random field theory and the
finite difference analysis together with Monte Carlo simulation, are used to carry
out the change law of the characteristics of surface deformation curve and surface
deformation model. Results show that with the increase of the vertical scales of
fluctuation, the decrease of the transverse scales of fluctuation or the increase of the
coefficient of variation, the low peak distribution characteristics of the location
of the maximum surface settlement induced by shield tunneling become more
obvious, and the randomness and chaos of the shape of surface deformation curve
gradually increase. The diversity of surface deformation model is affected by
parameter correlation and randomness. Under the condition of small transverse
scales of fluctuation and large vertical scales of fluctuation, the sensitivity of
coefficient of variation to surface deformation mode is limited.
Keywords: Shield tunnel engineering · Surface deformation model · Random
field theory · Monte Carlo simulation · Distribution characteristics

1 Introduction
Rail transit shield tunnel with shallow buried depth often passes through the urban core
area. The site stratum is seriously weathered, the underground pipe network is dense, and
there are many ground buildings. When the soil disturbance caused by tunnel construction is transmitted to the surface, it will lead to surface deformation. And if the stratum
disturbance is large, it will bring risks to the adjacent existing rail transit lines and buildings (structures). Therefore, mastering the law of surface deformation caused by shield
tunnel construction is the key link to realize project safety risk control. For the problem of
stratum deformation caused by tunnel construction, Many researches have been carried
out by domestic and abroad researchers, but they mostly ignore the influence of spatial
© The Author(s) 2022
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variability of geotechnical parameters. Random field theory [1] provides an effective
means to describe the spatial variation characteristics of geotechnical parameters. In
recent years, it is widely used in the reliability analysis of tunnel engineering. Based on
the random field theory, Cheng et al. [2] studied the effects of elastic modulus variation
coefficient and scales of fluctuation on surface settlement. Considering the spatial variability of parameters, Wen et al. [3] analyzed the mechanical response of surrounding
rock after large section tunnel excavation. Li et al. [4] studied the influence of scales
of fluctuation and variation coefficient of soil elastic modulus on stratum deformation
during twin shield tunnel construction. Miro et al. [5] studied the influence of parameter
distribution type on surface deformation and pointed out that when the variability is
small, the influence of parameter probability distribution type is very small. Xiao et al.
[6] studied the influence of low stiffness random field location on surface deformation
during tunnel construction.
At present, the analysis on the surface deformation response of tunnel construction
considering the spatial variability of parameters mostly focuses on the influence of the
spatial variability of parameters on the digital characteristics of deformation and the dispersion degree of deformation curve. There are relatively few systematic studies on the
surface deformation mode of shield tunnel due to the spatial variability of geotechnical
parameters, It is very important to clarify the meso characteristics and mode of surface
deformation curve for the protection of shallow old houses and underground pipelines. In
view of this, taking the spatial variability of soil elastic modulus as the starting point, this
paper systematically studies the influence of two basic spatial variability characteristics
of parameter spatial autocorrelation (vertical and transverse scales of fluctuation) and
randomness (variation coefficient) on surface deformation during shield tunnel construction by using the combination of random field theory, finite difference method and Monte
Carlo strategy. The change law of the shape and characteristics of surface deformation
curve is discussed, and the surface deformation model is summarized and refined.

2 Random Analysis Method of Surface Deformation in Shield
Construction
2.1 Parameter Spatial Variability
The geotechnical parameters have the dual characteristics of local randomness and overall structure. The random field theory regards the geotechnical parameters at any point as
a random variable that approximately obeys a certain probability distribution. The spatial structure of the parameters is characterized by spatial concepts such as fluctuation
range and autocorrelation structure.
2.2 Random Analysis Process of Surface Deformation
The random analysis method of surface deformation induced by shield tunneling based
on random field theory is constructed. The analysis process is shown in Fig. 1: (1) The
spatial variability characteristics of geotechnical parameters is statistically analysed,
including the probability distribution characteristics of parameters (mean value, standard
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start

i=i+1

i=1

The spatial variability of soil parameters is statistically analyzed,
and the variation coefficient, probability distribution form and
related structure of parameters are obtained

The single line shield
tunnel model is
established by finite
difference software
FLAC3D

According to the size of the numerical calculation model and the required
Monte Carlo random analysis times N, with the help of MATLAB platform
and based on the covariance matrix decomposition method, N groups of
regular parameter random fields are generated, and the central coordinates
of the cooperative unit are recorded in the ". TXT" document

Using the fish programming language embedded in FLAC3D, according to the proximity
principle of finite difference grid coordinates and parameter random field element
coordinates, the element position is identified, so as to realize the mapping from the
independently generated parameter random field model to the numerical calculation model

Carry out finite difference calculation of shield tunnel construction, and record
and save the results of each random analysis of surface deformation

Calculation times i<N ?

Comprehensive analysis of N calculation results

end

Fig. 1. Flow chart of random analysis of surface deformation.

deviation and distribution type) and spatial correlation characteristics (related structure
and scales of fluctuation). The finite difference software FLAC3D is used to construct
the numerical model of shield tunnel, divide the grid and record the model size. (2) The
parametric random field model is generated with the help of MATLAB platform. (3)
Realize the mapping from the independently generated parameter random field model
to the numerical calculation model. (4) With the help of Monte Carlo strategy, repeat
steps (2)–(4) to realize multiple random analysis of surface deformation caused by
shield tunnel construction. (5) With the help of probability statistics method, the surface
deformation results obtained by Monte Carlo random calculation are analyzed.

3 Characteristics and Mode Analysis of Surface Deformation
Curve
3.1 Numerical Calculation Model
Based on the shield tunnel project in weathered granite stratum in Xiamen, this paper
simplifies the tunnel excavation problem into a two-dimensional plane strain model to
carry out the random analysis of the surface deformation response of shield construction.
Model size is 76 m × 34 m (width × Height), tunnel diameter is D = 6.2 m, axis buried
depth is H = 15.4 m, and the maximum size of grid is about 0.75 m. Except that the
surface is a free boundary, other boundaries are subject to normal constraints. The elasticperfectly plastic body of M-C yield criterion is adopted for the soil, and the shell element
is adopted for the simulation of lining structure. The values of physical and mechanical
parameters of materials are shown in Table 1. The model is divided into upper and lower
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76m

15.4m

18.5m

Upper soil
34m
Subsoil

15.5m

Fig. 2. Schematic diagram of model

Table 1. Physical and mechanical parameters of soil and segments in the model.
Medium Material name

Soil
mass

Lining
Gravity
Elastic Poisson’s Friction Cohesion
thickness γ (kN•m−3 ) modulus ratio
angle
c (kPa)
d (m)
E (Mpa) μ
ϕ (°)

Elastic-perfectly –
Plastic material

Lining
Linear elastic
structure material

0.35

1850

25.0
(mean
value)

0.35

25.0

25.0

2450

24.44e3

0.20

–

–

layers. When assigning the elastic modulus of subsoil, taking 3 times of the original
modulus [7] to simply consider the loading and unloading characteristics of soil. The
numerical calculation model is shown in Fig. 2.
This paper focuses on the influence of the spatial variability of soil elastic modulus
on the surface deformation mode of shield tunnel construction, and other physical and
mechanical parameters are constant. Considering the calculation scale of Monte Carlo
random simulation, and the surface deformation mainly occurs in the stress release stage
[7], the calculation result analysis is only carried out for the surface deformation in the
stress release stage.
3.2 Deterministic Analysis
Figure 3 shows the surface settlement curve under different stress release coefficients λ.
According to the figure, it can be seen that the stress release coefficient increases, the
surface settlement value increases accordingly, and the fitting results of peck formula
are in good agreement with the numerical calculation results, which basically obeys the
Gaussian distribution. It should be pointed out that the actual engineering situation and
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Fig. 3. Relationship between stress release coefficient and surface settlement deformation curve.

site environment are complex and there are many influencing factors, so it is generally
difficult to accurately balance the corresponding stress release coefficient.
3.3 Random Analysis
Combined with random field theory, finite difference method and Monte Carlo strategy,
the random analysis of surface deformation during shield tunnel construction is carried
out. Without losing generality, the stress release coefficient is taken λ = 0.5 [7], the
effects of vertical and transverse scales of fluctuation (θ z , θ x ) and variation coefficient
(COV ) of soil elastic modulus on surface settlement curve model are systematically
studied.
Referring to the suggestions on the value of scales of fluctuation of geotechnical
parameters [8] (the transverse scales of fluctuation is generally 10.0–80.0 m and the
vertical scales of fluctuation is 1.0–3.0 m), the basic value of soil elastic modulus scales
of fluctuation is selected as θ z = 0.3D = 1.86 m and θ x = 6.0D = 37.2 m. On this
basis, the random analysis condition is designed and divided into three types of random
calculation condition groups, including MCS-z*-x (variable θ z , there are 20 simulated
working conditions, see Table 2, MCS-z-x* (variable θ x , A total of 20 simulated working
conditions) and MCS-E*-θ (variable COV, a total of 15 simulation conditions, see Table
3. The log normal distribution [9] is used to describe the uncertainty of soil elastic
modulus. And the log modulus field satisfies the anisotropic exponential autocorrelation
function [10], which can be expressed as


2τx
2τz
(1)
−
ρln E (τx , τz ) = exp −
θx
θz
Where ρln E (τx , τz ) is the autocorrelation coefficient of two points in the logarithmic
modulus field, and 0 ≤ ρln E (τx , τz ) ≤ 1, τx , τz are the horizontal and vertical distances
respectively, θx , θz are transverse and vertical scales of fluctuation respectively.
Considering the calculation accuracy and efficiency, 1000 times are selected as the
calculation times of random analysis under each working condition.
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Table 2. Random analysis conditions of vertical scales of fluctuation.
Case name

Variable Coefficient Scales of fluctuation Case name
of
Vertical Transverse
variation
θz
θx
COV

MCS-z1-x1 θ z

0.3

0.2D

1.5D

Variable Coefficient Scales of fluctuation
of
Vertical Transverse
variation
θz
θx
COV

MCS-z1-x4 θ z

0.3

0.2D

MCS-z2-x1

0.3D

MCS-z2-x4

0.3D

MCS-z3-x1

0.4D

MCS-z3-x4

0.4D

MCS-z4-x1

0.5D

MCS-z4-x4

MCS-z1-x2 θ z

0.3

0.2D

3.0D

0.5D

MCS-z1-x5 θ z

0.3

0.2D

MCS-z2-x2

0.3D

MCS-z2-x5

0.3D

MCS-z3-x2

0.4D

MCS-z3-x5

0.4D

MCS-z4-x2

0.5D

MCS-z4-x5

0.5D

MCS-z1-x3 θ z

0.3

0.2D

MCS-z2-x3

0.3D

MCS-z3-x3

0.4D

MCS-z4-x3

0.5D

9.0D

12.0D

6.0D

Noting that tunnel diameter is D = 6.2 m, the same below.
Table 3. Coefficient of variation random analysis condition.
Case name

Variable Coefficient Scales of fluctuation Case name
of
Vertical Transverse
variation
θz
θx
COV

Variable Coefficient Scales of fluctuation
of
Vertical Transverse
variation
θz
θx
COV

MCS-E1-θ 1 COV

0.1

MCS-E1-θ 3 COV

0.1

MCS-E2-θ 1

0.2

MCS-E2-θ 3

0.2

MCS-E3-θ 1

0.3

MCS-E3-θ 3

0.3

MCS-E4-θ 1

0.4

MCS-E4-θ 3

0.4

MCS-E5-θ 1

0.5

MCS-E5-θ 3

0.5

MCS-E1-θ 2 COV

0.1

MCS-E2-θ 2

0.2

MCS-E3-θ 2

0.3

MCS-E4-θ 2

0.4

MCS-E5-θ 2

0.5

0.3D

0.3D

1.5D

0.3D

6.0D

3.0D

3.4 Analysis of Surface Deformation Curve Results
Surface deformation is an important index to reflect the impact of shield tunnel construction on the surrounding environment. Based on the random calculation results of
surface deformation of three working conditions, the characteristics and types of settlement curve are discussed from the distribution of the location of maximum surface
settlement, and the surface deformation mode is summarized and refined.
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3.4.1 Shape Analysis of Surface Deformation Curve

Fig. 4. Surface deformation curve obtained by random and deterministic calculation.

Figure 4 shows the ground settlement results of tunnel construction obtained from
1000 random calculations (gray curve in the figure) and deterministic calculations (modulus is the mean value used for random analysis) (black curve in the figure) under the
working condition which the scales of fluctuation is θ x = 6.0D, θ z = 0.5D and coefficient
of variation is COV = 0.3. For each realization of the parameter random field, the soil
elastic modulus is spatially heterogeneous, and the calculation results are also different,
which is shown as a cluster of discrete curves. Relevant studies [2, 4] have also shown
that with the increase of spatial correlation and randomness of parameters, the dispersion
degree of settlement curve distribution caused by tunnel construction increases accordingly, and the influence of parameter variation coefficient is more significant than scales
of fluctuation.
3.4.2 Analysis of Surface Deformation Model

vely low
Relativ
stiffnesss region

(a)

(c)

Bouundary of
affeccted area

(b)

Boundary of
affected area

Bouundary of
affeccted area

Fig. 5. Relationship between maximum settlement location and modulus distribution. (a) The
maximum settlement position is left. (b) The maximum settlement position is right. (c) The
maximum settlement is located on the axis.

Comparing the settlement curve characteristics of deterministic analysis and stochastic analysis in Fig. 4, it can be seen that the surface settlement curve obtained by deterministic analysis is single peak, and the maximum value is located above the tunnel axis.
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Although the settlement curve obtained by random analysis still presents a single peak
distribution, it is different from the deterministic results. The maximum settlement is no
longer above a single tunnel axis. The specific location of the maximum settlement is
closely related to the random distribution of soil modulus within the influence range of
tunnel excavation [11]. When a relatively high (low) stiffness area appears on one side
of the tunnel axis, the maximum value of the surface deformation curve obtained by
random analysis will also deviate (deviate) from that side, which is more appropriate to
the on-site monitoring [12], as shown in Fig. 5. Obviously, this influence will gradually
weaken with the increase of the distance between the high (low) stiffness area and the
excavation surface. When the high (low) stiffness area is outside the influence range of
tunnel excavation, the influence on surface deformation can be ignored.
The location of the maximum surface settlement is counted, and the influence of the
spatial variability of soil parameters on the surface deformation model is discussed.
(1) Location of maximum surface settlement
1) Influence analysis of vertical scales of fluctuation
Figure 6 shows the distribution of the location of the maximum surface
settlement caused by tunnel excavation under the conditions of different vertical scales of fluctuation in MCS-z*-x working condition group (4 groups of
different transverse scales of fluctuation). It can be seen that considering the
influence of spatial variability of modulus, the location of maximum surface
settlement caused by tunnel excavation is a probability distribution interval, in
which Under the condition of θz = 0.5D and θx = 6.0D, the distribution range
of maximum surface settlement is (−1.1625, 1.1625).
As can be seen from Fig. 6(a)–(d), with the increase of vertical scales of
fluctuation, the interval where the maximum surface settlement occurs expands,
the dispersion degree also increases, and its low peak distribution characteristics
become more obvious. Among which under the condition of θz = 0.5D and θx
= 1.5D, the probability that the maximum settlement point is directly above the
tunnel is only 29.7%. The main reason for this phenomenon is that the size of
the element concentration area in the high (low) stiffness area in the parameter
random model is affected by the scales of fluctuation, and the correlation of
the horizontal parameters remains unchanged. The larger the vertical scales of
fluctuation, the probability of a large range of high (low) stiffness area increases
accordingly, and the probability of asymmetric distribution of parameters on
both sides of the tunnel also increases.
2) Influence analysis of transverse scales of fluctuation
Figure 7 shows the distribution of the location of the maximum surface
settlement caused by tunnel excavation under the conditions of different transverse scales of fluctuation in MCS-x*-z working condition group (4 groups
with different vertical scales of fluctuation). It can be seen that under different
transverse scales of fluctuation conditions, the distribution law of the location
where the maximum surface settlement occurs is opposite to the vertical scales
of fluctuation condition. With the increase of transverse scales of fluctuation,
the peak distribution characteristics of the location where the maximum surface
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Fig. 6. Location statistics of maximum surface settlement under different vertical scales of
fluctuation conditions. (a) θ x = 1.5D. (b) θ x = 3.0D. (c) θ x = 6.0D. (d) θ x = 12.0D.

settlement occurs are prominent. Among which Under the condition of θ x =
12.0D and θ z = 0.2D, the probability that the maximum settlement point is
directly above the tunnel is as high as 70.9%. This is mainly because in the
anisotropic random field, with the increase of transverse scales of fluctuation,
the correlation of horizontal parameters strengthens and gradually tends to the
horizontal mean value, that is, the overall zonal distribution. The distribution of
geotechnical parameters on both sides of the tunnel axis is more symmetrical
and uniform, and the probability of relatively high (low) stiffness area on one
side is small. Therefore, the location of maximum settlement value is mostly
directly above the tunnel.
3) Influence analysis of coefficient of variation
Figure 8 shows the distribution of the location of the maximum surface settlement caused by tunnel excavation under the conditions of different variation
coefficients in MCS-E*-θ working condition group (two groups with different
scales of fluctuation). It can be seen that with the increase of modulus variation
coefficient, the dispersion degree of location distribution of maximum surface
settlement also increases, where under the condition of COV = 0.5, θ z = 0.3D
and θ x = 1.5D, the probability that the maximum settlement point is directly
above the tunnel is only 23.5%. This is mainly because the larger the coefficient
of variation in the parameter random field model, the probability of asymmetric distribution of parameters on both sides of the tunnel will be significantly
improved.
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Fig. 8. Location statistics of maximum surface settlement under different coefficient of variation
conditions. (a) θ x = 1.5D. (b) θ x = 6.0D.

(2) Settlement curve type
According to the different positions of the maximum surface settlement, the
surface settlement curve is divided into three types. I –III successively represent
the single peak type which the wave peak is on the left, the single peak which type
wave peak is above the tunnel axis, and the single peak type which wave peak is
on the right. The distribution of various surface deformation modes under various
random working conditions is studied.
1) Influence analysis of vertical scales of fluctuation
Table 4 shows the variation of the type and number of surface deformation
curves with the vertical scales of fluctuation. It can be roughly seen that in the
MCS-z*-x random working condition group, with the increase of the vertical
scales of fluctuation, the probability of the same surface model as the deterministic analysis decreases, that is, the random characteristics of the surface
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settlement form gradually increase. Under different transverse scales of fluctuation conditions, the vertical scales of fluctuation increases from 0.2D to 0.5D,
and the probability of type II settlement mode decreases by 10%–20%. Under
the condition of θ x = 1.5D, the number of three settlement curves is roughly
the same.
Table 4. Statistics of surface settlement curve types under different vertical scales of fluctuation
conditions.
MCS-z*-x

θ x = 1.5D

θ x = 3.0D

θ x = 6.0D

θz

Type and number of
surface deformation
curves

MCS-z-x*

θx

Type and number of
surface deformation
curves

I

II

III

I

0.2D

290

398

312

0.2D

157

673

170

0.3D

312

343

345

0.3D

189

599

212

0.4D

350

325

325

0.4D

243

536

221

0.5D

264

489

247

0.2D

151

709

140

θ x = 9.0D

II

III

0.5D

373

297

330

0.2D

232

494

274

0.3D

313

422

265

0.3D

218

597

185

0.4D

321

358

321

0.4D

217

578

205

0.5D

354

338

308

0.5D

218

546

236

0.2D

209

589

202

0.3D

285

470

245

0.4D

271

458

271

0.5D

310

392

298

θ x = 12.0D

Selecting a combination of scales of fluctuation (e.g. θ x = 3.0D, θ z = 0.3D),
only one scales of fluctuation value is changed each time. Taking the number
of class II curves as the research object, the influence of the change of vertical
and transverse scales of fluctuation on the number of curves is analyzed. It is
found that the vertical scales of fluctuation increases by only 0.1D, resulting
in the change of the number of class II curves, which is roughly the same as
that when the transverse scales of fluctuation increases by one time. This also
shows that the vertical scales of fluctuation has a more significant impact on
surface deformation.
2) Influence analysis of transverse scales of fluctuation
Similarly, Table 5 shows the relationship between the type and number of
surface deformation curves and the transverse scales of fluctuation. It can be
seen that with the increase of transverse scales of fluctuation, the probability
of the same surface model as the deterministic analysis increases significantly,
that is, the random characteristics of surface settlement form gradually weaken.
Under different vertical scales of fluctuation conditions, the transverse scales

Study on Surface Deformation Model Induced by Shield Tunneling

451

Table 5. Statistics of surface settlement curve types under different transverse scales of fluctuation
conditions.
MCS-z-x*

θ z = 0.2D

θ z = 0.3D

θx

Type and number of
surface deformation
curves
I

II

III

1.5D

290

398

312

3.0D

232

494

6.0D

209

589

9.0D

157

673

MCS-z-x*

θx

Type and number of
surface deformation
curves
I

II

III

1.5D

350

325

325

274

3.0D

321

358

321

202

6.0D

271

458

271

170

9.0D

243

536

221

12.0D

217

578

205

1.5D

373

297

330

θ z = 0.4D

12.0D

151

709

140

1.5D

312

343

345

3.0D

313

422

265

3.0D

354

338

308

6.0D

285

470

245

6.0D

310

392

298

9.0D

189

599

212

9.0D

264

489

247

12.0D

218

597

185

12.0D

218

546

236

θ z = 0.5D

of fluctuation increases from 1.5D to 12.0D, the probability of type II settlement mode increases by 25%–30%, and the sensitivity of transverse scales of
fluctuation to surface deformation mode is significantly weakened when the
transverse scales of fluctuation increases to 9.0D. Under the condition of θ x =
12.0D, the probability of type II settlement mode is more than 50%.
3) Influence analysis of coefficient of variation
Table 6 shows the variation of the type and number of surface deformation curves
with the modulus variation coefficient. With the increase of modulus variation coefficient, the random characteristics of surface settlement form gradually increase.
Under different wave distance conditions, the coefficient of variation increases from
0.2 to 0.5, and the probability of type II settlement mode decreases by 20% –30%.
When θ x = 1.5D and θ z = 0.3D, the number of three settlement curves is roughly the
same under different coefficient of variation conditions. Combined with the analysis conclusion of scales of fluctuation condition, it can be seen that the diversity of
surface deformation modes is affected by parameter correlation and randomness.
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Table 6. Statistics of surface settlement curve types under different coefficient of variation
conditions.
MCS-z-x*

COV Type and
number of
surface
deformation
curves
I

θ x = 1.5D, θ z = 0.3D 0.2

II

III

MCS-z-x*

θx

Type and
number of
surface
deformation
curves
I

II

III

0.3

282 438 280 θ x = 6.0D, θ z = 0.3D 0.2 176 659 165
312 343 345
0.3 285 470 245

0.4

144 231 625

0.4 300 404 296

0.5

368 235 397

0.5 322 373 305

θ x = 3.0D, θ z = 0.3D 0.2

207 591 202

0.3

313 422 265

0.4

319 355 326

0.5

368 286 346

4 Conclusion
Aiming at the random response of surface deformation caused by shield tunnel construction, combined with random field theory, finite difference method and Monte Carlo
strategy, this paper constructs a random analysis method of surface deformation of shield
tunnel construction based on random field theory, and systematically studies the influence of autocorrelation and randomness of soil elastic modulus on surface deformation
mode of tunnel construction. The main conclusions are as follows:
(1) The location of the maximum surface settlement is closely related to the random
distribution of parameters in the influence area above the tunnel. According to the
location of the maximum surface settlement, three surface deformation modes are
summarized.
(2) The size of the element concentration area in the high (low) stiffness area and the
probability of asymmetric distribution of parameters on both sides of the tunnel are
closely related to the scales of fluctuation and variation coefficient.
(3) With the increase of the vertical scales of fluctuation, the decrease of the transverse
scales of fluctuation or the increase of the variation coefficient, the low peak distribution characteristics of the location of the maximum surface settlement caused
by tunnel construction become more and more obvious. The influence of vertical
scales of fluctuation is more significant than transverse scales of fluctuation, and
the influence of parameter variation coefficient is significantly stronger than scales
of fluctuation.
(4) With the increase of the vertical scales of fluctuation, the decrease of the transverse
scales of fluctuation or the increase of the coefficient of variation, the probability of
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the same surface model as the deterministic analysis decreases, that is, the randomness and chaos of the surface settlement curve gradually increase. When the vertical
scales of fluctuation increases by 0.1D, the change of the number of type II curves
is roughly the same as that when the transverse scales of fluctuation increases by
one time.
(5) The diversity of surface deformation modes is affected by parameter correlation
and randomness, and there is an obvious superposition effect.
The existence of spatial variability of geotechnical parameters will have a significant
impact on the deformation response characteristics of the ground surface during shield
tunnel construction. Accurately estimating and characterizing the spatial variability of
formation geotechnical parameters should be one of the main contents of routine design
of shield tunnel engineering.
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(No. 52008122 and No. 41807512).

References
1. Vanmarcke, E.H.: Random Fields: Analysis and Synthesis. MIT Press, Cambridge (1983)
2. Cheng, H.Z., Chen, J., Li, J.B., et al.: Study on surface deformation induced by shield tunneling
based on random field theory. Chin. J. Rock Mech. Eng. 35(Supp. 2), 4256–4264 (2016)
3. Wen, M., Zhang, D.L., Fang, Q.: Stochastic analysis of surrounding rock behavior of high
speed railway tunnel considering spatial variation of rock parameters. Chin. J. Rock Mech.
Eng. 36(7), 1697–1709 (2017)
4. Li, J.B., Chen, J., Luo, H.X., et al.: Study on surrounding soil deformation induced by twin
shield tunneling based on random field theory. Chin. J. Rock Mech. Eng. 37(7), 1748–1765
(2018)
5. Miro, S., König, M., Hartmann, D., et al.: A probabilistic analysis of subsoil parameters uncertainty impacts on tunnel-induced ground movements with a back-analysis study. Comput.
Geotech. 68, 38–53 (2015)
6. Xiao, L., Huang, H.W., Zhang, J.: Effect of soil spatial variability on ground settlement
induced by shield tunnelling, Geo-Risk [S. l.] [s. n.], pp. 330–339 (2017)
7. Möller, S.C.: Tunnel induced settlements and structural forces in linings, Ph. D. thesis.
Stuttgart Germany Universität Stuttgart (2006)
8. El-Ramly, H., Morgenstern, N.R., Cruden, D.M.: Probabilistic stability analysis of a tailings
dyke on presheared clay-shale. Can. Geotech. J. 40(1), 192–208 (2003)
9. Fenton, G.A., Griffiths, D.V.: Three-dimensional probabilistic foundation settlement. J.
Geotech. Geoenviron. Eng. 131(2), 232–239 (2005)
10. Fenton, G.A., Griffiths, D.V.: Probabilistic foundation settlement on spatially random soil. J.
Geotechn. Geoenviron. Eng. 128(5), 381–390 (2002)
11. Wei, G.: Study on calculation for width parameter of surface settlement trough induced by
shield tunnel. Ind. Constr. 39(12), 74–79 (2009)
12. Wang, Z.C., Wang, H.T., Zhu, X.G., et al.: Analysis of stratum deformation rules induced
by the construction of double-tube parallel shield tunnels for metro. China Railw. Sci. 34(3),
53–58 (2013)

454

J. Li et al.

Open Access This chapter is licensed under the terms of the Creative Commons Attribution 4.0
International License (http://creativecommons.org/licenses/by/4.0/), which permits use, sharing,
adaptation, distribution and reproduction in any medium or format, as long as you give appropriate
credit to the original author(s) and the source, provide a link to the Creative Commons license and
indicate if changes were made.
The images or other third party material in this chapter are included in the chapter’s Creative
Commons license, unless indicated otherwise in a credit line to the material. If material is not
included in the chapter’s Creative Commons license and your intended use is not permitted by
statutory regulation or exceeds the permitted use, you will need to obtain permission directly from
the copyright holder.

Analysis of Deformation Characteristics
of Large Diameter Shield Tunnel
with Construction Load
Weidong Zhu1 , Xiwen Zhang1,2(B) , and Liangliang Zhang3
1 School of Civil Engineering and Architecture, University of Jinan, Jinan, Shandong, China

cea_zhangxw@ujn.edu.cn
2 The Engineering Technology Research Center for Urban Underground Engineering

Supporting and Risk Monitoring of Shandong Province, Jinan 250022, Shandong, China
3 China Railway Siyuan Survey and Design Group Co., Ltd., Wuhan, Hubei, China

Abstract. With the rapid development of the method of shield tunnel in our country, the shield in the tunnel and the internal structure exist a lot of prefabricated
and assembled internal structure can be roughly divided into full cast-in-place,
full precast, and precast and cast-in-place structure. However, it has the disadvantages of more internal structural joints, poor waterproof performance, and complex
structural stress. Therefore, combined with the actual engineering case, the construction process is simulated by using the finite element analysis software, and
the influence of the segmental and internal structure cooperative deformation and
joint mechanical performance is considered to further analyze the deformation
characteristics of shield tunnel assembly internal structure, which can provide a
reference for the construction and design of similar projects.
Keywords: Shield tunnel · Internal structure · Structure deformation ·
Construction load · Assembly structure

1 Introduction
For the past few years, large-diameter shield tunnels have been widely used in the
construction of underwater tunnels and tunnels combining highway and metro, such as
Nanjing Yangtze River tunnel, Wuhan Sanyang road Yangtze River tunnel, Jinan Yellow
River tunnel, etc., because of its efficient utilization of space, high cost-effectiveness
and small disturbance to surrounding soil [1, 2]. The internal space layout of shield
tunnels presents a variety of ways, but the internal structure of shield tunnels is mainly
semi-prefabricated in China [3, 4]. However, few studies on the stress analysis of the
fabricated internal structure of shield tunnel at home and abroad, and there is no mature
calculation theoretical basis; The construction and service conditions of the prefabricated
assembled structure of the fabricated internal structure of large-diameter shield tunnel
are also different from those of aboveground buildings [5–7]. Its construction technology
and environment are more complex, and the requirements for the waterproof and seismic
performance of the structure are strict.
© The Author(s) 2022
G. Feng (Ed.): ICCE 2021, LNCE 213, pp. 455–461, 2022.
https://doi.org/10.1007/978-981-19-1260-3_41
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Therefore, it is necessary to further study the fabricated internal structure of largediameter shield tunnels. At present, domestic scholars have studied the assembled underground structure. Tao [8] used ABAQUS software to calculate and study the overall
stress and joint deformation of Yuanjiadian subway station of Changchun under different support modes; Taking Guangzhou Metro as an example, Zhang [9] established a
three-dimensional coupling model by ABAQUS to study the dynamic response of shield
tunnel lining and bolts under train load; Song [10] establishes load structure of multiple subway stations which is used to calculate and analyze the overall deformation,
local joint deformation, structural stress and internal force of the fabricated underground
station structure; Li [11] used Midas software to analyze and calculate the mechanical
performance of arch and rectangular fabricated subway stations respectively, and the
results show that the mechanical performance of arch structure stations is better; Li [12]
establishes the three-dimensional discontinuous medium of shield segments and bending
bolts Qualitative model and reasonable segment joint contact model are set to study the
stress and deformation of shield segment under actual load; Liu [13] established joint test
model, conducted joint test, and established joint bending stiffness model. The difference
between the test value and the calculated value is compared, and the main reasons for
this difference are analyzed. In the above research results, the mechanical properties of
the prefabricated subway station and shield tunnel lining are analyzed through numerical
simulation and full-scale experiment, but the internal structure of shield tunnels is rarely
analyzed, and the mechanical characteristics of its internal structure joints are not clear.
Based on the finite element software ABAQUS, a three-dimensional finite element
analysis model of soil layer-tunnel-internal structure is established. To provide a reference for the construction and design of similar projects, the deformation rule and internal
force characteristics of shield tunnel internal structure under different load grades are
systematically compared and studied.

2 Finite Element Model and Parameters
2.1 Model Overview
The segment of a river-crossing tunnel in Shandong Province, a tunnel combing highway
and metro, is 2519.2 m long. The segment is made of C60 reinforced concrete, with an
outer diameter of 15.2 m.
The ABAQUS finite element software is used to establish the calculation model
of soil-tunnel segment-assembled internal structure. The Mohr-Coulomb constitutive
model is used for the soil layer and the elastic constitutive model is used for concrete
segments and assembled internal structure. Five ring segments are set in the model and
five box culverts are set accordingly. The model size is 120 × 75 × 12 m. The soil
layer parameters are shown in the following Table 1. The finite element model is shown
in Fig. 1. C3D8 element is used for the segment, internal structure, and soil layer. The
box culverts are connected by longitudinal connecting bolts which grade is 6.8 with the
yield strength of 480 MPa. Assuming that no relative slip and separation occurs between
the asphalt concrete pavement and the internal structure, the “Tie” constraint is used
between asphalt concrete pavement and internal structures. Static step analysis is used,
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Fig. 1. Finite element model of tunnel segment-internal structure.

with fixed constraints at the bottom boundary of the model and horizontal and vertical
constraints at both sides of the model.
2.2 Model Parameters
To improve the calculation efficiency, the elastic constitutive model is used for the
reinforced concrete segment and the assembled internal structure. The segment is C60
concrete and the internal structure is C40 concrete. The Mohr-Coulomb constitutive
model is used for the rock and soil. The basic physical and mechanical parameters of
the model are shown in Table 1.
Table 1. Parameters of DEM simulations.
Poisson
ratio μ

Density ρ
(kg/m3 )

Cohesion c
(kPa)

Friction
angle ϕ (°)

28.56

0.30

1846.2

20.5

15.6

Silty clay

24.90

0.30

1897.2

18.7

10.4

Silty clay

30.18

0.30

2009.4

35.4

16.0

4

Silty clay

34.65

0.30

2019.6

40.5

24.6

5

Gabbro

Material

Elastic
modulus E
(MPa)

1

Clay silt

2
3

8333.33

0.25

2244.0

40.0

38.0

Shield tunnel
segment

36000.0

0.2

2500.0

–

–

Internal structures

32500.0

0.2

2400.0

–

–
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2.3 Cases for Analysis
The construction of internal structures of the tunnel completed is regarded as the initial
state of the calculation model after completion of construction. According to the driving
positions of the transporting vehicles in the construction stage, the load is simplified into
two equal concentrating forces which are applied to the span of the box culvert slab. The
load level is divided into 5 levels, which are 100 kN, 150 kN, 200 kN, 250 kN, and 300
kN respectively. The cross section of the loading mode is shown in the following Fig. 2.

Fig. 2. Working condition diagram.

3 Result Analysis
3.1 Vertical Displacement Analysis
The displacement curves obtained under the monitoring path are shown in the following
Fig. 3(a). Figure 3(b) extracted the vertical displacement values of each key position of
the internal structure under different levels of load.
It can be seen from the following drawings that when construction load is applied
to the span of the box culvert, the vertical deformation of internal structures mainly
concentrates on the span of intermediate box culvert and decreases along the direction
of box culvert support, which has an effect on the pre-fabricated lane slab after assembly
on both sides. A certain amount of deformation also occurs at the support of the lane
slab, and the greater the load level, the more obvious the effect is. With the increase
of load grade, the vertical displacement of the key position of the internal structure
increases linearly, and the growth rate is the largest at the middle position of the box
culvert span. This is caused by the loading position close to the middle of the box culvert
span. However, the growth rate of W1 and W2 positions far from the middle position of
the box span is small and close.
3.2 Structural Internal Force Analysis
In addition, the response of rebar and connecting bolt of intermediate box culvert is
analyzed. Figure 4 shows the rebar and connection bolts maximum principal stress
clouds diagram under P = 300 kN. All rebar does not yield. Rebar of the top plate of the
box culvert and the upper plate of land are subject to large tensile stress. The maximum
principal stress is much lower than the yield strength, which is observed at the bottom
of the roof in the loading box culvert with the largest deformation, and the maximum
stress is 4.05 Mpa.
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(a) Vertical displacement under the
monitoring path.
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(b) Vertical displacement at key positions.

Fig. 3. Vertical displacement.

(a) Rebar stress nephogram.

(b) Bolt stress nephogram.

Fig. 4. Maximum principal stress of rebar and bolt.

3.3 Synergetic Deformation Analysis of Soil-Tunnel Segment-Assembled Internal
Structures
Taking the calculation result of load P of 300 kN as an example, the cloud diagram of
the calculation result when the loading position is in the middle of the box culvert span
is shown as follows. It can be seen that the vertical deformation of the intermediate box
culvert mainly concentrates on the box culvert at two coupling points where the load is
applied. The maximum vertical displacement of the box culvert span reaches 0.42 mm;
The soil-segment-internal structure has a cooperative deformation, and the soil around
the segmental also has a certain settlement with the load applied (Figs. 5 and 6).

460

W. Zhu et al.

Fig. 5. Vertical deformation of the whole model.

Fig. 6. Vertical deformation of internal
structure.

4 Conclusion
Based on ABAQUS finite element simulation, the simulated stress state is analyzed
according to different load sizes. The following conclusions are drawn:
(1) When the inner structure of the shield tunnel is under construction load and the
inner structure undergoes non-uniform longitudinal deformation, the box culvert
concrete mainly bears tensile stress and the reinforcement and connecting bolts do
not yield. When the load is applied, the soil-segment-internal structure synergistically deforms. With the load applied, the soil around the segmental also has a
certain amount of settlement.
(2) When the construction load is applied to the middle of the box culvert span, the
vertical deformation of the inner structure is mainly concentrated in the box culvert
span. With the further construction of the inner structure, the maximum vertical
displacement of the box culvert span is 0.4 mm, which indicates that the ability of
the assembled inner structure to resist deformation is further improved.
(3) Under different load levels, the vertical displacement in the span of the box culvert
increases with the increase of load.
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Abstract. Based on the rapid freeze-thaw (F-T) cycle test, the changes of relevant indexes (mass, relative dynamic elastic modulus, mechanical properties and
thickness of concrete F-T damage layer) of concrete and mortar specimens with
three water-binder ratios under F-T cycle was systematically studied. The results
show that the quality, relative dynamic elastic modulus and mechanical properties
of concrete and mortar decrease with the increase of F-T cycles, the thickness of
F-T damaged layer of concrete increases in different degrees. The degree of F-T
damage of mortar specimen is obviously lower than that of concrete specimen.
Through regression analysis, it is find that the relative dynamic elastic modulus
of concrete were significantly related to the relative dynamic elastic modulus of
mortar, the thickness of concrete damage layer and the relative dynamic elastic
modulus of concrete, it shows that one of the factors causing the F-T damage of
concrete is the damage of mortar.
Keywords: Concrete · Freeze-Thaw (F-T) cycle · Thickness of F-T damaged
layer · Mechanical properties · Quantitative analysis

1 Introduction
Concrete is an anisotropic, heterogeneous, artificial material that is made of a cementitious binder, water, coarse aggregate, fine aggregate and possibly one or more admixtures
to facilitate mixing, molding, pouring, and curing processes, through a complex series of
physical changes and chemical reactions [1, 2]. The solid components of hardened concrete consist primarily of hardened cement paste, aggregates, and interfacial transition
zone (ITZ) [3]. Presently, the hydrostatic pressure hypothesis [4] and the osmotic pressure hypothesis [5] had generally accepted as the mechanisms behind the F-T damage
of concrete. There are two conditions for F-T failure of concrete: one is that the concrete
saturated with water, and the other is the alternation of temperature. At present, most
of the research on the frost resistance of concrete focuses on qualitative analysis [6–9],
but there are few studies on the quantitative analysis of concrete related performance
indicators under the action of F-T.
© The Author(s) 2022
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In this study, three kinds of concrete and mortar specimens with different waterbinder ratios (0.35, 0.42 and 0.53) were prepared. Based on the rapid F-T cycle test, the
mass loss rate, relative dynamic modulus of elasticity, change of mechanical properties
and thickness of F-T damaged layer of concrete had measured. The internal damage and
mechanical properties of specimens with different water-binder ratio under F-T action
had studied systematically. The quantitative relationships between the relative dynamic
elastic modulus of concrete and the relative dynamic elastic modulus of mortar, the
thickness of F-T damage layer and the relative dynamic elastic modulus of concrete are
established.

2 Experimental Details
2.1 Materials
P·II 52.5-grade Portland cement, Grade I fly ash, limestone graded gravel, river sand,
and drinking water produced by Qinghai Qilian Mountain Cement Co., Ltd. were used
in this study. The physical and mechanical properties of P·II 52.5 Portland cement are
listed in Table 1, and the chemical compositions of the cement and fly ash are listed in
Table 2. The limestone is produced by Jiaheng Magnesium Industry Co. Ltd. in Qinghai
Province. The physical and mechanical properties are shown in Table 3, and the gradation
curve of graded gravel is shown in Fig. 1. The river sand used was obtained from the
Huangshui River in Xining. Its fineness modulus of 2.70 indicates that it is medium grain
sand. The basic performance indicators shown in Table 4, the gradation curve of sand is
shown in Fig. 2.
Table 1. Physical and mechanical properties of P·II 52.5 Portland cement.
Fineness
(Percentage
of sieve
residue/%)

Specific Ignition Stability
surface loss (%)
area/
(m2/kg)

0.3

376

0.96

Setting
time/min

Compressive
strength/MPa

Qualified Initial Final 3d
171

216

25.8

Flexural
strength/MPa

28d

3d

28d

58.3

5.3

8.0

Table 2. Chemical composition of cementitious materials/%.
Element CaO

SiO2

Al2 O3 Fe2 O3 MgO SO3 K2 O TiO2 Na2 O MnO2 SrO

Cement

62.65 23.21

4.98

2.89

2.44

2.41 0.79

0.31

0.06

0.05

0.17

Fly ash

11.38 51.56 18.65

9.92

0.99

2.67 1.76

0.88

1.91

0.20

–
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Table 3. Basic performance index of limestone graded gravel.

Stacking
density/Kg·m−3
Compact
packing
density

Loosely
packing
density

1565

1425

Apparent
density/Kg·m−3

Elongated
flaky
particle/%

Crushing
value/%

Water
absorption/%

2710

9.05

10.43

1.15

Table 4. Basic performance index of sand.
Stacking density/Kg·m−3

Apparent density/Kg·m−3
Loosely packed density

1840

1720

2670

100
90
80
70
60
50
40
30

Upper limit
Lower limit
Limestone
Quartzite
Basalt

20
10
0

18

16

14

12

10

8

6

4

Dimension of screen hole/mm

Fig. 1. Grading curve of coarse aggregate.

Cumulative screen residual percentage/%

Cumulative screen residual percentage/%

Compact packing density

100

Upper limit
Lower limit
Sand

90
80
70
60
50
40
30
20
10
0

4.5

4.0

3.5

3.0

2.5

2.0

1.5

1.0

0.5

Dimension of screen hole/mm

Fig. 2. Grading curve of sand.

2.2 Sample Preparation
The concrete and mortar specimens with water–binder ratios of 0.35, 0.42 and 0.53 were
used (Table 5).
2.2.1 Concrete Specimens
Firstly, the cement, fly ash, aggregate and sand was mixed into the horizontal ready-mix
concrete for 1 min, after which the water and admixture were mixed for 3–4 min. Finally,
the mixture was poured into 100 × 100 × 100 mm molds and placed on a shaking table
for vibration and compaction, then placed in an environment of 20 ± 2 °C and a relative
humidity of >50%, and sealed and hardened whilst wrapped in a plastic film. After
curing for 24 h, the mold was removed and then placed in the standard curing chamber
with a temperature 20 ± 2 °C and a humidity of ≥95% for 28 days.
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Table 5. Mixture ratio of concrete specimen.
Aggregate/Kg·m−3

Serial Mixed
number proportion/Kg·m−3
Cement

Water/Kg·m−3 Water-cement
ratio

FA

Coarse
Coarse
aggregate aggregate

Sand

CFL35 425

75

1035

Limestone 690

175

0.35

CFL42 382.5

67.5

1056.6

Limestone 704.4

189

0.42

CFL53 340

60

1019.16

Limestone 768.84 212

0.53

2.2.2 Mortar Specimens
By using the method of “wet screen mortar”, the concrete mixture with the corresponding
proportion was poured into the square screen with the aperture of 4.75 mm. It was put
on the shaking screen machine in order to get rid of the aggregate whose particle size
is more than 5mm, and then the mortar with corresponding proportion can be prepared.
The mortar was poured into a cubic mold of 70.7 mm, and placed on the shaking table for
compaction. The mortar specimens were placed in the same environment as the concrete
specimens to harden, after whom the molds were removed, and the samples were left
to harden in the same curing chamber as the concrete samples. The serial numbers of
mortar specimens prepared from CFL35, CFL42 and CFL53 concrete are MF35, MF42
and MF53.
2.3 Sample Testing and Analysis
2.3.1 Compressive Strength Test of Concrete and Mortar Cube Specimen
The compressive strength of concrete and mortar cube specimens was measured by
microcomputer controlled electro-hydraulic servo pressure tester (YAW4306) in accordance with the Standard for Test Methods of Mechanical Properties of Ordinary Concrete
(GB/T 50081-2019). The calculation result is accurate to 0.01 MPa.
2.3.2 Rapid F–T Cycle Test
The rapid F-T test machine (NJW-HDK-9) is used, and the F-T cycle method and test
method refer to the relevant methods of the Standard for Long-term Performance and
Durability Test Methods of Ordinary Concrete (GB/T 50082-2009) [11]. The concrete
prism specimens were put into the rapid F-T testing machine, and the mass loss rate and
relative dynamic elastic modulus (Fig. 3) were measured after every 25 cycles of F-T
(NM-4B). When the mass loss reaches 5% of the initial mass or the relative dynamic
modulus decreases to 60% of the initial value, the experiment is finished. The mass loss
rate and relative dynamic modulus of elasticity of the specimen are calculated according
to Eqs. (1) and (2):
Wn = [(W0 − Wn )/W0 ] × 100

(1)
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where Wn is the mass loss rate of specimens after F-T cycles, Wn is the mass of the
specimen after several F-T cycles and W0 is the Initial mass of the specimen before the
F-T cycle test.
RDEM = (Et /E0 ) × 100 = (Vt /V0 )2 × 100 = (T0 /Tt )2 × 100

(2)

where RDEM is the relative dynamic elastic modulus of concrete and wet screen mortar, E0 , V0 , T0 are the initial dynamic modulus, ultrasonic wave velocity and ultrasonic
acoustic time respectively. Et , Vt , Tt are the dynamic modulus, ultrasonic wave velocity
and ultrasonic sound time at the end of every 25 F-T cycles respectively.

b
a
Fig. 3. Schematic diagram of ultrasonic detection (a) and arrangement of measuring points (b).

At the same time, at the end of every 25 F-T cycles, the thickness of F-T damage
layer of concrete prismatic specimens was measured according to technical specification
for detecting concrete defects by ultrasonic method (CECS21-2000) [12–14]. The test
method is shown in Fig. 4. Firstly, the “Time-Interval” diagram of corroded concrete is
drawn by using the acoustic time value and the corresponding distance value of each
measuring point (Fig. 5). The thickness of concrete damage layer is calculated by the
ultrasonic time value data and the inflection point of the curve in the “Time-Interval”
diagram of each specimen, and then the regression linear equations of damaged and
undamaged concrete l and t are obtained by regression analysis method. Finally, the
thickness of the damaged layer of the concrete specimen is calculated according to
Eqs. (3) and (4):
l0 = (a1 b2 − a2 b1 )/(b2 − b1 )

(3)

hf = (l0 /2) · [(b2 − b1 )/(b2 + b1 )]1/2

(4)

where hf is thickness of F-T damaged layer of concrete, a1 , b1 , a2 , b2 is the regression
coefficient of the line being the intercept and slope of the damaged and undamaged
concrete line in Fig. 5.
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Fig. 4. Schematic diagram of thickness detection of
concrete damage layer.
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Fig. 5. Time-distance diagram of
damage layer detection.

3 Results and Discussion
3.1 Surface Spalling of Concrete Under F-T
Figure 6 shows the surface spalling of concrete specimens with different water-binder
ratios under F-T. It can be seen from the figure that as the number of F-T cycles increases,
the peeling off the concrete specimen surface becomes more and more serious. When the
specimen is damaged, the degree of F-T damage increases with the increase of waterbinder ratio. In the early stage of F-T, the surface of the specimen was partially rough, a
small amount of cement mortar peeled off the attached coarse aggregate, and the damage
was unobvious. With the number of F-T cycles increased, the amount of cement mortar
spalling also increased, and pits appeared on part of the surface. When the concrete is
about to fail, the surface of the specimen shows serious peeling, the coarse aggregate is
exposed, and the corners of the local corners are dropped.
3.2 Variation of Mass and Relative Dynamic Elastic Modulus of Specimens
Under F-T
Figure 7 shows the mass loss and relative dynamic elastic modulus change curves of
concrete and mortar specimens with different water-binder ratios under F-T. It can be
seen that with the increase of F-T times, the mass and relative dynamic elastic modulus
of the specimen decrease to some extent. After 250, 75 and 50 cycles of F-T cycles,
the relative dynamic modulus of elasticity of CFL35, CFL42 and CFL53 decreased to
less than 60% (49.84%, 54.28% and 56.01%), the mass loss rate was 1.135%, 0.456%
and 0.523% respectively. After 250, 75 and 50 cycles of F-T cycles of MF35, MF42
and MF53, the relative dynamic elastic modulus decreased to less than 60% (52.9%,
58.18%, 59.24%), the mass loss rate was 0.836%, 0.184% and 0.417% respectively. The
basic reason for this phenomenon lays in the difference of pore structure parameters in
concrete. With the increase of water-binder ratio, the internal structure of concrete also
tends to be loose, resulting in a decline in its frost resistance.
At the same time, it is found that the relative dynamic elastic modulus of concrete is
lower than that of mortar under the same F-T cycles. Through the regression analysis of
the relative dynamic elastic modulus of concrete and the relative dynamic elastic modulus
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CFL35
CFL42
CFL53

1.4
1.2

MF35
MF42
MF53

1.0
0.8
0.6
0.4
0.2
0.0
-0.2

115

Relative dynamic modulus/%

Percentage of mass loss/%

Fig. 6. Destruction mode of CFL35 (a, b, c), CFL42 (d, e, f) and CFL53 (g, h, i) under F-T.
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Fig. 7. Mass loss rate (a) and relative dynamic modulus of elasticity (b) of specimens under F-T.

of mortar under F-T (Fig. 8), it is found that there is a significant linear relationship
(Eq. (5)) between them:
RDEM,c = 1.033RDEM,m − 7.224

(5)

where RDEM,c is the relative dynamic elastic modulus of concrete, RDEM,m is the
relative dynamic elastic modulus of mortar. In this fitting relationship, the number of
samples is 15, and it can be seen from the figure that R = 0.9798 > R0.001 (13) = 0.760.
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Relative dynamic modulus of concrete/%

This shows that the relative dynamic elastic modulus of concrete and the relative dynamic
elastic modulus of mortar in the F-T are more than 99.9% significant. It is preliminarily
shown that one of the factors of F-T damage of concrete is the damage of mortar.

110
105
100
95

MF35-CFL35
MF42-CFL42
MF53-CFL53
Fitting curve

90
85
80

y=1.033*x-7.224,
R2=0.9601

75
70
65
60
55
50
45
45 50 55

60 65 70 75 80

85 90 95 100 105 110 115 120

Relative dynamic modulus of mortar/%

Fig. 8. Relation between relative dynamic modulus of concrete and relative dynamic modulus of
mortar.

3.3 Comparative Analysis of Basic Mechanical Indexes of Specimens Before
and Aater F-T
Figure 9 shows the change rule of the basic mechanical indexes of concrete and mortar
specimens with different water-binder ratios before and after F-T. It can be seen that the
mechanical properties of the concrete and mortar specimens have different degrees of
loss under F-T. When the concrete and mortar specimens with water-binder ratios of 0.35,
0.42 and 0.53 have undergone 250, 75 and 50 F-T cycles in sequence, they reached the
condition of F-T failure. It is found from Fig. 9a that the compressive strength loss rates
of CFL35, CFL42 and CFL53 specimens are 61.24%, 26.93% and 37.50% respectively
after F-T failure. The compressive strength loss rates of corresponding mortar specimens
(MF35, MF42 and MF53) were 53.11%, 21.27% and 29.02% respectively. It is found
from Fig. 9b that the splitting loss rates of CFL35, CFL42 and CFL53 specimens are
41.54%, 51.0% and 66.02% respectively, and the splitting loss rates of corresponding
mortar specimens (MF35, MF42 and MF53) are 40.81%, 24.32% and 57.92% respectively. It is found from Fig. 9c that the loss rates of flexural strength of CFL35, CFL42
and CFL53 specimens are 73.12%, 76.15% and 83.71% respectively. It can be seen from
the above data that the loss of mechanical properties of the mortar is less than that of the
concrete specimens. The reason for this phenomenon is that the larger the porosity of
the inner structure and the looser the structure, the worse the frost resistance of the specimen with large water-binder ratio. Compared with the concrete specimen, the mortar
specimen is more homogeneous, which leads to a lower loss rate of strength.
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Fig. 9. Variation of compressive strength (a), splitting tensile strength (b) and flexural strength
(c) of concrete and mortar specimens before and after F-T.

3.4 Variation Law of Thickness of F-T Damaged Layer of Concrete Under F-T
Figure 10 is the change curve of thickness of F-T damaged layer of concrete with different
water-binder ratios under the action of F-T. The results show that the thickness of damage
layer increases with the increase of F-T cycles, and the growth rate increases with the
increase of water-binder ratio. When the specimen reached the failure condition, the
thickness of the F-T damage layer from high to low was CFL35 (47.52 mm), CFL53
(43.59 mm) and CFL42 (31.49 mm). This is due to the expansion of the pores caused by
the water expansion in the pore structure of concrete under the action of F-T, which leads
to the increase of the thickness of the damaged layer. When the specimen reaches the
condition of F-T damage, the thickness of the F-T damage layer is between 31–48 mm,
which indicates that the specimen is in the state of thoroughly frozen.
Through further analysis of the thickness of F-T damage layer of concrete, it is found
that the variation law is basically consistent with the relative dynamic elastic modulus
of concrete. Regression analysis of the two (Fig. 11) revealed the following nonlinear
relationship (Eq. (6)):
hf = −0.0079(RDEM,c )2 + 0.5306(RDEM,c ) + 36.456

(6)

where hf is the thickness of F-T damaged layer of concrete, RDEM,c is the relative
dynamic elastic modulus of concrete. In this fitting relationship, the number of samples
is 19, and it can be seen from the figure that R = 0.860 > R0.001 (17) = 0.693. The results
show that the prediction model of the thickness of the F-T damage layer of concrete and
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Fig. 10. Thickness variation of F-T damage Fig. 11. Relationship between the thickness of
layer of concrete specimen under F-T.
F-T damaged layer and the relative dynamic
elastic modulus of concrete.

relative dynamic elastic modulus of concrete is more than 99.9% significant. It shows
that as the relative dynamic elastic modulus of concrete decreases, the thickness of the
F-T damage layer is also increasing. At the same time, it can be seen that the F-T damage
of concrete is a process from the outside to the inside, which not only occurs inside the
concrete but also occurs on the surface of the concrete. Through the above analysis, it
is found that one of the reasons for the F-T damage of concrete is caused by partial F-T
damage of the mortar.

4 Conclusions
This study systematically explored the changes of relevant indexes of concrete and
mortar specimens with different water-binder ratios under F-T. Based on the experimental
results, the following conclusions can be drawn:
1. With the increase of F-T times, the quality and relative dynamic elastic modulus of
the specimens both decreased to varying degrees. This is caused by the difference
in the parameters of the pore structure inside the concrete. Through the regression
analysis of the relative dynamic elastic modulus of concrete and the relative dynamic
elastic modulus of mortar, it is found that there is a very significant linear relationship
between them. It is preliminarily shown that one of the factors leading to concrete
F-T damage is mortar damage.
2. After the concrete and mortar specimens experienced F-T effects, their mechanical
properties showed varying degrees of loss. The loss rate of strength of mortar is
relatively low. This is caused by the relatively homogeneous interior of the mortar
specimen.
3. When the concrete reaches F-T failure, the degree of exfoliation on the surface of
the test piece increases with the increase of the water-binder ratio, and the concrete
is basically in a state of being frozen through. Through regression analysis of the
thickness of the concrete F-T damage layer and the relative dynamic elastic modulus
of concrete, it is found that the two have a very significant non-linear relationship.
It is further confirmed that one of the causes of concrete F-T damage is caused by
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mortar damage. At the same time, it shows that the F-T damage of concrete is a
process from surface to interior.
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Abstract. In order to further reveal the pile-soil interaction mechanism during
precast pile driving in saturated soft soil in coastal areas, the compaction effect
and excess pore pressure response of a single pile and adjacent pile penetration
under hammer driven pile construction are analyzed by using the cavity expansion
and model test method. The results show that pile driving in saturated soil layer
will cause large soil compaction and accumulation of excess pore water pressure.
Under the model test conditions, the variation range of soil pressure and excess
pore pressure is about 0.7–3.0 times and 0.5–1.5 times of soil mass weight stress.
As the driving of adjacent pile, soil pressure at the constructed pile-soil interface
increases gradually and fluctuates at the same time, and multi peak phenomenon
appears under the influence of different soil layers. At the initial stage of driving,
the pile driving force is mainly borne by the pile side friction, and the pile tip
resistance will actions as the increase of penetration depth, and the relationship
between them is basically linear. These results have certain guiding and reference
value for the construction of precast pile driving in saturated soft soil in coastal
areas.
Keywords: Precast pile · Coastal strata · Pile-soil interaction · Cavity expansion
theory · Model test

1 Introduction
Due to the special geological causes and forming environment, there are a large number
of muddy soft soil and silt foundations in coastal areas, which have low bearing capacity,
large deformation or liquefaction characteristics [1, 2]. In practice, it is often necessary to
adopt the form of pile foundation to meet the bearing requirements of the superstructure.
Precast pile is a common pile type in China’s coastal areas because of its low cost per
unit of bearing capacity and relatively suitable geological conditions in coastal areas.
However, no matter how to construct precast piles by hammer sinking, vibration sinking
or static pressing, it will inevitably disturb the soil around the piles, and there will be
obvious soil squeezing effect and excess pore water pressure accumulation in the soil,
etc. It is not uncommon for pile foundation construction quality problems to be caused
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by insufficient understanding of pile-soil interaction mechanism during pile sinking [3–
5]. In this regard, scholars and engineers at home and abroad have carried out a lot of
research work from theoretical analysis, experimental research and field measurement
[6–8]. In the aspect of theoretical research, Liu et al. [8] derived an analytical solution
to the problem of pore expansion of saturated soil in K 0 consolidation state, and the
anisotropy induced by natural soil consolidation had a great influence on the soil stress
and excess pore water pressure around the pile after pore expansion. Mo et al. [9] derived
the analytical solution of pore expansion under completely undrained condition, and
analyzed the displacement-controlled pile driving process in clay. Zhou et al. [10] used
the unified strength theory to study the pore expansion in unsaturated soil under different
drainage conditions. Zheng et al. [11] adopted the critical constitutive model of sand
considering the characteristics of particle breakage and dilatancy, and established a semianalytical solution to the problem of pore expansion in sand. It can be seen that in order
to better reflect the mechanical properties and actual engineering conditions of various
soils, scholars have used the ideal elastic-plastic constitutive model to the more complex
critical state model to analyze the problem of column hole expansion considering actual
complicated situations such as drainage, particle breakage and stress path. In terms of
experimental and measured research, Xu et al. [7] analyzed the development law of
pore water pressure and lateral deformation of soil under the action of ground motion
through shaking table test of liquefaction site-pile group foundation interaction. Wang
et al. [12] carried out the field test of pile sinking of anti-liquefaction drainage rigid
pile and ordinary rigid pile. Su et al. [13] established numerical simulation of shaking
table of pile group in liquefied lateral expansion site by means of OpenSees numerical
method, and the interaction between pile group, pile cap and soil has great influence
on lateral deformation of the system. Zhou et al. [14] carried out the model test of
transparent soil driven by rectangular piles, and derived the modified reaming theory
of rectangular pile section according to the test results. Wang et al. [15] analyzed the
variation law of soil pressure and excess pore water pressure of open pile and closed
pile in saturated clay during static pressure through laboratory tests. Many scholars used
shaking table, centrifuge and numerical simulation methods to carry out the simulation
test and field measurement research of pile driving process at different scales. Combined
with transparent soil and sensing test technology, the development and distribution law
of soil deformation, earth pressure and excess pore water pressure around pile driving
process were analyzed.
At present, with the development and utilization of marine wind power resources in
the eastern coastal areas of Jiangsu Province, the number and scale of pile foundation
construction in coastal soft and liquefiable soil layers are constantly expanding, but
the construction quality control still faces many problems. In this paper, based on the
construction of precast pile driving in Jiangsu coastal stratum, theoretical analysis of
pile driving and soil squeezing effect and indoor model test research are carried out,
and the interaction mechanism between pile and soil, the response law of soil pressure
and excess pore water pressure in the process of precast pile driving are discussed. The
results can provide support for improving pile driving efficiency and construction quality
control of precast pile driving in coastal soil stratum.
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2 Theoretical Analysis of Pile Squeezing Effect
2.1 Cavity Expansion Theory
The pore expansion theory is a theory to study the changes of stress, pore water pressure
and displacement caused by the expansion of cylindrical or spherical holes. In this paper,
the analytical solution of undrained pore expansion derived by Mo et al. [9] is used to
analyze the pile driving process.

p0
Plastic zone
p

r

塑性区
Elastic zone
Fig. 1. Diagram of cavity expansion theory

Referring to Fig. 1, the equilibrium equation expression of pore expansion is:
σθ − σr =

r ∂σr
m ∂r

(1)

And satisfy two boundary conditions:
σr |r=a = p

(2)

σr |r=b = p0

(3)

Among them, σr and σθ are the radial and circumferential stresses in the soil, r is
the distance from the calculation point to the center of the hole, m is the hole shape
coefficient, m = 1 is the cylindrical hole, m = 2 is the spherical hole, a and b are the
inner diameter and outer diameter of the hole after the expansion of the soil, p is the inner
wall pore pressure of the expanded soil and p0 is the outer wall pore pressure of the soil.
In this paper, it is assumed that the soil is an infinite medium, that is, b = ∞. In order to
consider the large deformation of soil caused by pore expansion, it is necessary to use
the large strain analysis method to derive the analytical solution, and the logarithmic
strain expression is as follows:


dr
(4)
εr = −ln
dr0
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r
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(5)

Among them, εr and εθ are the radial and circumferential strains in the soil, respectively, and r0 is the initial distance from the calculation point to the center of the hole. In
this paper, the stress and strain are positive in compression. For the actual pile driving
process, an approximate analysis is made by a series of spherical small hole expansions
moving down the pile body, and the soil at the pile bottom is controlled by the small
hole expansions at the pile end. The process of hole expansion is assumed to be an initial
hole (about 0.1 mm in diameter) that is expanded to the pile diameter (that is, r = D/2,
D is the equivalent diameter of precast pile), so as to simulate the soil squeezing effect
of precast pile driving.
The unified sand-clay constitutive model CASM is adopted to analyze the constitutive
model of soil, which can better simulate the stress-strain characteristics of sand and clay
under different loading paths and drainage conditions [16, 17]. The yield surface equation
expression of CASM model is:


 η n
ln p /py
=−
(6)
M
ln r ∗


Where η is the effective stress ratio = q/p , q is deviatoric stress, p is the effective

average stress, and py is the pre-consolidation pressure; n is the stress state coefficient
∗
and r is the spacing ratio, both of which belong to the newly introduced material
parameters of CASM. The model uses an unrelated flow criterion to control the plastic
strain of materials, and the expression is:
δ̇ p
m
9(M − η)
×
=
γ̇ p
9 + 3M − 2M η m + 1

(7)

In which δ̇ p is the plastic volumetric strain rate, δ = εr + mεθ ; γ̇ p is the plastic shear

strain rate, γ = εr − εθ ; M is the slope of the critical state line in p − q space.
The specific values of soil parameters are shown in Table 1, and the saturation degree
γsat of soil is 18 kN/m3 . The friction angle δf of pile-soil interface is φ/2, where φ is
6sinφ
the internal friction angle of soil, which is calculated by M = 3−sinφ
. The maximum
penetration depth of pile foundation is 1 m.
Table 1. Soil parameters used in calculation
Elastic parameter

κ = 0.025

μ = 0.3

Critical state parameter

M = 0.9

λ = 0.093

CASM parameter

r ∗ = 2.714

n = 4.5

= 2.06
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2.2 Calculation Method of Pile Sinking Resistance
The pile driving force Q when the penetration depth z is controlled according to the
displacement consists of the pile end force Qtip and the pile side force Qshaft , and the
calculation formulas are as follows:
Qtip = qt A = qt π D2 /4

Qtip =

z

(8)

qs,Z π Ddz

(9)

0

Among them: qt is the pile end resistance, and qs,z is the pile side resistance at depth
z. The specific expression is:
 
 

√
qt = σr + u × 1 + 3 tan φ
(10)

 
qs,z = σr,z + uZ × tan δf

(11)
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Among them: σr is the effective radial stress at the pile tip (depth z) caused by pile
sinking, and u is the excess pore water pressure at the pile tip caused by pile sinking;

σr,z and uZ are the effective radial stress and excess pore water pressure at the pile
side at the depth z, respectively, which can be calculated by the expansion of spherical
holes at the corresponding depth.
2.3 Calculation Result Analysis
Soil squeezing effect will occur in the process of pile sinking, which will cause the
stress change of the soil around the pile. Figure 2 shows the calculated average stress
increment p caused by pile driving, where the average stress p = σr + 2σθ /3. The pile
sinking causes the average stress around the pile to increase, and the influence range is
within 3 times of the pile diameter around the pile, and the change of soil stress within
3 times of the pile diameter depth on the surface can be neglected. Figure 3 shows the
distribution of excess pore water pressure u caused by pile driving, and the influence
range is similar to the average stress increment, with the value slightly larger by about
20%.
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Fig. 3. Excess pore water pressure during pile driving
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The distribution of effective radial stress and excess pore water pressure at the pile
tip along the horizontal direction after the pile is sunk by 1 m is shown in Fig. 4(a). The
effective radial stress around the pile is distributed horizontally, which indicates that
the soil after soil compaction disturbance is in a critical state, and the negative value
indicates that there is excessive excess pore water pressure in this area. With the increase
of horizontal distance, the effective radial stress away from the soil first increases and
then decreases. It can be seen that the size of plastic zone is about 2.5D, and the overall
influence range of pile sinking is about 4D. The excess pore water pressure decreases
rapidly with the horizontal distance, and the influence range is less than the effective
radial stress, which is about 3D. Figure 4(b) shows the distribution of pile body friction
(black line) and excess pore water pressure (red line) along the depth of pile body after
pile sinking for 1m, and its linear distribution may be due to the influence of near-surface
and too small in-situ stress level.
The evolution of the total penetration force Q, tip force Qtip and side force Qshaft
of the displacement pile in the process of pile sinking is shown in Fig. 5(a). When the
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penetration depth is greater than 0.5 m, the pile driving force is mainly borne by the pile
side friction. The variation of pile end resistance qt and excess pore water pressure at
pile end with penetration depth is shown in Fig. 5(b).

3 Model Test on Pile Sinking Process
3.1 Test Device and Method
As shown in Fig. 6, steel drum model box (inner diameter 1000 mm) is used, and earth
pressure box and pore pressure meter are respectively arranged on both sides of concrete
model pile body to measure the earth pressure and pore water pressure at the pile-soil
interface. The size of the concrete model pile is 60 mm * 60 mm * 1000 mm, and the
length-diameter ratio of the concrete model pile is 16.7. The wires of the earth pressure
box and pore pressure meter arranged inside the concrete model pile are led out at a
distance of 200 mm from the top of the model pile. The concrete model pile is poured
with C30 concrete. Due to the size limitation and the need of embedded sensors, the
coarse aggregate of poured concrete is screened with a 5 mm screen to better fill the
inner space of the model pile mold, and at the same time, the contact between large
aggregate and sensors can be avoided to affect the measurement results.
Model pile
Soil pressure meter
Pore pressure meter

1000 mm

Soil layer 1st
Soil layer 2nd
... ...
Soil layer nth
1000 mm

mould

(a) Test device schematic

curing

pile

(b) Model pile making
Fig. 6. Diagram of model test

3.2 Soil Sample and Sensor Layout
The soil samples used in the test are silty clay from the construction site of a substation
in Yancheng. According to the test requirements, soil samples with 15% and 25% water
contents are prepared, sealed and stored for 24 h, and then packed into the model box
in layers in turn. The packing density of each layer of soil samples is strictly controlled
according to the test design. Density of the top, middle and bottom soil layers are about
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1.8, 1.6 and 2.1 g/cm3 . Water contents of the top, middle and bottom soil layers are 15,
25 and 25%.
In order to measure the changes of soil pressure and pore water pressure in the soil
around the pile caused by pile sinking, sensors are arranged at positions 3 times and
6 times away from the model pile body by using positioning rods. Among them, two
positioning rods are respectively fixed with three pore pressure meters, and the other two
positioning rods are respectively fixed with three earth pressure boxes, and each sensor
is arranged in turn with an upward spacing of 200 mm from the bottom of the positioning
rod 300 mm. Sensors of the pile body are upward from the pile bottom 100 mm in turn,
with a spacing of 150 mm. See Fig. 7 for specific sensor arrangement.
Considering the effect of hammering into piles, the impact force on precast piles is
about 1 × 106 N, and the force similarity constant in model test is about SF = 0.001.
Therefore, in the test, a weight plate weighing 10 kg is selected, and it is allowed to
fall freely along the guide rod by 150 mm, and the simulated impact force is about
1 × 103 N, with hammering interval of 2 s. In the process of hammering, laser levels is
used to proofread the verticality of the model pile to ensure the effective application of
hammering force and the stability of the pile body in the model test.
Soil pressure meter

Model pile

Pore pressure meter

180 180

Positioning rod
180 180

180 180

180 180

200

Model pile

200

300

Unit：mm

R=500

Fig. 7. Location of measure sensors in model test

3.3 Test Results and Analysis
In this model test, the soil squeezing effect of pile sinking and the response of excess pore
pressure in soil are analyzed under two working conditions of single pile and adjacent
pile penetration. In order to facilitate the post-processing of data, the pile body is marked
every 50 mm During the process of pile sinking, the data collector continuously collects
data every 20 s. In the later stage, five groups of data from the sinking position to the
vicinity of the pile body mark are selected, and the average value is taken.
3.3.1 Analysis of Soil Squeezing Effect
The change of earth pressure of the soil around the pile in the process of pile sinking is
shown in Fig. 8, and the data of the change of earth pressure in the figure is normalized
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by the self-weight stress at the corresponding position. It can be seen that when the pile
driving depth is within the range of 400 mm, although there is a certain upward trend
in the change of the earth pressure around the pile with 3 times and 6 times the pile
diameter, the magnitude is small. The reason is that the consolidation stress level of the
shallow soil layer is low, and the deformation limit is small. This phenomenon is basically
consistent with the theoretical analysis results of small hole expansion. When the pile
depth is in the range of 400–600 mm, the model pile body passes through the relatively
soft saturated soil layer in the middle, and the data of earth pressure at 3 times of pile
diameter and 6 times of pile diameter are greatly increased, with the largest increase
at the depth of about 700 mm, and then there is a downward trend. On the whole, the
variation range of earth pressure is 0.7–3.0 times of self-weight stress level. When the
pile depth is 600–800 mm, when the model pile enters the fourth layer of soil, there are
some differences in the earth pressure changes of 3 times the pile diameter and 6 times
the pile diameter, and the law is not obvious. The main reason for the analysis is that the
sensor placement position is displaced to the upper side of the sinking depth, while the
lateral soil squeezing during the model pile penetration mainly affects the soil within
the sinking depth range. The test results also confirm that it is reasonable to assume that
the soil around the pile is only affected by the expansion of small holes with the same
depth in theoretical analysis.
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Fig. 8. Soil pressure response during pile driving

3.3.2 Response of Excess Pore Pressure in Surrounding Soil
The variation of soil pore pressure around the pile during pile sinking is shown in Fig. 9.
Similarly, the pore pressure data are normalized according to the self-weight stress at
the corresponding position. At 3 times of pile diameter, with the increase of pile sinking
depth, the pore pressure meter data at different depths of soil around the pile all show
an obvious upward trend, with the range of 0.5–1.5 times of self-weight stress level. 6
times of pile diameter and different depths, the change of pore pressure count value is
obviously less than 3 times of pile diameter, and the maximum increase of excess pore
pressure is about 0.5 times of deadweight stress level. When the pile depth is shallow at
150 mm, the response of the excess pore pressure with the embedded depth of 300 mm is
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the most obvious. With the increase of the embedded depth, the excess pore pressure with
the embedded depth of 700 mm increases greatly, and then keeps a high level. The reason
may be that the depth of 200–600 mm in the model box is saturated weak soil layer,
and the outside of the model box is an undrained boundary, so the pore pressure meter
with the embedded depth of 700 mm is more obviously affected by the accumulation of
excess pore pressure in saturated soil layer.
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Fig. 9. Excess pore pressure response when single pile driving

4 Conclusion
In this paper, the squeezing effect of precast pile driving in saturated soil and the response
of excess pore water pressure in soil are analyzed by theoretical calculation and model
test, and the variation law of soil pressure and excess pore water pressure in the pile-soil
interface and the soil around the pile during driving is analyzed. The main conclusions
are as follows:
(1) Based on the theory of spherical pore expansion, considering the complex stressstrain relationship of soil, the large deformation during pore expansion and the
development of plastic zone around pile caused by pile penetration, the evolution
law of soil stress, excess pore water pressure and pile penetration resistance in the
process of precast pile driving is analyzed.
(2) The phenomenon of soil squeezing and excess pore water pressure accumulation
caused by precast pile driving in saturated soil is studied by model test. Under
the condition of model test, the increase range of soil pressure is 0.7–3.0 times of
deadweight stress level, and the variation range of excess pore water pressure is
0.5–1.5 times of deadweight stress level. When adjacent piles are sunk, the earth
pressure at the pile-soil interface shows a fluctuating upward trend, and multipeak phenomenon occurs when affected by different soil properties, and the earth
pressure increases by 1.0–3.0 times of the self-weight stress level.
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(3) The model test results are in good agreement with the theoretical analysis in the
variation law of soil stress and excess pore water pressure, but the model test data
fluctuates obviously, mainly due to the influence of the filling of test soil samples
and the response of sensors. In the later stage, necessary field measurement work
will be carried out to enhance the understanding and grasp of pile-soil interaction
mechanism in the process of deep pile, and provide more valuable guidance for
actual construction.
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Abstract. In this article, When considering effect of earthquake and under ground
water. The failure mode of gravity earth-retaining wall and the way of settling the
limit of reliability are analyzed. Based on project improved JC Method is applied to
calculate unitary reliability, the pertinence with the invalid mode being considered
farther, the limit of reliability is calculated.
Keywords: Earthquake function · Under ground water function · Gravity
earth-retaining wall · Failure mode · Limit analysis of reliability

1 Foreword
Gravity retaining wall is widely used in water conservancy, highway, construction, port,
railway, mine and other projects because of its advantages of local materials, convenient construction and good economic benefits. It is of great significance to conduct a
more comprehensive and accurate reliability analysis. At present, the fixed value analysis method is mostly used to analyze the retaining wall in engineering, Although this
method has been proved to be an effective method by long-term engineering practice, it
has obvious shortcomings: firstly, the load, shear strength index of soil, unit weight of
soil, groundwater level and material strength are not considered; Secondly, the failure
mode correlation of retaining wall overturning failure, horizontal sliding failure, insufficient foundation bearing capacity failure and overall sliding failure is not considered.
Therefore, some retaining walls calculated by the fixed value method are sufficient, but
they are damaged in practical application, which has been confirmed by many failure
examples at home and abroad.
During an earthquake, the earth pressure often increases due to the earthquake,
resulting in the destruction of the retaining wall. Therefore, the impact of the earthquake
on the earth pressure should be considered when building the retaining wall in the
earthquake area. In the area with sufficient rainfall, the soil seepage and wall drainage
speed are limited, resulting in the rise of the water level behind the wall and the increase
of the pressure behind the wall, The retaining wall is often damaged due to the increase
of water pressure during or after rain. For low retaining wall, the tensile bending tensile
stress is low due to the heavy wall. In addition, the compressive stress generated by the
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self weight of the wall can offset part of the tensile stress, so the tensile stress of the
wall body is very small; For the slightly higher retaining wall, in addition to the heavy
wall, structural measures such as reinforcement can also be adopted. Therefore, the
damage caused by insufficient material strength of the wall body will not be considered
temporarily.

2 Failure Mode of Retaining Wall Considering Earthquake
and Groundwater
2.1 The Function and Selection of Constant and Random Variable
In order to simplify the calculation, the amount with small variation is regarded as a
constant and the amount with large variation is regarded as a random variable. Taking
the retaining wall with homogeneous fill behind the wall and horizontal bottom as an
example (the load acting on the retaining wall is shown in Fig. 1, for the retaining wall
with layered fill behind the wall and inclined bottom, the failure mode can be analogized,
and the reliability limit analysis method is the same
1) Functional function corresponding to overturning failure of retaining wall




g1 = Gx0 + Eaz xf + Ep zp − Eax zf − Ft zk

Fig. 1. The load acting on the retaining wall

(1)
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In function Where G is the weight of retaining wall with length of 1 m. x0 is the
horizontal distance between the center of gravity of the retaining wall and the wall toe;
 is the vertical component of static active earth pressure and the vertical inertial
Eaz
force caused by earthquake on the sliding wedge acting on the wall back. Generally,
the vertical component of the vertical inertial force caused by earthquake on the sliding
 is the vertical component
wedge acting on the wall back is not considered. Therefore, Eaz
of static active earth pressure Eaz ; xf is the horizontal distance from the static active earth
pressure action point to the wall toe; Ep is the static and passive earth pressure on the wall
chest; zp is the height from the action point of static and passive earth pressure on the
 is the horizontal component of total active earth pressure
wall chest to the wall toe. Eax
 = E = (1 + K C C tan ϕ)E , Where K is
under horizontal seismic action [1], Eax
ae
a
h
h z e
the horizontal seismic coefficient(When Design crack is 7, the Kh = 0.1,When Design
crack is 8, the Kh = 0.2, When Design crack is 9, the Kh = 0.4), Cz is the comprehensive
influence coefficient, taken as 0.25, Ce is the seismic earth pressure coefficient (see Table
1 below), ϕ is the friction angle of fill at the back of the wall, Ea is the static active earth
pressure. zf is the height from the static active earth pressure action point to the wall
toe; Fi is the horizontal inertial force caused by earthquake on the sliding wedge.; zk is
the height from the action line of horizontal inertial force caused by earthquake on the
sliding wedge to the wall toe.
Table 1. Seismic dynamic earth pressure coefficient
Dynamic earth pressure

Fill slope (°)

Internal friction angle ϕ (°)
21–35

26–30

31–35

36–40

41–45

Active earth pressure

0

4.0

3.5

3.0

2.5

2.0

10

5.0

4.0

3.5

3.0

2.5

20

–

5.0

4.0

3.5

3.0

30

–

–

–

4.0

3.5

0–20

3.0

2.5

2.0

1.5

1.0

Passive earth pressure

2) The function corresponding to horizontal sliding failure of retaining wall


+ Ep − Eax
− Fi
g2 = μG + μEax

(2)

 , E  E and F
µ is the friction coefficient between soil and wall bottom. G, Eax
i
az p
same as function (1)
3) The function of Failure of retaining wall foundation due to insufficient bearing
capacity.
For the soil foundation with the design value of foundation bearing capacity
f ≤ 200 kPa
 
6e
N
b
(1 + ) − fSE e ≤
g3 =
b
b
6
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g3 =

2



N 
b
− f SE e ≤
3c
6

(3)


Where N  is the component of the force acting on the back of the wall perpendicular to the sliding surface at the bottom of the wall caused by the self weight
of the retaining wall, earth pressure and inertia force caused by earthquake on the
sliding
  wedge. If the sliding surface at the bottom of the wall is horizontal, then
 N  = G + Eaz is the bottom width of retaining wall; e is the eccentricity of
N .
4) Function corresponding to integral sliding failure of retaining wall
g4 =

n


ci li +

i=1

n


(Gi + qi bi ) tan ϕ cos βi −

i=1

n


(Gi + qi bi ) sin βi

i=1

When there is homogeneous fill behind the wall [2, 3]:
g4 = c

n


li + tan ϕ

i=1

n

i=1

(Gi + qi bi ) cos βi −

n


(Gi + qi bi ) sin βi

(4)

i=1

Where ci is the cohesion of the soil at the sliding arc surface of the ith soil strip,
When there is homogeneous fill behind the wall ci = c; li , bi , ρi is ith slip arc length
of soil strip, Width of soil strip and horizontal inclination of tangent at the midpoint of
slip arc, ϕi is the friction angle of the soil at the sliding arc surface of the ith soil strip,
When there is homogeneous fill behind the wall ϕi = ϕ; Gi is ith Weight of soil strip;
qi is the overload concentration on the top surface of the ith soil strip. When the filling
surface is overloaded, it is uniformly distributed load, qi = q.
2.2 Limit State Equation
In structural reliability analysis, the structural limit state is generally the case that the
functional function is equal to 0, that is
Z = g(x1 , x2 , · · · , xn ) = 0

(5)

For retaining walls considering earthquake and groundwater, the limit state equations
are as follows: formula (1)–(4) is equal to 0.

3 Reliability Limit Analysis of Retaining Wall Considering
Earthquake and Groundwater
3.1 General Limit of Reliability of Retaining Wall Considering Earthquake
and Groundwater
Considering the effect of earthquake and groundwater, the four failure modes of retaining
wall are connected through random variables, so its reliability must fall within a range,
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and its failure probability limit can be solved by equation [4, 5] (6)
max Pfi ≤ Pf ≤ 1 −

4


i

(1 − Pfi )

(6)

i=1

3.2 Narrow Limit of Reliability of Retaining Wall Considering Earthquake
and Groundwater
Considering the narrow limit of reliability of retaining wall under earthquake and groundwater, when the failure probability calculated by Eq. (6) is wide, the narrow limit formula
of O. Ditleven [6] on structural failure probability can also be used to calculate the narrow limit of reliability of retaining wall under earthquake and groundwater. The steps
are as follows:
1) The failure probability and design check point of single reliability index under
various failure modes are calculated by improved C method
2) Find the correlation coefficient of each functional ρgr gj
ρgr gj =

n


∗ α∗
αik
ik

(7)

i=1

Type:
xk −μxk
σxk

∗
αik
∂gi
∂xk

=





∂gi
∂xk x∗



  ∂gi 2
k

∂xk

∗
; αjk
x∗

=



∂gj
∂xk




k


∂gj 2
∂xk x∗



and xk =

∂gi
σx ∂x
.
k

;
=
3) Probability of finding pf (Ei Ej )
When all random variables are normally distributed and the correlation coefficient ρgr gj ≥ 0, by Reliability index of Ei , Ej , Determined by
Si + Sj ≥ Pf (Ei Ej ) = Pf (gi < 0 ∩ gj < 0) ≥ max Si , Sj
4) The narrow limit of failure probability of retaining wall considering earthquake and
groundwater is obtained from the following formula
⎫ ⎤
⎧
⎡
n ⎨
i−1
n
n
⎬




⎣
Pf (E1 ) + max
Pf (Ei Ej ) , 0⎦ ≤ Pf ≤
Pf (Ei ) −
max Pf (Ei Ej )
Pf (Ei ) −
⎭
⎩
j<i
i=2

j=1

i=1

i=2

Then the narrow limit of reliability is obtained from Pr = 1 − Pf .

(8)
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Fig. 2. Cross section of retaining wall

4 Case Analysis
Gravity retaining wall is adopted in a project, The weight of wall material concrete is,
Coefficient of variation is 0.05, The section is rectangular, as shown in Fig. 2. The buried
depth is 3.2 M and the foundation pit excavation is 5.0 M. The foundation soil is assumed
to be a single soil layer. The friction angle between the retaining wall bottom and the soil
is 31°. The average height of groundwater level is 1.0 m below the surface. Coefficient
of variation is 0.42. During the flood period, the groundwater does not overflow the
wall top, the probability characteristics of each soil index are listed in Table 2, and the
geometric dimensions of the retaining wall are regarded as fixed values.
Table 2. Random variables and their statistical characteristics [7]
Random variable

Random variable Coefficient of variation Distribution type

Unit weight of soil γ

18(KN/m)

0.1

Normal distribution

Unit weight of wall γ0

24(KN/m3 )

0.05

Normal distribution

Cohesion c

8.65(kPa)

0.22

Lognormal distribution

0.13

Lognormal distribution

Internal friction angle ϕ 11.33o
High water level H0

3.5(m)

0.42

Extreme Value I

Ground overload q

25(kPa)

0.2

Extreme Value I
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Note: Correlation between random variables: Correlation coefficient between c and
is −0.3; coefficient between c and H0 is −0.4; between H0 and is −0.3, other variables
are independent of each other.
Among the four failure modes of gravity retaining wall listed above, 1–3 is common
way. The improved JC method calculation program is adopted. The calculated reliability
indexes corresponding to various failure modes are shown in Table 3.
Table 3. Reliability index corresponding to various failure modes
Failure mode of gravity retaining
wall

Reliability index

Reliability (%)

Failure probability

Anti overturning failure of
retaining wall

2.387

99.150 64

0.008 493 6

Anti horizontal sliding failure of
retaining wall

2.692

99.64 82

0.003 551 8

99.215 36

0.007 846 4

Bearing capacity of retaining wall 2.416
foundation

Considering that the three failure modes are connected by random variables and are
interrelated, their reliability must fall within a range, and the general limit of failure
probability can be solved by Eq. (6)
0.0084936 ≤ Pf ≤ 1 − (1 − 0.0084936)(1 − 0.0035518)(1 − 0.0078464)
Then the limit of reliability is obtained from Pr = 1 − Pf
99.15064% ≥ Pr ≥ 98.02326%
The reliability range calculated above is narrow, so the narrow limit of reliability of
retaining wall can not be calculated.

5 Conclusion
Four failure modes corresponding to earthquake, overturning failure of retaining wall
under groundwater, horizontal sliding failure, insufficient foundation bearing capacity
failure and overall sliding failure, as well as the method of calculating the reliability limit
of retaining wall are analyzed. Combined with engineering practice, the single reliability
of a gravity retaining wall is calculated by improved JC method, and the correlation of
failure modes is further considered, The boundary of the reliability of gravity retaining
wall is obtained, and a more objective, comprehensive and accurate evaluation of the
reliability of gravity retaining wall is made, which provides a preliminary and feasible
way for further studying the reliability of gravity retaining wall under the condition of
inclined bottom surface and layered filling, and considering the action of horizontal and
vertical seismic inertia force and groundwater, It can be used as a reference for studying
the reliability of other forms of retaining wall, slope stability and foundation pit support.
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Bridge Steel Panel
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Abstract. There is relatively little research on steel deck pavement of bascule
bridge at home and abroad, which usually adopts the same paving materials and
structures as ordinary steel deck, but it can’t meet the normal application conditions. In order to improve the anti-sliding performance of steel deck pavement of
bascule bridge, this paper provides a set of steel deck pavement technology of
bascule bridge through theoretical analysis of mechanics of bascule bridge and
research of pavement materials. The engineering application research shows that
the anti-sliding performance of the pavement back layer is obviously improved.
After 7 months of application, the pavement layer has a good overall structure,
and the bonding strength is still stable at 3.57 MPa, with good durability and good
social benefits.
Keywords: Bascule bridge · Steel bridge deck · Resin thin layer · Anti-sliding
performance · Bonding property

1 Introduction
With the rapid development of bridge construction, steel deck pavement has become
one of the most complicated and critical technical difficulties in road engineering. At
present, the main pavement modes of steel bridge deck are asphalt concrete, epoxy
asphalt concrete, asphalt concrete and epoxy asphalt concrete double-layer pavement,
etc. [1]. With the increase of service life, various diseases, such as cracks, ruts, slipping,
etc., have appeared, and the maintenance problem has gradually attracted attention.
The bridge studied in this paper is Zhongshan bascule bridge, and its structural type is
bascule bridge. Bascule bridge mainly refers to the bridge whose span structure can move
or rotate [2]. According to the mechanical research and analysis report of related literature, the mechanical characteristics of large cantilever box girder structure of bascule
bridge are obviously different from those of long-span suspension bridge or cable-stayed
bridge. With the change of bridge opening angle, the surface layer is subjected to complex transverse tensile stress and shear stress [3, 4]. The main requirements of bascule
bridge for bridge deck pavement are adaptability to deformation, stability of pavement
structure and excellent durability, which are reflected in the performance of pavement
© The Author(s) 2022
G. Feng (Ed.): ICCE 2021, LNCE 213, pp. 495–507, 2022.
https://doi.org/10.1007/978-981-19-1260-3_45

496

D. Wu et al.

materials such as good flexibility, thermal stability, waterproof, rutting resistance and
high bonding strength with steel bridge deck, and the performance of pavement surface
is good service performance. At present, there is relatively little research on steel deck
pavement of bascule bridge at home and abroad, which usually adopts the same paving
materials and structures as ordinary steel deck, and there is little research on targeted
application.
Therefore, this paper aims to provide a steel deck paving technology of bascule bridge
through theoretical analysis of mechanics of bascule bridge and research of paving materials. In this paper, taking an bascule bridge in Zhongshan as the research object, through
theoretical analysis, combined with the use environment and other factors, the maintenance and reconstruction scheme of steel bridge deck is comprehensively determined,
and the performance of paving materials is targeted for research. Finally, the application
performance of this paving technology is verified by tracking.
The project relies on bascule bridge in Zhongshan city, which was built in the mid1990s. The bridge is 95.78 m long and 24 m wide. The main span is an open steel
box girder with a span length of 25.9 m. The approach bridge is composed of 5-span
reinforced concrete simply supported plate beam, 69.88 m in length, the substructure
adopts ϕ 150 cm bored pile foundation, the pier and the foundation diameter is the same,
except the 4# pier, the design load is steam - super 20, the checking load is hanging −
100, the design speed is 50 km/h, seismic grade 7°. The opening time of the bridge is
from 2 am to 4 am every day, and the maximum opening Angle is 60°.
Midas Civil, a THREE-DIMENSIONAL finite element analysis software, was used
to establish the open span model of the open bridge and simulate the stress state when it
was opened to 60°, as shown in Fig. 1. According to the mechanical analysis, the stress
of the bridge surface varies greatly during the opening process of the bridge, which
requires higher mechanical properties of pavement materials.

Fig. 1. Schematic diagram of stress of opening span model of opening bridge to 60°
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2 The Choice of Bridge Deck Pavement Scheme
The opening bridge is located in the central business district, with a large traffic flow,
and the deck layer is made of patterned steel plate, which is relatively smooth. The
bridge is located in subtropical monsoon climate zone, where the temperature is mild in
winter, hot and rainy in summer, and the annual average precipitation is higher by about
1700 mm. In rainy days, the anti-sliding performance of the surface layer drops sharply,
and there is a great potential safety hazard in driving [5]. In addition, the design life of
this bascule bridge is long, and the load of steel deck pavement is not specified in the
design, so the pavement layer cannot be overloaded and should not be too thick.
Based on the comprehensive analysis of factors such as steel deck structure, traffic
flow and climate environment of bascule bridge, the main engineering characteristics
of the steel deck pavement scheme are as follows: the anti-sliding performance of steel
deck surface is poor; Heavy traffic, short maintenance time; South China is located in
high temperature and rainy area, which requires high weather resistance of materials
[6]. In order to meet the performance of steel bridge deck pavement, materials should
have excellent anti-sliding performance, aging resistance, deformation coordination,
waterproof performance and bonding strength.
According to the comparison and selection of the recommended paving schemes for
opening bridges in Table 1, and considering the cost and the requirements of paving
schemes comprehensively, the resin anti-sliding thin-layer paving scheme is finally
selected. The total design thickness of bridge deck paving is 5 mm, which can greatly
Table 1. Recommended paving scheme for bascule bridge
Project

Option 1

Option 2

Option 3

Resin thin layer

Epoxy concrete

Asphalt + epoxy
asphalt concrete

Thickness

5 mm

50 mm

80–90 mm

Technology
maturity

Short time and mature
technology

Long time, mature
technology

Long time, mature
technology

Construction
difficulty

Simpler

Complex, epoxy
asphalt needs heating

Complex, asphalt
needs heating

Road
performance

Good skid resistance and Good performance under high temperature and
good performance under heavy traffic conditions
high temperature and
heavy traffic conditions

endurance

Meet 5–8 years of
application

Local rutting and
shifting are easy to
occur

Local rutting and
shifting are easy to
occur

Repair and
maintenance

Little difficulty

Be extremely difficult

Be extremely difficult

Cost

Option 3 > Option 2 > Option 1
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reduce the load increase caused by surface paving. The concrete paving structure is
shown in Fig. 2, which consists of steel panel + resin adhesive layer (1.5 kg/m2 ) +
anti-sliding aggregate (8 kg/m2 , particle size range of 1.18–1).

Fig. 2. Schematic diagram of bridge deck structure section

3 Research on Pavement Material Performance
3.1 High Temperature Stability
The opening bridge is located in the south humid area, and the main problem is that
the steel deck absorbs heat and transfers heat quickly. In high temperature summer,
the service temperature of steel deck is higher than that of asphalt pavement or cement
concrete bridge surface. Therefore, the steel bridge deck pavement is required to have
better thermal stability to prevent rutting, pushing, bulging and other diseases [7]. In
this paper, the dynamic stability of resin thin layer paving materials is tested, and the
data are shown in Table 2. As can be seen from Table 2, the resin mixture prepared from
resin pavement binder and aggregate has good high temperature stability. When the test
conditions are 60 °C and 0.7 MPa, the dynamic stability of resin mixture reaches 29,929
times/mm, and with the increase of test temperature and pressure, the dynamic stability
of resin mixture decreases to some extent but still reaches 26,662 times/mm. In addition,
in the immersion test, the dynamic stability of the resin mixture is obviously lower than
that without water under the same conditions. There are still 18,828 times/mm [8] when
immersed in water at 70 °C and 0.9 MPa. It can be seen that the resin mixture for steel
bridge deck has excellent high temperature stability. This is because resin adhesive is
a highly crosslinked three-dimensional network structure after resin and curing agent
react, and it still maintains a certain mechanical strength at high temperature. Pure asphalt
materials have poor bonding strength at high temperature and are easy to loose, so it is
not suitable for steel bridge deck pavement.
3.2 Bonding Performance Between Resin Thin Layer and Steel Base Surface
The bonding performance between resin paving material and steel bridge deck is the
key factor to ensure the service performance of thin layer and steel bridge deck after
bonding, which mainly includes the function of meeting the vehicle load and the stress
function during the cycle of opening and closing the bridge.
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Table 2. Dynamic stability of resin mixture
Serial number

Material

Stability (times/mm)
60 °C,
0.7 MPa

60 °C,
0.7 MPa
immersion

70 °C,
0.9 MPa

70 °C,
0.9 MPa
immersion

1

Resin mixture

29045

25010

25200

19030

2

Resin mixture

29205

26890

25245

18700

3

Resin mixture

30145

27090

25245

18635

4

Resin mixture

30205

27530

25245

18775

5

Resin mixture

31045

26790

25245

19000

Average value

29929

26662

25236

18828

Testing the bonding strength between the resin thin layer and the steel plate surface
layer indoors, the main steps are as follows: firstly, pretreating the steel surface, namely,
no treatment of the original steel surface, sand blasting treatment and deep grinding
treatment; Then, coating the resin anti-sliding layer on the surface of the steel plate, and
curing at 40 °C for 2 days; The bonding strength of the resin thin layer material was tested
by pulling-out. The test results are as shown in Figs. 3 and 4,and the failure locations
are all at the anti-sliding surface layer of the planting bar adhesive and resin,As shown
in Table 3, the test results of the bonding strength of the three steel plates are 2.85 MPa,
4.46 MPa and 4.47 MPa respectively. From the results, it can be seen that the bonding
strength of the surface layer is obviously improved after sand blasting and grinding rough
treatment, which shows that the resin anti-sliding layer has a high interfacial bonding
strength with the steel base surface.
Table 3. Bonding strength of steel plate surface with different treatment methods
Steel plate treatment method

Test item
Adhesive strength (MPa)a

Destructional forms

Steel plate is not treated

2.85

Damage at the bonding surface

Sand blasting treatment of steel
plate surface

4.46

Damage at the bonding surface

Deep grinding of steel plate
surface

4.47

Damage at the bonding surface

Note a: The bonding strength was tested at 40 °C for 2 days
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Fig. 3. Failure modes of adhesive strength test

Fig. 4. Adhesion test between mixture and steel base

4 Construction Technology Research
In this paper, the construction technology of steel deck pavement is confirmed through
the paving of thin resin pavement on steel deck of bascule bridge. The main construction technology includes the following aspects: base surface treatment-glue mixing-glue
spreading-aggregate spreading-maintenance-aggregate cleaning-open traffic.
(1) Base surface treatment
Through modeling and analysis, it can be seen that the different stress in each area of the
bridge deck pavement during opening has higher requirements for the bonding strength
of pavement materials. Combined with the indoor steel plate treatment methods and
test results (Table 3), the steel bridge deck is treated by shot blasting machine in this
application project. After shot blasting, the roughness of the surface layer is generally
uniform, with an average roughness of 115 μm and a cleanliness of Sa2.5, as shown
in Fig. 5. For the anchor bolt of steel plate surface layer, seam leaving treatment can
not only facilitate the bolt loosening and welding treatment, but also prevent the surface
layer damage caused by the loosening of raised bolts, as shown in Fig. 6.
(2) Resin thin layer bridge deck paving technology
After shot blasting treatment of steel bridge deck, glue mixing, surface paving, curing,
aggregate recovery and other steps are carried out, as shown in Fig. 7. In this process,
it is necessary to strictly control the proportion of components and the amount of glue
used for glue mixing. The glue used for paving the steel bridge surface is controlled
to be 1.4–1.5 kg/m2 , and the amount of aggregate is 6–8 kg/m2 . The curing should be
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Fig. 5. Shows the steel bridge deck before and after shot blasting on the left

Fig. 6. Treatment of seam leaving at anchor bolt

carried out according to the ambient temperature and the recommended time, as shown
in Table 4. Finally, the excess aggregate is cleaned and recycled.
Table 4. Curing time of resin thin layer at different temperatures
Serial number

Temperature/°C

Operation time/min

Health time/h

1

15

43

12

2

20

40

8

3

25

38

5

4

30

35

4

5

35

30

2

6

40

25

1.5
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a) Shot blasting treatment of steel
bridge deck

b) Glue paving

c) Aggregate recovery

d) The steel bridge deck pavement is completed.

Fig. 7. Steel deck pavement of bascule bridge

(3) Quality control
The technical requirements and indoor test results of the resin adhesive are shown in
Table 5. The tensile strength of the resin adhesive reaches 20.3 MPa, the steel-steel
bonding strength reaches 19.5 MPa, and the elongation at break reaches 53.5%, which
shows that the material has good mechanical properties and ductility, and can adapt to
the deformability of the steel bridge deck while ensuring firm bonding with the steel
bridge deck.
In addition, on-site pull-out test was carried out on the quality of the layer behind
the resin anti-sliding layer pavement, and the test results are shown in Table 6. The
results of on-site raw material inspection and pull-out test after on-site paving show
that the average bonding strength reaches 4.08 MPa, which fully meets the technical
requirements (≥3.0 MPa), indicating that the resin paving thin layer after paving has
good mechanical.
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Table 5. Main technical indexes of resin thin-layer binder
Test item

Technical requirement

Test result

Reference standard

Mass ratio of
components A/B

1:0.75

1:0.75

–

Tensile
strength/MPa
(50 mm/min)

≥15

20.3

GB/T 1040.3-2006

Adhesive
strength/MPa
(2.0 mm/min)

≥1.5

≥2.5(Concrete damage)

GB/T 16777-2008

Elongation at
break/%(2mm
thick, 23°C)

≥35

53.5

GB/T 1040.3-2006

Steel-steel bonding
strength/MPa
(2.0 mm/min)

≥15

19.5

GB/T 6329-1996

Steel-steel tensile
shear strength/MPa
(2.0 mm/min)

≥10

17.8

GB/T 7124-2008

Table 6. Drawing test results of resin thin steel bridge deck pavement
Serial number

Post-paving bonding
strength (25 °C)/MPa

Damage location

Technical requirement

1

3.98

Modification of resin
binder

≥3.0 MPa

2

3.95

Modification of resin
binder

3

4.15

Modification of resin
binder

4

4.12

Modification of resin
binder

5

4.23

Modification of resin
binder

6

4.07

Modification of resin
binder
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Table 7. Friction coefficient of steel bridge surface layer

Project
Friction factor

0M

Original steel
bridge deck

After resin anti-sliding
thin layer treatment

Specification
requirements

36

86

≥54

1M

83

2M

80

3M

80

4M

79

5M

78

6M

75

7M

74

Note: M stands for month, which is the time after opening traffic

5 Application Performance of Resin Thin Layer After Paving
5.1 Sliding Resistance

structural depth/mm

Before the bridge deck is paved, the anti-sliding performance of patterned steel plates on
the surface is poor, especially in wet weather after rain, and the anti-sliding performance
drops rapidly. For specific data, please refer to Table 7. The anti-sliding performance was
improved from the friction pendulum value BPN36 to 86 by 139% after the resin antisliding thin layer was added on the surface layer. Even after 7 months of use, the friction
coefficient remains above 74. In addition, the tracking of the pavement performance of
the bridge deck shows that the structural depth of the bridge deck is stable at about 1.4 mm
(as shown in Fig. 8) after the anti-sliding reconstruction, and the water permeability of
the resin thin layer is 0 ml/min, which plays a good role in protecting the steel plate at
the bottom. It can be seen that the resin thin layer added not only obviously improves the
anti-sliding performance of the original bridge deck, but also plays a role of waterproof
and anti-corrosion.
2
1.8
1.6
1.4
1.2
1
0

1

2

3

4

5

6

7

open traffic/M
Fig. 8. Changes of structural depth with open traffic time
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5.2 Durability
After the completion of the steel deck pavement (January-July), the application performance was tracked and tested, and the overall application effect of the deck pavement of
the bascule bridge was good, without falling off and other diseases, as shown in Fig. 9.
In addition, the adhesive strength between the resin thin layer and the base surface was
tracked and tested, and after 7 months of open traffic, the adhesive strength of the surface
layer remained stable above 3.71 MPa, as shown in Fig. 10.

a) Overall application of surface layer

c)On-site drawing test

b) Surface local structure

d)On-site drawing test

Fig. 9. Application effect tracking return visit
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4.2

adhesive strength/MPa

4.1
4
3.9
3.8
3.7
3.6
3.5
3.4
3.3
3.2
0

1

2

3

4

5

6

7

open traffic/M
Fig. 10. The change of adhesive strength between resin anti-sliding thin layer and bridge deck
with open traffic time

6 Conclusion
(1) Through the stress analysis of the opening bridge and the comprehensive analysis
of the use environment factors, the resin anti-sliding thin layer pavement scheme is
selected for the steel deck pavement of the opening bridge, with a total thickness
of about 5 mm, which has little influence on the original bridge deck load.
(2) In order to ensure the good durability of the resin anti-sliding thin layer, the performance of pavement materials was studied in laboratory. The results show that the
resin anti-sliding thin layer has excellent high temperature resistance and mechanical properties. At 60 °C and 0.7 MPa, the dynamic stability of the mixture reaches
29,929 times/mm, and the bonding strength between the resin thin layer and the
steel plate surface reaches 4.08 MPa.
(3) Through the research on the construction technology of steel deck pavement of
bascule bridge, shot blasting of steel deck is beneficial to improve the bonding
strength between anti-sliding layer and base surface, thus improving the durability
of thin layer.
(3) The tracking application test shows that the anti-sliding performance of the resin
thin layer pavement is obviously improved. After 7 months of application, the
pavement surface is in good condition as a whole, the structural depth is more than
1.4 mm, and the bonding strength is still stable at 3.71 MPa, with good durability
and good social benefits.
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Abstract. The project used graphite tailings as a filler to prepare graphite tailings
foamed concrete. Mainly studied the physical properties, mechanical properties
and thermal properties of the foam concrete by graphite tailings, also studied the
combination of polypropylene fiber and glass fiber influence of foam concrete
compressive strength and cracking strength. The experimental results show that in
the case of the same dry density grade, adding 20% graphite tailings can make the
foam concrete strength reach its peak. When the water-binder ratio is 0.65 and the
self-made chemical foaming agent content is 7%, the optimal total fiber volume
blending rate is 0.18%, and the blending ratio of polypropylene fiber and glass
fiber is 2:1. The compounding of polypropylene fiber and glass fiber can improve
the flexural performance of foam concrete, which is not conducive to the thermal
insulation performance of foam concrete, but the test results are still better than
industry standards.
Keywords: Graphite tailings · Foam concrete · Strength · Polypropylene fiber ·
Glass fiber

1 Introduction
Foam concrete is a lightweight, thermal insulation, fire resistant, sound insulation and anti
freezing concrete material. In recent years, many people have done a lot of research work
in the field of foam concrete from different angles [1–8]. However, there are few reports
on the preparation of foam concrete with graphite tailings as filler. Graphite tailings,
as industrial wastes discharged from mines after beneficiation, have a very negative
impact on the ecological environment. In addition to effective cover and reclamation,
it is more important to find ways to turn graphite mine tailings into treasure and reuse
them. Using graphite tailings to replace part of the cementitious materials to prepare
foamed concrete is another new way to turn graphite tailings into treasure. Therefore,
the research on graphite tailings modified foamed concrete can not only improve its crack
resistance and thermal insulation performance, but also solve the problem of industrial
waste pollution. On the one hand, it solves the problems of storage and land occupation
of graphite tailings in graphite production sites; on the other hand, it can open up a
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way for mines to turn waste into treasure. It has extremely important economic and
social significance for the rational use of energy and the improvement of the ecological
environment. Graphite tailings are used as filler to prepare foamed concrete and the
effect of fiber on properties of foam concrete are studied in this paper.

2 Text
2.1 Raw Materials
The graphite tailings produced in Heilongjiang Province are selected for this experiment,
with a particle size range of 0–0.4 mm and an apparent density of 2.85 g/cm3 . The
particle morphology and the mineral composition of graphite tailings are analyzed by
X-ray diffraction, and the diffraction pattern is shown in Fig. 1.

(a) Particle morphology of graphite tailings

(b) XRD pattern of graphite tailings

Fig. 1. Microscopic morphology of graphite tailings

The chemical composition of graphite tailings is analyzed in Table 1.
Table 1. Chemical composition of graphite tailings (%)
SiO2

Al2 O3

CaO

Fe2 O3

SO3

K2 O

MgO

51.56

14.55

10.03

7.64

6.47

3.77

3.60

The cement is P·O 42.5 grade cement produced by Liaoning Jidong Cement Co.,
Ltd. The foaming agent used in this experiment is a self-made chemical foaming agent
with a foaming multiple of 25 times, a settlement distance of less than 5 mm in 1 h, and a
bleeding volume in 1 h of less than 18 ml. The quality of polycarboxylate superplasticizer
provided by Jiangsu Subote New Material Co., Ltd. accounts for 0.1% of the total quality
of cement. Technical indicators of glass fiber and polypropylene fiber are shown in Table
2.
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Table 2. Technical indicators of glass fiber and polypropylene fiber

Fiber

Length
specification
(mm)

Tensile
strength
(MPa)

Elastic
modulus
(GPa)

Equivalent
diameter (µm)

Density
(g/m3 )

Glass fiber

24

2800

86

13

2.63

Polypropylene
fibers

20

420

3.58

34

0.91

2.2 Influence of Graphite Tailings Fineness on the Strength of Foam Concrete.
Aiming at the graphite tailings foamed concrete with a dry density of 900 kg/m3 , under
the condition that the mixing ratio of graphite tailings is unchanged at 20%, graphite
tailings of different particle sizes are screened to study the effect of fineness on the
strength of foam concrete and the line chart is drawn as shown in Fig. 2.

Fig. 2. The influence of graphite tailings fineness on the strength of foam concrete

It can be seen from Fig. 2 that the mechanical properties of foamed concrete have a
great relationship with the fineness of graphite tailings. Both the flexural and compressive
strengths gradually increase with the increase in fineness. When the fineness of graphite
tailings is 50 mesh (0.325 mm), the flexural strength of the foamed concrete is 0.71 MPa
and the compressive strength is 2.10 MPa. When the fineness of graphite tailings reached
300 mesh (0.045 mm), flexural strength and compressive strength reaches 1.6 MPa and
5.0 MPa respectively.
2.3 The Influence of Dry Density on the Performance of Graphite Tailings
Foamed Concrete
As the dry density of foam concrete changes, its strength, water absorption and thermal
conductivity have been greatly affected. Under the condition that the water-to-material
ratio was 0.50 and the mixing ratio of graphite tailings is 20% unchanged, by adjusting
the foam content, 7 kinds of foam concrete with different dry density grades are prepared.
The corresponding line graphs is Fig. 3 respectively.
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Fig. 3. The effect of dry density on the performance of foam concrete

It can be clearly observed from Fig. 3 (a) that the strength and dry density of foam
concrete change almost linearly. The greater the dry density, the higher the flexural
and compressive strength of foam concrete. When the dry density was 400 kg/m3 , the
flexural and compressive strengths are only 0.9 MPa and 1.5 MPa. When the dry density
increases to 1000 kg/m3 , the flexural and compressive strengths increas by 1.5 MPa and
4.3 MPa respectively.
It can be seen from Fig. 3 (b) that there are two opposite trends in the effect of dry
density of foam concrete on water absorption and thermal conductivity. The water absorption of foam concrete decrease with the increase of dry density, the thermal conductivity
increases with the increase of dry density. To express the pore structure of graphite tailings
foam concrete more intuitively, this project uses the image processing and analysis system of ImageJ software to select three groups of tests of 700 kg/m3 ,800 kg /m3 ,900 kg /m3
dry density to measure the pore structure characteristics of foam concrete. Analyzed and
researched factors such as porosity, pore size and roundness.
It can be seen from Fig. 4 that the dry density is related to the slurry content per
unit volume. The larger the dry density, the more the corresponding slurry quantity,
the stronger the cementing ability in the hardened foam concrete, the thicker the hole
wall on the foam wall, and the stronger the ability to resist external forces. Generally
speaking, the smaller the pore size will improve the mechanical properties of the foam
concrete. The porosity decreased with the increase of the dry density. It can also be seen
that the strength of the foam concrete increased with the increase of the dry density.
Foam concrete belongs to porous material. When the dry density is large, the porosity
is relatively small, and the number of connected pores decrease, which eventually leads
to foam concrete water absorption decrease. While the dry density increases and the
porosity decrease, the content of solid matter in unit volume increases. According to
theoretical knowledge, the thermal conductivity of gas is only about one-tenth of that of
ordinary solid materials, so in this process, the thermal conductivity of foamed concrete
is also increasing.
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Fig. 4. (a) (c) (e) the gray level processing image of the original image of the hole structure under
three dry densities. (b) (d) (f) Binary processed image of the original pore structure at three dry
densities

2.4 Effect of Glass Fiber and Polypropylene Fiber on Properties of Foam
Concrete
The glass fiber and polypropylene fiber are mixed into the reference foam concrete to test
the flexural strength, compressive strength, water absorption and thermal conductivity
of the foam concrete. Among them, the total volume doping ratio of the two fibers is
0%, 0.06%, 0.12%, 0.18%, 0.24%, 0.30%, and the volume doping ratio is 1:2, 1:1 and
2:1 respectively.
2.4.1 Effect of Glass Fiber and Polypropylene Fiber on Mechanical Properties
of Foam Concrete
Figure 5 shows the effect of fiber blending on the compressive strength of foam concrete.
When the total fiber content is 0.18%, the ratio of polypropylene fiber to glass fiber is 1:2,
compressive strength of foam concrete up to 4.47 MPa. When the ratio of polypropylene
fiber to glass fiber is 1:1, the fiber content is 0.06%, Maximum compressive strength is
4.48 MPa. When the ratio is 2:1, the total doping rate is 0.18%, compressive strength
up to 4.55 MPa maximum. Thus it can be seen that fiber blending has little effect on the
compressive strength of foam concrete, and the fiber mainly plays the role of toughening,
crack resistance and folding resistance in foam concrete.
The composite fiber have obvious influence on the flexural strength of foam concrete.
When the total fiber volume ratio increases, the flexural strength of the foam concrete
mixed with three proportions of fibers all show a trend of first increasing and then
decreasing. The flexural strength of foam concrete can be improved by fiber blending.
When the ratio of polypropylene fiber to glass fiber is 2:1 and the total volume ratio
is 0.18%, the synergy of the two reaches the maximum, and the increase rate of foam
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Fig. 5. Effect of fiber remixing on the compressive strength and bending strength of foam concrete

concrete flexural strength was the highest. The results showed that the glass fiber ratio
can strengthen the strength of foam concrete at 0.06%, while the polypropylene fiber
ratio can play a better role in toughening and cracking resistance under 0.12% condition.
When the two cooperate, polypropylene fiber forms a dense network structure in foam
concrete, in which glass fiber acts as a skeleton to resist the deformation of foam concrete
under the action of external force. The two cooperate to play a good anti-folding and
toughening effect. When the ratio of polypropylene fiber to glass fiber was 1:2 or 1:1, the
glass fiber occupied a large proportion. The excessive glass fiber content made the crack
and sudden stress change easily in the foam concrete. The corresponding decreased in
the fiber content reduced the crack resistance and toughness of the foam concrete, which
ultimately led to a decrease in the flexural strength of the foam concrete.
2.4.2 Effect of Fiber Blending on Water Absorption and Thermal Conductivity
of Foam Concrete
Figure 6 (a) reveals the influence of fiber blending on the water absorption of foam
concrete. It can be seen that the water absorption of foam concrete increases gradually
with the increase of total fiber volume. When the fiber content is 0.30% and the fiber
content ratio is 1:2, the mass water absorption of foam concrete reached the maximum
value, which was 43.3% and 42.6% respectively. When the fiber content ratio is 2:1,
the water absorption of foam concrete reached the maximum value of 45.4% when the
volume content is 0.24%, respectively. Increasing the total fiber content can destroy the
pore structure of concrete to a certain extent, resulting in the increase of porosity, and
then increase the mass water absorption of foam concrete.
As shown in Fig. 6(b), fiber blending can enhance the thermal conductivity of foam
concrete and reduce its thermal insulation performance. The ratio of the three fibers to the
thermal conductivity of foam concrete was different. When the ratio of polypropylene
fiber to glass fiber is 1:2,1:1 and 2:1, the maximum growth rate of thermal conductivity is
2.6%, 6.4% and 7.8%, respectively. With the increase of glass fiber content, the change
rate of thermal conductivity decreased. It can be seen from the Fig. 6 that the ratio of
mixing rate was 1:2, the thermal conductivity of foam concrete increases slightly and
tends to be stable. The phenomenon is mainly due to the fact that glass fiber had less
influence on the thermal conductivity of foam concrete than polypropylene fiber.
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Fig. 6. Effect of fiber remixing on the water absorption rate and thermal conductivity of foam
concrete

3 Conclusion
It is concluded that the optimal amount of graphite tailings is 20%. The pore structure
distribution of foam concrete under different dry densities is analyzed by using the roundness. Fiber compounding has a significant effect on increasing the flexural strength of
foam concrete. The optimal total fiber volume blending rate is 0.18%, and the blending
ratio of polypropylene fiber and glass fiber is 2:1; the two fibers have achieved complementary advantages and significant improve the flexural performance of foam concrete.
Fiber blending can improve the water absorption and thermal conductivity of foam concrete, thus reducing the insulation performance of foam concrete, but the test results are
still better than the industry standard.
Acknowledgments. This research was funded by the Basic research project of Liaoning
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Abstract. Four different size of concrete cube (70 mm3 , 100 mm3 , 150 mm3 ,
and 200 mm3 ) of geopolymer recycled aggregate concrete (GRAC) were prepared
by replacing cement with geopolymer and natural aggregate with wast concrete.
The effect of oxide molar ratio of raw material on compressive strength and its
size effect of GRAC was studied.The results show the size conversion coefficient
of GRAC cannot adopt the values from the current national standard GB/T50081.
The relationship of size conversion coefficient α and oxide molar ratio ε of GRAC
was worked out. It was found that the compressive strength of GRAC of all sizes
were in line with the Bazant’s size theory. Oxide molar ratio on critical size and
critical value of GRAC were calculated.
Keywords: Geopolymer recycled aggregate concrete · Oxide molar ratio ·
Compressive strength · Size conversion coefficient · Size effect

1 Introduction
The production process of concrete consumes abundant resources, it is known that 1700–
2000 kg of sand and stone and 350–450 kg of cement will be consumed for 1 m3 of
concrete [1]. According to the National Bureau of Statistics, the consumption of sand
and stone and cement in 2019 for China is 3.58 billion tons 810 million tons. Sand,
stone, and calcium carbonate mineral (main material of cement) are natural resources.
The sustained consumption of those natural resources will damage the environment and
exhausted the resource, even although China is a rich resource country.
Geopolymer recycled aggregate concrete (GRAC) was prepared by substituting
cement with geopolymer and coarse aggregate with recycled aggregate concrete (RAC).
GRAC is a green and environmentally friendly building material [2], not only reducing
the consumption of natural resources, such as stone and calcium carbonate mineral [3],
but also recycling industrial waste such as slag and fly ash [4]. However, due to the
difference of the nature of cement to geopolymer and RAC to natural aggregate, some
performances of GRAC, such as its size conversion coefficient and size effect, are uncertain. Moreover, because the raw material of geopolymer are different by each researcher,
it is hard to give a uniform law to describe the effect of raw material to the properties of
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GRAC. Therefor, in this study, oxide molar ratio of raw material is selected as the main
factor, and its effect on the performance of GRAC is studied.

2 Experimental Program
2.1 Raw Materials
Blast furnace slag used in the test is produced by Anshan Iron and Steel Co.Ltd and a first
grade fly ash of Benxi is selected, the main chemical components of which are shown
in Table 1. Water glass used is produced by Shandong Yousuo Chemical Technology
Co.Ltd. The original modulus is 3.3, the chemical composition of which is shown in
Table 2. Recycled aggregate with original strength grade of C40 is used as coarse aggregate, which is artificially broke into a maximum particle size of 25 mm and continuous
gradation. Natural medium-fine river sand is used as fine aggregate.
Table 1. Chemical composition of mineral slag and fly ash/wt%

Slag
Fly ash

CaO

SiO2

Al2 O3

Fe2 O3

MgO

Na2 O

K2 O

loss on ignition

43.10

32.26

14.69

2.06

6.19

−

−

0.97

5.51

48.54

28.35

6.37

2.42

3.01

3.90

0.96

Table 2. Chemical composition of water glass
Chemical composition (Oxide percentage) n(SiO2 )/n(Na2 O)
Na2 O/%

SiO2 /%

H2 O/%

7.96

26.1

66

3.3

pH

ρ/g·cm−3

13.1

1.47

2.2 Experimental Method and Instrument
According to the previous research [5], the optimal alkali-activator solution is used, of
which the content of water glass in alkaline activator solution is 40% to the total mass
of liquid, and the concentration of NaOH is 9mol/L, liquid binder ratio is 0.5. Sand
coarse aggregate ratio is 0.44. Oxide molar ratio (n(CaO):n(SiO2 + Al2 O3 )) is the main
research variable in this research, the value is selected as 0.7, 0.75, 08, 0.85, 0.9. The
mixing ratio of each group are shown in Table 3.
GRAC was prepared into cube samples with side lengths of 70 mm, 100 mm, 150 mm
and 200 mm. A total of 6 samples of each size and proportion were made, and a total
of 120 samples were tested. The compressive strength value and compressive strength
test instrument use the RGM-100A microcomputer-controlled universal testing machine
produced by Shenzhen Regal Instrument.
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Table 3. Mix ratio of GRAC/kg·m−3

Oxide molar ratio
n(CaO):
n(SiO2 ):
n(SiO2 + Al2 O3 ) n(Al2 O3 )

Slag Fly
ash

NaOH Water-glass Water Sand Recycled
-aggregate

0.7

3.36

393

172 88

113

170

847

1050

0.75

3.40

416

149 88

113

170

847

1050

0.8

3.44

441

124 88

113

170

847

1050

0.85

3.48

461

104 88

113

170

847

1050

0.9

3.53

482

83

113

170

847

1050

88

3 Results and Discussion
3.1 The Influence of Oxide Molar Ratio on Compressive Strength
Figure 1 presents compressive strength under different oxide molar ratio and size.It
can be observed that with the increasing of n(CaO):n(SiO2 + Al2 O3 ), the compressive
strength of GRAC shows a trend of increases at beginning and then decreases. According
to the research of J. L. Provis [6], geopolymers are divided into tow system: N-A-S-H
(low or no calcium, three-dimensional network structure) and C-A-S-H (high-calcium,
layered structure). The diagrammatic drawings of low-CaO and high-CaO structure are
shown in Fig. 2.
As n(CaO): n(SiO2 + Al2 O3 ) increased from 0.7 to 0.8, the structure of geopolymer
binder transfers from low-calcium system to high-calcium system. Moreover, according
to the research of Wang Qing [7], when the molar ratio exceeds 0.8, the CaO in the system
is saturated, then the strength is controlled by the molar ratio of n(SiO2 ):n(Al2 O3 ). For
C-A-S-H structure, as n(SiO2 ):n(Al2 O3 ) increases from 3 to 4, the strength decreases.
Becaease this process is converted from PSS type ([-Si-Al-Si-]) geopolymer to PSSS
type ([-Si-Al-Si-Si-]) geopolymer, and the structure of PSS-geopolymer is more dense
[8].
The law of the size of the test block on the compressive strength of GRAC is: f 100
> f 150 > f 200 > f 70 . The general rule is that the larger the side length of the cube
test block, the greater the compressive strength. However, the strength of GRAC cube
specimen with a side length of 70 mm does not conform to this law, and its compressive
strength is the lowest. This is because there are a great deal of original cracks in the
recycled aggregate, and as the size of the test block is close to the size of the aggregate,
the strength of the concrete will be affected by the cracks more significantly [9].
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(b) Low-CaO structure

n(CaO):n(SiO2+Al2O3)

Fig. 1. Compressive strength under different oxide
molar ratio and dimensions

Fig. 2. Low-CaO and High-CaO
structure of geopolymer

3.2 The Influence of Oxide Molar Ratio on Size Conversion Coefficient
Through the size conversion factor (α), compressive strength of non-standard test block
can be calculated by the standard specimen. The cube specimen with a side length of
150 mm is a standard specimen, and the conversion coefficients of other non-standard
samples are shown in Eqs. (1)–(3):
α70 = fcu,70 /fcu,150

(1)

α100 = fcu,100 /fcu,150

(2)

α200 = fcu,200 /fcu,150

(3)

Figure 3 shows effect of the oxide molar ratio on the size conversion coefficient.
It can be seen from Fig. 3 that there are only 2 test data is in the region of 0.95–1.05.
That indicates that the size conversion coefficient of GRAC cannot current adopt the
value form the national standard “Standard for Test Methods for Mechanical Properties
of Ordinary Concrete” GB/T50081, in which the value is 0.95 and 1.05 for samples
that size are 100 mm3 and 200 mm3 . In this paper, the mathematical equations of oxide
molar ratio (ε) and size conversion coefficient (α) are established by the linear fitting.
As shown in Fig. 4 and the results are as: a70 = 0.463 + 0.28ε, a100 = 1.016 + 0.12ε,
a200 = 0.966–0.04ε.
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1.3

y(α100)=0.12x+1.016

1.3
1.2

1.1

1.1

α

y(α200)=0.966-0.04x

α100(average value=1.11)

α

α=1.05
α=0.95

1.0

0.9

0.9

α70
α100
α200

α200(average value=0.93)

0.8

0.7
0.7

0.5

y(α70)=0.436+0.28x

α70(average value=0.66)

0.6

0.5
0.70

0.75

0.80

0.85

0.70

0.90

0.75

0.80

0.85

0.90

n(CaO):n(SiO2+Al2O3)

n(CaO):n(SiO2+Al2O3)

Fig. 3. Effect of the oxide molar ratio on
size conversion coefficient

Fig. 4. Fitting curve of the oxide mole ratio on
size conversion coefficient

3.3 Bazant Size Effect Fitting
GRAC is a kind of quasi-brittle material. The strain energy released by crack propagation
under load causes the existence of size effect. According to the size effect theory of
Bazant [10], the relationship between the nominal compressive strength of concrete and
the size D is shown in Eq. (4)
Db
)
(4)
D
In the equation, f ∞ is the nominal compressive strength of the infinite size of GRAC,
and Db is the effective thickness of the boundary layer cracking. After decomposition:
fN = f∞ (1 +

Db
(5)
D
As X=1/D, Y = fN , C = f∞ , A = f∞ × Db , then Eq. (5) can become a linear equation
as shown in Eq. (6)
f N = f∞ + f∞ ×

Y = AX + C

(6)

Table 4. Parameter calculation of the theoretical formula of the dimension effect
Oxide molar ratio
A
C
R2

0.70
28.1285
913.428
0.9722

0.75
29.9343
1069.714
0.9969

0.80
28.5871
2226.857
0.9994

0.85
27.8429
2027.1429
0.9989

0.90
31.2721
789.857
0.93372

X and Y can be directly calculated by the strength and the size of the specimen. Table
4 shows parameter calculation of the theoretical equation of the size effect. Through the
study of compressive strength and size effect degree (a), it is found that the data of
the 70 mm cube specimen does not conform to this law, so its data is not used in the
calculation.
Figure 5 presents the comparison diagram of measured strength values of cube specimen with different side lengths and the Bazant theoretical strength. It can be seen that
under different oxide molar ratio conditions, the measured strength values of compressive
strength are all on the theoretical curve, so Bazant theory can be used for GRAC.
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Fig. 5. Comparison diagram of the measured Fig. 6. Comparison diagram of dimensionless
strength value and the Bazant theoretical
strength and Bazant theoretical strength
strength

3.4 Critical Size and Critical Strength
None-dimensionalized the value of size effect of GRAC [10], shown in Eq. (7), in which
f150 is the measured strength of the GRAC in a cube specimen with a side length of
150 mm, and b is the undetermined coefficient of the equation. Then the undetermined
coefficients of none-dimensionalized of size effect of GRAC were be worked out by
regression analysis of Eq. (6), shown in Eq. (8). The comparison diagram of nonedimensionalized strength and Bazant theoretical strength is shown in Fig. 6,
f∞
b
fN
=
(1 + )
f150
f150
D
fN
44.8486
)
= 0.7623 × (1 +
f150
D

(7)
R2 = 0.85

(8)

It can be seen from Fig. 6 that as the side length of the cube specimen is 200 mm,
the data of each oxide molar ratio is close to the theoretical curve. The oxide molar ratio
of 0.8 is the demarcation point of the size effect change, and its compressive strength
is the highest, and the strength will be reduced if it is greater or less than the strength.
Therefore, a piece-wise function is used to fit the relationship between oxide molar
ratio (ε) and f ∞ /f 150 and Db . Figure 7 shows schematic diagram of the relationship
between the oxide molar ratio and f ∞ /f 150 and Db . Equations (9)–(12) are the fitting
curve equation.
When 0.7 ≤ ε ≤ 0.8:
f∞
= 2.24027−1.97934 × ε
f150

(9)

Db = −347.09643 + 531.1485 × ε

(10)

f∞
= −0.62015 + 1.59552 × ε
f150

(11)

Db = 431.98236−442.4970 × ε

(12)

When 0.8 ≤ ε ≤ 0.9:
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According to Eqs. (9) to Eq. (12), piece-wise function has higher applicability to
oxide mole ratio, and substitute it into Eq. (8). In summary, the predictive equation of
the nominal compressive strength of the size effect rate of the compressive strength of
GRAC can be obtained by the coupling effect of the size effect and the molar ratio of
oxides. As shown in Eq. (13) and Eq. (14).
When 0 ≤ ε ≤ 50%:
−347.09643 + 531.1485 × ε
fN
)
= 2.24027−1.97934 × ε × (1 +
f150
D

(13)

fN
431.98236−442.4970 × ε
)
= −0.62015 + 1.59552 × ε × (1 +
f150
D

(14)

According to Eq. (13) and Eq. (14), the critical strength characteristic value (f cr ) can
be calculated under the condition of different oxide molar ratios and the side length of the
specimen is infinite. Consider the scope of application of engineering size effect, when
the difference between the nominal compressive strength and the characteristic value
of the critical dimension is within 5%, the size of the specimen corresponding to the
nominal compressive strength can be considered as the critical dimension (Dcr ). Figure 8
presents relationship of the oxide molar ratio to the critical strength and the critical size. It
can be seen that as the molar ratio of oxide increases, its critical size gradually increases.
However, the critical strength reached its maximum value when the oxide molar ratio was
0.8.The prediction equations proposed by Eq. (13) and Eq. (14) have wider applicability
mainly reflected in two aspects: Considering effect of the amount of recycled aggregate
and the size effect coupling, so it has higher applicability. The use of dimensionless
methods has certain reference significance for predicting the compressive strength of
GRAC with other strength grades and oxide molar ratios.
31
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Dcr
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Fig. 7. Relation of the oxide molar ratio to
f ∞ /f 150 and Db
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Fig. 8. Relationship of the oxide molar ratio
to the critical strength and the critical size

4 Conclusions
The strength of GRAC increases first and then decreases with the increase in the molar
ratio of oxides, and reaches the maximum when n(CaO):n(SiO2 + Al2O3) = 0.8. The
law of compressive strength under specimen of different sizes is as follows: f 100 > f 150
> f 200 > f 70 .
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The size conversion coefficient α can be obtained by linear fitting to the relationship
between the oxide molar ratio ε.
The compressive strength of the cube specimen with side lengths of 200 mm, 150
mm and 100 mm are in line with Bazant’s theoretical curve of size effect. The nondimensional method can be used to obtain the prediction equation of the combined
effect of the compressive strength of GRAC with the oxide molar ratio and the size
effect. Finally, the critical size and critical strength values of GRAC under different
oxide molar ratios are obtained.
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Abstract. When determining the completion state of the main cable of a cableway bridge, although the catenary theory can accurately consider the nonlinear
mechanical effect of the cable, the iterative calculation is cumbersome and not
convenient for engineering applications. Although the calculation based on the
parabola theory is simple, the calculation accuracy for long cables is low. In this
paper, based on catenary theory and considering the calculation accuracy and
avoiding iterative calculation, a fast algorithm for the completion state of the main
cable of the wire rope cableway bridge is proposed. The results show that the
bridge state can be quickly and accurately determined by approximating the horizontal component of the cable tension and avoiding multiple iterative calculations.
The proposed algorithm can be used in engineering design and construction.
Keywords: Fast algorithm · Wire rope · Cable Bridge · Catenary theory ·
Parabola theory

1 Introduction
Cable bridges are essential transport channels that play an important role in water conservation, hydropower, emergency relief, and military fields. The main cable is the main
load-bearing component of the cable bridge, which is crucial for the stress state of the
entire structure. The main cable produces significant deformation under the stress state,
which directly affects the bridge shape and stress state of the structure. The completion
state of the main cable bridge directly determines the ideal completion state of the cable
bridge, which affects the safety of the cable bridge under dead load and live load. This
directly leads to the calculation of the bridge state of the main cable multiplied; therefore,
it is urgent to find a fast algorithm for the bridge state of the main cable of the wire rope
track bridge.
The construction control theory of conventional suspension bridges has been widely
used, and many studies have reported results on the calculations of the main cable [1–3].
Given the structural differences, these results cannot be directly applied when calculating
the main cables of cable bridges, and only a few studies have specifically investigated
cable bridges. The catenary theory curve was first studied in [4], and a solution method
was established. However, the catenary theory curve is a transcendental function that
is difficult to calculate. Accordingly, a parabola theory was proposed [5]. Using this
© The Author(s) 2022
G. Feng (Ed.): ICCE 2021, LNCE 213, pp. 525–531, 2022.
https://doi.org/10.1007/978-981-19-1260-3_48
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theory, the first two terms of the catenary curve expansion series were approximately
calculated, and the application scope of each theoretical method was described. In [6],
a hybrid finite element model combining a three-node quadratic curve element and a
straight beam element was proposed using the finite element method combined with
the structural characteristics of the cable bridge. This method ignores the influence of
high-order displacement and needs to be improved. In [7], a five-node curve element
was used to simulate the initial shape of the cable, and a high calculation accuracy was
achieved. However, for a suspension cable structure with a small sag, several degrees of
freedom need to be considered in the calculation, which increases the calculation cost.
In [8], the spline element method was used for the nonlinear analysis of cable bridges.
In [9], the algorithm of the main cable erection parameters of a cable bridge based on an
approximate analytical method was used, and the cable alignment of the main span was
parabolic. In [10], the initial cable shape of the cable bridge was considered to be catenary.
The catenary theory in this case it can be simulated well only by establishing the model of
the mid-span cable, and a large calculation cost is required to determine the cable shape
that meets various requirements through iterative trial calculation. Therefore, based
on the catenary theory and the basic principle of the stress-free state control method,
as well as considering the calculation accuracy and avoiding iterative calculation, this
study proposes a fast algorithm for calculating the completion state of wire rope cable
bridges.

2 Analytic Algorithm Theory
2.1 Catenary Cable Shape Theory
Because the main cable of the cableway bridge is fixed at both ends and suspended in
the middle span, the main cable conforms to the catenary clue shape without requiring
any external force. Therefore, the catenary clue shape theory can be used for analysis.
As shown in Fig. 1, assuming that the main cable is a completely flexible cable that
can only bear tension and cannot be bent, the balanced analysis of any micro-segment
can be performed as follows.
q
y

=− ,
H
1 + (y )2

(1)

where q is the weight per unit cable length, and H is the horizontal component of
cable tension, which is determined by the cable tension T.
T
H=
1 + (y )2

(2)

After obtaining the integral solution of formula (1) and considering the boundary
conditions (x = 0, y = 0) and (x = l, y = h), the catenary cable shape can be obtained
as follows.

H
q 
y=
cha − ch a − x
(3)
q
H
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Fig. 1. Schematic diagram of main cable


In the formula, the parameter a = arsh


qh

2H ·\sh

ql
2H



+

ql
2H

can be obtained by

integrating the length s of the catenary cable from Eq. (3) as follows.
1

1 + (y )2 dx

S=
0

=−

ql
H
sh
− a + cha
q
H

(4)

The elastic elongation S of the catenary due to cable tension T is given as follows.
 2 
H t
T
∫ 1 + y dx
ds =
EA 0
0 EA


H
H
2gl
=
l+
sh
− 2a + sh(2a)
2EA
2q
H
S

S = ∫

(5)

The unstressed cable length S0 can be calculated as follows.
S0 = S − S

(6)

From Eqs. (2) to (6), it can be seen that given the tension T of one end cable, the
horizontal component H and the cable shape y are coupled with each other. Thus, the
unstressed cable length S0 can be determined by iterative calculation. In the calculation,
the iterative parameter can be selected as the horizontal component force H, and its initial
iterative value H0 is often taken as the component force of the tower end cable tension
T along the chord line.
l
H0 = T · √
2
l + h2

(7)
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2.2 Parabolic Cable Shape Theory
The force and load of the cable bridge can be applied according to the span and bridge
width. Under the action of an external force, the external load of the main cable is equal
per linear meter in the span direction, which agrees with the parabola theory. Therefore,
the parabola thread shape theory can be used for the cable shape approximate analysis.
The approximate analytical algorithm assumes that the load and deformation of
several main cables of the cable bridge are uniform, and it is equivalent to a single cable
plane model, as shown in Fig. 1. It is assumed that the cable shape of the main span is
parabolic, and both ends are hinged at the theoretical intersection points A and B of the
main cable axis at the saddle. The influence of the horizontal dip angle and the sag of
the main cable of the anchor span was ignored, and a horizontal cable force was used
to replace the axial cable force of all sections of the anchor cable span and main span.
Based on the relationship between the mechanical balance and the physical properties
of the materials, according to the geometric conditions of equal cable suspension speed
of the whole cable for the same cable bridge under any two load conditions, a cubic
algebraic equation of horizontal cable force under the calculated load state is obtained.
Finally, the main cable shape is obtained from the obtained balance conditions of the
horizontal cable force and moment [11].
At present, after the cable bridge is completed, the deck alignment can only be
adjusted by removing the deck system components. The economical and ideal construction technology for main cable erection is as follows: initial suspension of empty cable,
linear measurement accuracy meets the requirements, the end of the steel cable is permanently anchored to the anchorage, S0 of the cable of the entire bridge is fixed immediately
and is unchanged in the subsequent construction process [12]. The actual blanking length
Sc includes the blanking length S0 of the steel cable and a certain operating length.
2.3 Fast Algorithm
According to the catenary cable shape given in Eq. (3), the cable slope of the tower end
can be obtained as follows.

⎡
⎤2


gh
ql
qh
ql

  · ch
  ⎦ · sh
− 1 + ⎣
(8)
y (0) = sha =
ql
ql
2H
2H
2H · sh 2H
2H · h 2H
By Eq. (8),
shx =

∞
n=0

x2n+1
(2n + 1)!

chx =

∞ x2n
.
n=0 2n!

(9)

It can be seen that, when (ql)/(2H) < 1, it is desirable.
h

ql
2H

≈

ql
2H

ch

ql
2H

≈1

(10)
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Equation (8) can be simplified as follows.

h2
h
y (0) = + 1 + 2 ·
l
l
Y in the tower ends are determined using
√
T2 − H2

y (0) =
.
H

ql
2H
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(11)

(12)

By combining Eqs. (11) and (12), the horizontal component H can be decomposed
as follows.
⎡
⎤
2
l
ql
qh
⎦
H = ·T ·⎣ 1−
−
(13)
l0
2T
2T
Equation (13) shows that, for a given cable tension T, the horizontal component
force h can be approximately solved, and the unstressed cable length S0 can be quickly
determined using Eq. (6) without iteration. According to the actual engineering situation,
in the approximate solution condition, (ql)/(2H) < 1, which can be met under most cable
tension levels. Therefore, the accuracy of this method can be easily guaranteed.

3 Real Bridge Verification
A wire rope cable bridge was used for comparative calculation and analysis. The geometric and material characteristics are as follows. The sag was 2.275 m, the span was
95 m, the area of the wire rope was 1568 mm2 , the density was 0.171 kN/m, the elastic
modulus was 1.10 × 105 MPa, and the external load was 3.5 kN/m2 .
By using the above three methods, the unstressed length of the main cable of the
wire rope cable bridge under different tension levels was calculated. The calculation
results are summarized in Table 1. For comparison, the errors in the latter two methods
are taken as the deviation values relative to the catenary theory.
According to the results in Table 1, the following conclusions can be drawn. 1) The
horizontal force H and cable length S obtained by the fast algorithm have certain errors
for the theoretical calculation results of the catenary; however, the horizontal force errors
are approximately 1‰, and the cable length errors are approximately 1%. 2) The error
of the fast algorithm results is less than that of the parabola theory. 3) Compared with
the parabolic theoretical error, the error of the fast algorithm decreased with an increase
in the cable force. 4) The absolute value of the H error calculated by the fast algorithm
was within 1 kN, and the error was within the acceptable range. 5) The recommended
methods for calculating the main cable alignment of cable bridges are the catenary and
parabola theories, and the performance of the fast algorithm is between them; therefore,
the calculation results are reliable. 6) The calculation results of the fast algorithms H
and S are in the range of the calculation results of the catenary and parabola theories
under different cable force conditions. The fast algorithm has high stability.
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Table 1. Calculation results

Working
condition

Empty cable
condition
Completed
state
Full load
condition

Results of
catenary theory

Results of parabolic
theoretical

Cable
force
/kN

H
/kN

S
/m

H
/k
N

Err
or

S
/m

Erro
r

H
/kN

Err
or

S
/m

Erro
r

610.4

603.79

94.987

628.37

621.72

94.443

752.96

744.77

94.466

60
4.7
62
2.5
74
5.8

1.52
‰
1.26
‰
1.38
‰

95.
47
95.
48
95.
49

5.04
‰
11.0
‰
10.8
7‰

604.
46
622.
25
745.
63

1.11
‰
0.85
‰
1.16
‰

95.
36
95.
37
95.
43

3.88
‰
9.77
‰
10.2
4‰

Results of fast algorithm

4 Conclusion
In this study, based on the catenary theory, the completion state of the main cable of
the cable bridge was quickly obtained through reasonable simplification, avoiding the
tedious process of the accurate catenary theoretical calculations. Compared with the
parabola theory, the calculation results were more accurate, and the error results were
within the acceptable range. Compared with the catenary theory, the fast algorithm had
a higher calculation speed and fewer iterations. Therefore, by approximately solving the
horizontal component of cable tension and avoiding multiple iterative calculations, the
fast algorithm can quickly determine the completed state of the main cable of the cable
bridge with high precision, which can be useful in engineering design and construction.

References
1. Wang, L.: Discussion on load acceptance test method of pedestrian cable and bridge. Sichuan
Cement 000(011), 86 (2017)
2. Liu, J.H.: Form-finding analysis of wind cable with stable cable based on subsection catenary
theory. Sichuan Build. Mater. 244(12), 46 (2020)
3. Wang, L., et al.: Calculation of main cable of pedestrian ropeway bridge and analysis of
completed state. Steel Struct. 034(002), 34 (2019)
4. Shan, S.D.: Engineering Cableway, p. 36. China Forestry Press, Beijing (2001)
5. Chen, Z.L., et al.: Study on practical dynamic characteristic table of suspension cable
engineering. Highw. Automob. Transp. (003), 03 (2007)
6. Qu, B.M., et al.: Cable-beam hybrid finite element model and its application in cable-bridge
analysis. Comput. Struct. Mech. Appl. 7(4), 8 (1990)
7. Dong, M., et al.: Nonlinear finite element analysis of tension structures. J. Comput. Mech.
14(3) (1997)
8. Yang, Y.P.: Spline calculation theory of cable bridge. Eng. Mech. 1(a01) (1999)
9. Zhou, Y.J., et al.: Load resistance analysis and test of cable bridge. J. PLA Univ. Sci. Technol.
(Nat. Sci. Edit.) 11(6) (2010)

Fast Algorithm for Completion State Calculating of Wire Rope Cable Bridge

531

10. Tian, Z.C., et al.: Determination of completed state and load test of temporary cable bridge.
J. Changsha Jiaotong Univ. (2005)
11. Zhou, X.N.: Engineering Cableway and Suspension Bridge. People’s Communications Press,
Waveland (2013)
12. Guo, X., et al.: Analysis method of Literature cable of self-anchored suspension bridge based
on segmental unstressed cable length of main cable. Highway 7 (2019)

Open Access This chapter is licensed under the terms of the Creative Commons Attribution 4.0
International License (http://creativecommons.org/licenses/by/4.0/), which permits use, sharing,
adaptation, distribution and reproduction in any medium or format, as long as you give appropriate
credit to the original author(s) and the source, provide a link to the Creative Commons license and
indicate if changes were made.
The images or other third party material in this chapter are included in the chapter’s Creative
Commons license, unless indicated otherwise in a credit line to the material. If material is not
included in the chapter’s Creative Commons license and your intended use is not permitted by
statutory regulation or exceeds the permitted use, you will need to obtain permission directly from
the copyright holder.

Effect of Grouting Defect Sleeve on Seismic
Performance of Concrete Column
Changjun Wang1 , Zhijian Zhao2 , Xiaonan Xu2 , Sen Pang1 , and Hongguang Zhu2(B)
1 Beijing Building Research Institute Co. Ltd of CSCEC, Beijing 100076, China
2 School of Mechanics and Civil Engineering, China University of Mining & Technology,

Beijing, China
Zhg@cumtb.edu.cn

Abstract. The development of assembly construction technology has become
an inevitable way for the transformation and upgrading of China’s construction
industry. However, in the development process, the grouting sleeve connection
quality problem is the most prominent. In this paper, ABAQUS model is used
to establish a concrete column model with grouting defects, and the influence
of grouting defects on the seismic performance of concrete columns is explored:
Under the condition of the same defect location and quantity, the larger the defect
size, the lower the bearing capacity, the worse the ductility, the weaker the energy
dissipation capacity; In the case that the number and size of defects are the same,
the positive and negative directions of the hysteresis curve are symmetric when the
defects are located in the direction of stress, and the energy dissipation capacity is
higher than that when all the defects are located on one side of the column section.
Keywords: Void defects · Mechanical properties · Concrete columns ·
Hysteresis loops · Abaqus

1 Introduction
The development of prefabricated building will become an inevitable way for the transformation and upgrading of the construction industry. However, in the process of development, assembly building also has its disadvantages, among which the grouting sleeve
connection quality problem is the most prominent [1]. The primary problem of precast concrete structures is the connection between precast components such as beams,
columns, plates and shear walls, which must be effectively integrated to ensure the safety,
ease of use and durability of the structure under various load conditions [2] 53/5000.
Andrea Belleri et al. [3] (2012) showed through experimental research that grout
steel sleeve is suitable for columnal-foundation connection in earthquake area. ZhengLu
et al. [4] (2017) studied the seismic performance of prefabricated concrete columns with
grouting sleeve joint. The test results show that the precast column has good energy
dissipation capacity and stiffness degradation is slower than the cast-in-place column,
and meets the requirements of interstorey displacement ratio during large earthquakes.
GuoshanXu et al. [5] (2017) found that the assembled concrete shear wall sample was
© The Author(s) 2022
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similar to the cast-in-place shear wall sample in terms of failure mode, interlayer displacement Angle, ultimate force, ductility and dissipated hysteretic energy. In this paper,
ABAQUS is used to conduct numerical simulation of prefabricated concrete columns
with defects under the action of low cyclic load, and the influence of size and location
of grouting defects on the seismic performance of prefabricated concrete columns is
analyzed.

2 Concrete Column Model
2.1 Column Size and Reinforcement
Figure 1 is the schematic diagram of this modeling model: The assembled concrete
column consists of three parts: concrete base, concrete column body and loading column
cap.

Fig. 1. Schematic diagram of size and
reinforcement of prefabricated concrete
column

Fig. 2. Control diagram of specimen loading
system

2.2 Loading System
Two loads are applied during the experiment: axial pressure and horizontal thrust. The
axial pressure belongs to the monotone static load and remains unchanged during the
test after it is applied. In this experiment, the design value of axial compression ratio is
0.3, and the design value of compressive strength of C35 commercial concrete is 16.7
mpa. Therefore, the axial pressure of the specimen was 801.6 kN. The axial pressure of
the specimen is loaded, and the axial force is slowly loaded to the predetermined design
value. Thereafter, the axial pressure is kept unchanged during the test. The loading
regime is shown in Fig. 2.
2.3 Specimen Number and Defect Setting
Four models are established this time. The defect Settings are shown in Table 1, and the
naming rules are shown in Table 2.
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Table 1. Defect settings
The first type (named 1)

The second type (named 2)

Note: black circle means full grouting, white circle means defects in grouting sleeve; Type 1 indicates that
only one side of the force direction has grouting defect; Type 2 indicates that there are grouting defects on
both sides of the section of the stressed directional column.

Table 2. Naming rules of specimens
Specimen

Defects

4d-D-1

The anchorage length of reinforcement is 4d, and the defect type is 1

5d-D-2

The anchorage length of reinforcement is 5d, and the defect type is 2

BM

No defects in grouting

3 Model
3.1 Reinforcing Steel Bar
The steel bar adopts an ideal elastic-plastic tripline model, in which the yield strength,
ultimate strength, yield platform length and ultimate strain of the steel bar are taken from
the Code for Design of Concrete Structures (GB50010-2010) [6].
3.2 Concrete
Concrete constitutive model adopts the concrete damage plastic model (CDP) of
ABAQUS. See the detailed introduction. It should be noted that although stirrups are
created in the finite element model in this paper, the Truss unit does not take into account
the tangential action between stirrups and concrete. Therefore, in order to consider the
restraint effect of stirrup on concrete in the core area of section, this paper adopts Mander constraint concrete constitutive model for concrete constrained by stirrup [7]. Peak
strain and peak stress are calculated using the formula suggested by Dr. Hu Qi [8] of
Tongji University.
3.3 Optimization of Grouting Sleeve in the Model
In this paper, the effect of grouting sleeve with end defects on seismic performance of
assembled concrete column is studied. The key is how to deal with grouting sleeve and
grouting defects. The former can not better simulate the mechanical behavior of the
defective sleeve from tension to compression through the spring element, and the latter
is easy to cause “over-constraint” and inconsistent with the actual force. Therefore, a
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more convenient and easy to operate method is adopted in this paper. The grouting sleeve
connecting steel specimens are treated as equivalent steel bars, and the grouting defects
are simulated by cutting off the corresponding steel bars.

4 Results Analysis
4.1 Seismic Performance of Concrete Columns with Different Anchorage
Lengths
(1) Load-displacement curve

(a) Hysteretic curve

(b) Skeleton curve

Fig. 3. Hysteresis curve and skeleton curve of BM, 4D-D-1 and 5D-D-1 specimens

Figure 3 shows the hysteretic curves and skeleton curves of BM, 4D-D-1 and 5DD-1 specimens. By comparison, it is found that the bearing capacity of the positive and
negative directions decreases when the grouting defects are located only on the side of
the section of the stressed direction column, and the bearing capacity of the side with
grouting defects decreases more obviously than when the grouting is full. The larger
the defect is, the smaller the anchorage length is, the lower the bearing capacity is and
the more obvious the stiffness degradation is. Table 3 lists the bearing capacity of each
specimen at the characteristic point.
(2) Ductility and deformation performance analysis
In this study, displacement ductility coefficient is expressed, which is defined as
the ratio of the ultimate failure point displacement f of the specimen to the yield
displacement y of the specimen.inflection point method is adopted for yield point and
85% peak load method is adopted for limit point.
It can be seen from Table 4 that the positive direction of each specimen is dense,
and the yield point, limit point displacement and ductility coefficient are close. In the
negative direction, the limit displacement and displacement ductility coefficient decrease
due to grouting defects.
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Table 3. Bearing capacity information of each specimen

Specimen

Peak load /kN

Ultimate load /kN

Containing no
defects (Positive
direction)

Containing defects Containing no
(Negative direction) defects (Positive
direction)

Containing defects
(Negative direction)

BM

154.90

−159.95

131.67

−135.96

4d-D-1

142.27

−137.11

120.93

−116.54

5d-D-1

141.70

−145.50

120.44

−123.68

Note: The ultimate load is 85% of peak load

Table 4. Ductility information of each specimen
Specimen

Yield point
displacement/mm

Limit point
displacement/mm

Displacement ductility
coefficient

Positive
direction

Negative
direction

Positive
direction

Negative
direction

Positive
direction

Negative
direction

BM

5.94

−5.2

46

−44.31

7.74

8.52

4d-D-1

5.94

−5.04

47.27

−26.95

7.96

5.35

5d-D-1

6.2

−5.62

50.20

−29.52

8.1

5.25

(3) Energy dissipation capacity analysis
Figure 4 shows the relationship between energy dissipation and displacement of prefabricated concrete column specimens connected with grouting sleeve under the condition of end defects of different anchoring lengths. It can be seen from the Fig. 4 that the
energy dissipation of concrete specimens increases gradually with the increase of displacement. In the horizontal displacement is small, when the graph is less than or equal
to 40 mm, basic no grouting defects of energy dissipation of the specimens, even stronger
than when grouting full energy dissipation ability, but when more than 40 mm, namely,
with the increase of horizontal displacement concrete column is affected by grouting
defects is more and more big, the filling defect, the greater the energy dissipation of the
specimens.
4.2 Effect of Different Defect Locations on Seismic Performance of Concrete
Columns
(1) Load-displacement curve
Figure 5 shows the hysteresis curves and skeleton curves of 5D-D-1 and 5D-D-2
specimens. It can be seen from the Fig. 5 that the location of grouting defects has a
certain influence on the seismic performance of concrete columns when the number and
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Fig. 4. Energy dissipation curves of 4D-D-1 and 5D-D-2 specimens

(a) Hysteretic curve

(b) Skeleton curve

Fig. 5. Hysteresis curve and skeleton curve of 5D-D-1 and 5D-D-2 specimens

size of defects are the same. The positive and negative directions of the hysteretic curves
are symmetric when the grouting defects are found on both sides of the stress direction.
Table 5 lists the bearing capacity of each specimen at the characteristic point.
Table 5. Bearing capacity information of each specimen
Specimen

Peak load /kN

Ultimate load /kN

(Positive direction)

(Negative
direction)

(Positive direction)

(Negative
direction)

5D-D-1

141.70

−145.50

120.44

−123.68

5D-D-1

144.69

−151.96

122.99

−129.17

Note: The ultimate load is 85% of peak load
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(1) Ductility and deformation performance analysis

Table 6. Ductility information of each specimen
Specimen

Yield point displacement
/mm

Limit point displacement Displacement ductility
/mm
coefficient

(Positive
direction)

(Negative
direction)

(Positive
direction)

(Negative
direction)

(Positive
direction)

(Negative
direction)

5d-D-1

6.2

−5.62

50.20

−29.52

8.1

5.25

5d-D-2

6.2

−6.22

41.73

−40.11

6.73

6.45

As can be seen from Table 6, when the number and size of defects are the same, for
a certain side of the column section in the stress direction, when the number of grouting
defects on this side is larger, the displacement ductility coefficient of this side is smaller
and the ductility is worse.
(3) Energy dissipation capacity analysis
Figure 6 shows the relationship between energy dissipation and displacement of
prefabricated concrete column specimens connected with grouting sleeve at different
positions with the same defects. The Fig. 6 shows that when the horizontal displacement
is less than or equal to 40 mm, for the same displacement, flaws in the column on both
sides of the energy dissipation ability is slightlyless than a full energy dissipation along
the side of the column, when more than 40 mm, with the increase of the horizontal
displacement, the defects in the column on both sides of the energy dissipation capacity
will gradually all energy dissipation along the side of the column above defects. It can
be seen that all the defects on one side of the column are more unfavorable to the seismic
performance of the prefabricated concrete column.

Fig. 6. Energy dissipation curves of 5D-D-1 and 5D-D-2 specimens
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5 Conclusion
In this chapter, ABAQUS finite element software is used to simulate the influence of
different defect sizes and positions on the seismic performance of concrete columns, and
the main conclusions are as follows:
(1) In the case of the same defect location and number, the larger the defect size, the
lower the bearing capacity, the more obvious the stiffness degradation, the smaller
the displacement ductility coefficient, the worse the ductility, the weaker the energy
dissipation capacity;
(2) In the case that the number and size of defects are the same, when the defect position
is symmetric in the force direction, the hysteresis curve is symmetric in the positive
and negative directions, and its energy dissipation capacity is higher than that of
the defect located on one side of the column section Force.
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Abstract. With the increasing demand for infrastructure construction as the
global economy progresses, the need for exploration and utilization of deep underground space becomes more crucial. Microseismic (MS) monitoring technology
has been widely used in deep underground tunnel projects for safety monitoring
in China in recent years. In this paper, four aspects of MS monitoring technology
developments, i.e. distribution of projects, environment and system characteristic,
purpose, and effect of MS monitoring in deep tunnel projects in China were analyzed and summarized. The results show that the technology was mainly applied in
the west of China with a wide range of project types. The maximum buried depth
of the tunnels monitored reached 2525 m. The tunnel construction method was
mainly drilling and blasting method. The lithologies of the tunnels were mainly
marble, granite and basalt. The monitoring purpose was for disaster warning and
mechanism understanding. In addition, the future development of MS monitoring
technology in deep tunnels in China is prospected. The results will be helpful for
a rapid development of MS monitoring technology in deep tunnels in China.
Keywords: Tunnel · Microseismic Monitoring · Deep · Development · China

1 Introduction
With the rapid development of underground engineering, various deep underground
projects are planned, are under construction, and have been built. Microseismic (MS)
monitoring technology has been widely used in deep tunnel engineering for safety monitoring as a geophysical and seismic-based method, and has achieved a series of helpful
results. The MS wave signal associated with rockmass fracturing can be captured by MS
sensors in spatial. Then, the MS wave signal can be systematic analyzed and information such as the time, location and energy of the fracture can be obtained. Therewith,
the stability and its development trend of rockmass can be judged based on the information [1]. MS monitoring technology originated in the US rock explosion research of
© The Author(s) 2022
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deep mines in the early 20th century. However, because the technology was not mature
enough at that time, the research did not achieve satisfying results. The technology was
first put into use officially by South Africa in the 1960s. South Africa successfully used
the technology to monitor the microseismicity in deep gold mining, and the stability of
rockmass was judged based on the microseismicity monitored. Later, the MS monitoring
technology was widely used as an emerging rockmass stability monitoring method in
the fields such as tunnels, slopes and mines in developed countries. In 2004, China introduced the ISS MS monitoring system from South Africa, and a MS monitoring system
in Dongguashan copper mine was established [2]. In 2010, Chen et al. [3] introduced
the MS monitoring technology to the deep TBM tunnel in hydropower engineering for
rockburst monitoring in China. In 2015, A MS method for quantitative warning of rockburst development processes in deep tunnel was first proposed by Feng et al. [4]. And
the MS method has been successfully applied to rockburst warning in deep tunnels at
the Jinping II hydropower project.
In recent years, with the development of science and technology, MS monitoring
technology realized informatization, automation and intelligence, which has been widely
used in deep tunnels in China with a series of helpful results [5–19]. In order to understand
the developments of MS monitoring technology in deep tunnels in China, four aspects,
i.e. distribution of projects, environment and system characteristic, purpose, and effect of
MS monitoring in deep tunnels in China were analyzed and summarized. In addition, the
future development direction of MS technology in deep tunnel engineering is prospected.
The results will be helpful for a rapid development of MS monitoring technology in deep
tunnel in China.

2 Distribution Characteristic of Tunnel Projects with MS
Monitoring
In order to understand the distribution of tunnel projects with MS monitoring, the literature in the past decade related to tunnel projects with MS monitoring was investigated,
and then, the related information, i.e. project name, project region, application time and
project type, were counted. Distribution of several tunnel projects with MS monitoring
is shown in Table 1.
According to the statistics in Table 1, we can see that MS monitoring technology has
been widely used in deep tunnel projects in China in the past decade, and the projects
were mainly distributed in western China. The area was mainly concentrated in Sichuan
Province and there were several projects in Tibet and Xinjiang. This is mainly because
the terrain characteristics of China. The western region is with a lot of mountains,
high altitude, and rich water conservancy resources. As an effective and mature mean
of rockmass stability monitoring technology, MS monitoring technology was mainly
applied in water conservancy and hydropower project, traffic project, and laboratory.
The application types of projects were comprehensive.
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Table 1. Distribution of several tunnel projects with MS monitoring
No.

Project

Area

Start time (year)

Project type

1#

Diversion tunnel of
Baihetan
hydropower station

Jinsha river

2013

Water conservancy
and hydropower
project

2#

Duoxiongla tunnel

Tibet autonomous
region

2016

Traffic project

3#

Headrace and
drainage tunnels of
Jinping II
hydropower station

Sichuan province

2010

Water conservancy
and hydropower
project

4#

Bayu tunnel

Tibet autonomous
region

2017

Traffic project

5#

China Jinping
underground
laboratory phase II

Sichuan province

2015

Laboratory

6#

Micangshan road
tunnel

Sichuan-Shaanxi
junction

2017

Traffic project

7#

Qinling section of
Han-Ji-Wei project

Shaanxi province

2016

Water conservancy
and hydropower
project

8#

Underground
powerhouse of
Shuangjiangkou
hydropower station

Sichuan province

2018

Water conservancy
and hydropower
project

9#

Water tunnel of
Xinjiang ABH
project

Xinjiang autonomous
region

2019

Water conservancy
and hydropower
project

3 Environment and System Characteristic of MS Monitoring
Furthermore, based on the analysis of the literature related to tunnel project with MS
monitoring in the past decade, the maximum buried depth, lithology, construction method
and monitoring system of the tunnel projects with MS monitoring were counted. And the
environment and system characteristic of MS monitoring were obtained. The statistical
results are shown in Table 2. The projects corresponding to the serial numbers in Table
2 are consistent with those described in Table 1.
According to the statistics of Table 2, the MS monitoring system applied in deep
tunnel projects in China at present mainly includes ISS, IMS, ESG and SSS. The IMS
is a new generation product of ISS. With the development of deep tunnel projects, the
maximum buried depth with MS monitoring reached 2525 m. And most of the buried
depth was deeper than 2000 m (Fig. 1). MS monitoring technology can be applied to
a variety of lithologies, including basalt, marble, diorite, schist, gneiss, mudstone and
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Table 2. Environment and system characteristic of MS monitoring

No.

Maximum buried
depth (m)

Lithology

Construction
method

Monitoring system

1#

395

Basalt

Drilling and
blasting(D&B)

ISS

2#

832

Schist, gneiss

TBM

ESG

3#

2525

Marble

TBM; D&B

ISS; ESG

4#

2080

Granite

D&B

SSS; IMS

5#

2400

Marble

D&B

SSS; IMS

6#

1070

Quartz diorite

D&B

ESG

7#

2012

Quartzite,
granite, diorite

TBM; D&B

ESG

8#

500

Granite

D&B

ESG

9#

2253

Siltstone,
metamorphic
mudstone

TBM; D&B

SSS; IMS; ESG

granite, in which marble and granite were the most ones. The tunnel construction methods
were TBM and D&B methods, among which the D&B method was in the majority.

Maximum buried depth (m)

3000
2500
2000
1500
1000
500

0

1#

2#

3#

4#

5#
6#
Project No.

7#

8#

9#

Fig. 1. Maximum buried depth for tunnel with MS monitoring

4 Purpose of MS Monitoring in Deep Tunnel
Furthermore, statistical analysis was made on the purposes of MS monitoring applied
in the above tunnel projects. The statistical results are shown in Table 3. The projects
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corresponding to the serial numbers in Table 3 are consistent with those described in
Table 1. As can be seen from Table 3, the purpose of MS monitoring technology applied
in the deep tunnel projects in China was mainly for disaster warning, as well as the
disaster mechanism understanding.
Table 3. Main purposes of MS monitoring in deep tunnel
No.
Disaster early warning
Disaster mechanism understanding

1#
√

2#
√

3#
√

4#
√

5#
√

6#
√

7#
√

8#
√

9#
√

√

√

√

√

√

√

√

√

√

5 Effect of MS Monitoring in Deep Tunnel: Case Study
5.1 Case 1: The Deep Tunnels in Jinping II Hydropower Project
Jinping II hydropower project was located on the Yalong River, Sichuan Province in
southwestern China. The project and MS monitoring information have been described
in detail by the references [4, 5] and [10]. A microseismicity-based method of rockburst
quantitative warning in the deep tunnels was proposed to warn of the rockburst risk. The
method was shown in Fig. 2. During the continuous MS monitoring activity, there were
no serious rockburst casualties. The safety and construction schedule of the tunnels were
ensured.

Fig. 2. Flowchart for quantitative warning of rockburst in deep tunnel using microseismicity [4]

5.2 Case 2: The Deep Tunnels in Baihetan Hydropower Station
The dam area of Baihetan hydropower station was a mountain canyon landform, and the
rockmass along the diversion tunnels in this project was monoclinal rock with medium
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to high geostress. The columnar jointed basalt developed in the project was generally
dark gray or gray, and the rock blocks were mostly columnar mosaic structure. MS
monitoring technology was utilized during the excavation of columnar jointed basalt in
the deep tunnels. The monitoring results provides a helpful understanding and suggestion
for the application of MS monitoring technology, reasonable excavation and supporting
design for the tunnels in the similar rockmass with columnar joint sets. Some results are
shown in Fig. 3 [13].

The number of MS events

Area III Area II

Area I
The number of MS events
Log-logistic(3P)

Distance between MS events and working face (m)
Excavation direction

Fig. 3. Statistical distribution of MS events in spatial [13]

6 Conclusions
MS monitoring technology has achieved unprecedented development with a series of
helpful results in deep tunnel projects in China. The technology was mainly applied in
the western region of China, and the project distribution was mainly concentrated in
Sichuan Province, and partly in Tibet and Xinjiang. It has been used in a wide range of
project types, covering many fields such as water resources and hydropower engineering,
transportation engineering and laboratory. The maximum buried depth of the projects
reached a maximum of 2525 m and most of the buried depth was deeper than 2000
m. There were many types of MS monitoring systems used, i.e. IMS, ESG, ISS and
SSS. The construction methods related were TBM and D&B methods, among which the
D&B method was in the majority. And the lithologies of the projects were mainly marble
and granite. The monitoring purposes were mainlyfor disaster warning and mechanism
understanding. And the technology has been successfully used in a lot of deep tunnels
in China.
The tunnel project is becoming deeper and deeper and with a more complex geological environment. Therewith, the type of disasters under high stress in deep tunnel
and their mechanism are becoming complex. Therefore, a higher requirement for the
performance and analysis method of the MS monitoring technology is required. The
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improvement of the performance of MS monitoring system, the optimization of the
monitoring scheme, and the precision and efficiency of MS data analysis will be several
key research directions in the future. The other one key research direction is the MS based
disaster analysis technology, such as big data analysis on the large number of MS monitoring data, deeper understanding of disaster development process and establishment of
a more accurate MS based early warning method for disaster.
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